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CHAPrER 1 
INTRODUCITON 
1.1 Objectives of Study 
The magnitude 8.1 earthquake that shook Mexico City on 19 September 1985 was a tragic 
event which took thousands of lives and destroyed several hundred buildings located within the 
central metropolitan district of the city, many of which were designed in accordance with modem 
seismic codes similar to those used in the United States. Much research, including this study, has 
been performed in the aftermath of this earthquake in an attempt to forward the science of 
earthquake hazard mitigation. Some of this research has been published by EERI in three volumes 
of Earthqualce Spectra dedicated to the 1985 Mexico Earthquake (1987a, 1987b and 1988a). 
The study presented herein evaluates the performance of two buildings located within the soft 
soil zone of Mexico City. The first of these, the Durango building, is a twelve-story RC frame 
structure having deep spandrel beams along its transverse exterior facade (see photograph in Fig. 
1.1), and the second, the Park Espana building, is an irregular ten-story RC frame structure having 
a waffle slab floor system (see photographs in Fig. 1.2). Both buildings were severely damaged 
during the 14 March 1979 Mexico earthquake. Following the 1979 earthquake, both buildings were 
repaired and retrofit with steel bracing systems and RC h"lfill walls. Both buildings sustained 
little-ta-no damage during the stronger 1985 Mexico earthquake. 
The first objective of this study is to determine why the Durango building and the Park Espana 
building experienced minimal structural damage during the 1985 earthquake despite the fact that 
they were located within the most highly damaged part of the city and categorically fit the 
description of buildings experiencing the greatest occurrence of failure. Borja et a1. (1987) reported 
that the types of buildings experiencing the greatest occurrence of failure in downtown Mexico City 
were RC frame structures, 6-15 stories high with either waffle slab floor systems and/or deep 
spandrel beam facades. 
The second objective is to examine and document the influence of the two steel bracing 
schemes on the performance of the Durango and Park Espana buildings. Because the retrofit 
systems were the only features which differentiated the two buildings from those which experienced 
the greatest amounts of damage and in many cases collapse, the retrofit systems were believed to be 
responsible for the performance of the two buildings during the 1985 earthquake. 
The third objective is to gain enhanced understanding of the building performances and the 
complex interaction which occurs between the steel bracing systems and the original RC structures. 
An innate difference in behavior exists between the steel bracing systems and the original RC frame 
structures. Practical information on the design of these systems is presented. 
The fourth objective is to evaluate the ability of modem analytical techniques to predict the 
observed damages to the buildings during the 1979 and 1985 earthquakes. Various models of the 
buildings and of the earthquake ground motions anticipated at the sites are used for this purpose. 
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To summarize, the objectives of this study were four-fold: (1) to determine why the Durango 
and Park Espana buildings performed well, (2) to examine and document the influence of the two 
steel bracing schemes on the performance of the Durango and Park Espana buildings, (3) to gain 
enhanced understanding of the building performances and the complex interaction which occurs 
between the steel bracing systems and the original RC structures, and (4) to evaluate the ability of 
modem analytical techniques to predict observed seismic damage. 
1.1 Motivation for Study 
There are a number of seismically deficient RC buildings in high risk earthquake areas around 
the world. These buildings rely upon lateral load resisting systems which fail to comply with the 
current building codes. If left unattended, they represent serious hazards to their occupants and 
potentially large economic losses to their owners. Three basic alternatives exist for these buildings. 
They can be retrofitted (strengthened, stiffened and/or toughened), demolished and rebuilt, or the 
owners can accept the present levels of risk, provided they at least meet life-safety levels of 
resistance. 
Because V.S. building codes currently do not include design provisions for the strengthening of 
seismically deficient RC buildings (Jones and Jirsa, 1986), current retrofit designs are dependent 
upon the experience and judgment of the design engineer, with design success being judged after the 
fact (Poland and Malley, 1986). The development of design guidelines for improving the seismic 
capacity of these buildings in the form of codes and standard practical techniques would benefit 
both the practicing engineer and the general public. 
The development of design standards requires experimental research and case studies of 
buildings which have undergone successful or unsuccessful retrofit. However, few retrofit buildings 
have been subjected to the levels of dynamic excitation for which they were designed. 
Consequently, research on retrofit techniques has been limited primarily to the testing of members, 
subassemblies, and scale model frame structures. Of these, only the large-scale models provide 
appreciable information on the effects that construction techniques and connection detailing 
between new and old elements can have on the overall response of a strengthened structure (Jones 
and Jirsa, 1986). Foremost in the testing of scale model frame structures are the Japanese. 
However, only a few of their test frames have incorporated steel members into the strengthening 
schemes. Sugano conducted tests on one-third scale, 1-bay, 1-story RC frames strengthened with 
either compression or tension diagonal steel braces (Sugano and Fujimura, 1980) while Higashi 
tested one-third scale, 1-bay, 1-story and 1-bay, 3-story RC frames strengthened with either steel 
K-braces, frames or trusses (Higashi et al., 1980; Higashi et al., 1984). More recently, in the V.S., 
Jirsa tested a two-third scale, 2-bay, 2-story RC frame strengthened with an exposed diagonal steel 
bracing scheme (Jones and Jirsa, 1986). These tests revealed that RC frames retrofit with steel 
braces have increased strength and ductility, and that connection detailing has an obvious effect on 
hysteretic response. 
The two buildings under study have withstood design levels of excitation following retrofit and 
provide a unique opportunity to examine the performance of actual retrofit designs and to learn 
from experience. The overall study provides a documented case study to be used by those seeking to 
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develop retrofit design standards and by those considering the use of similar steel bracing systems in 
their retrofit designs. 
1.3 Scope or Study 
This report contains the results of experimental and analytical studies conducted to assess the 
contributions of the retrofit systems to the performances fo the Durango and Park Espana buildings 
during the 1985 earthquake. Experimental information was gained from the forced vibration tests 
(FVT) and geotechnical site investigations conducted following the 1985 earthquake. The forced 
VIbration tests provided pertinent information on the vibrational characteristics (natural 
frequencies, mode shapes and damping values), story shear distribution and soil-structure 
interaction exhibited by each building following the 1985 earthquake. The experimental 
information was used to refine 3D analytical models originally developed from the design drawings. 
The resulting analytical models account for foundation effects. The refined analytical models were 
used to perform analytical studies that yielded estimates of displacements, base shears, overturning 
moments, and individual structural member responses to simultaneously applied, orthogonal 
earthquake records. The ground motions used in these studies were developed using SHAKE 
(Schnabel et aI., 1972) and were deemed to be site-specific. 
Chapter 2 presents descriptions of each building and its underlying soil conditions, and provides 
detailed information about the retrofit systems for both buildings. The damages resulting from the 
1979 and 1985 eanbquakes are also described. 
Chapter 3 descnbes the instrumentation, testing procedures and data reduction processes used 
to conduct the forced vibration tests. The general testing procedures, as applicable to both 
buildings, are described in detail, while only anomalies from the norm are discussed in depth for 
each building. 
Chapter 4 presenu the results of the forced vibration tests for the Durango building, along with a 
description of the refined anaJytical model developed from these results. A comparison between the 
analytical and measured vibrational characteristics is also made and the results of several modal 
analyses conducted for the refined building model are presented. 
Chapter S prnenu the results of the forced vibration tests for the Park Espana building, along 
with a deSCtipUOn of the refined analytical model developed from these results. A comparison 
between the anaJyuul a.nd measured vibrational characteristics is also made and the results of 
several mcxhl an&tY1lh conducted for the refined building model are presented. 
Chapter 6 ~ the response history analysis procedure used to estimate response and the 
procedure used \0 a .... possible overstress in the columns. 
Chapter 7 ~ the IfOUfid motions used as base motions in the dynamic analyses. Because 
no records exist for enhcr unhquake for either building site, the ground motions at L~e Durango 
and Park Espana sites were estimated from the accelerograms recorded at other sites in Mexico 
City. The program SHAKE (Schnable et aI, 1972) was used to perform the one-dimensional 
ground response analysis necessary to determine the site-specific ground motions. 
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Chapter 8 presents the results of numerous dynamic analyses conducted for the Durango 
building, the first of which were performed to assess the effects of the retrofit system on the 
performance, estimated base shear strength and foundation flexibility of the Durango building. A 
comparison of the response quantities determined using the approximate response spectrum 
method and the response history method then follows. And finally, the results of several response 
history analyses performed to further assess the validity of the analytical model are presented. For 
these analyses, the predicted damages are compared to those observed following the 1979 and 1985 
earthquakes. The parameters varied in this set of response history analyses are overall system 
stiffness, damping, and ground motion. 
Chapter 9 presents the results of numerous dynamic analyses conducted for the Park Espana 
building, the first of which were performed to assess the effects of the retrofit system on the 
performance, estimated base shear strength, pounding potential, and foundation flexibility of the 
Park Espana building. A comparison of the response quantities determined using the approximate 
response spectrum method and the response history method then follows. And finally, the results of 
several response history analyses performed to further assess the validity of the analytical model are 
presented. For these analyses, the predicted damages are compared to those observed following the 
1979 an.d 1985 earthquakes. The parameters varied in this set of response history analyses are 
overall system stiffness, damping, degree of foundation flexibility, column stiffness and ground 
motion. 
A summary of the results and conclusions derived from this study are presented in Chapter 10. 
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CHAPrER 2 
DESCRIPTION OF BUILDINGS, 
EARTHQUAKE DAMAGES, AND REfROFIT SYSTEMS 
1.1 Introduction 
The two reinforced concrete buildings considered in this study are located in the soft soil zone 
of Mexico City. Both buildings experienced extensive damage during the 14 March 1979 Mexico 
earthquake (Ms = 7.6), and were repaired and retrofit with steel bracing systems and reinforced 
concrete infill walls prior to the 19 September 1985 earthquake (Ms = 8. 1). During the 1985 
earthquake, the buildings incurred little-to-no structural damage even though they were located in 
the most highly damaged part of the city and categorically fit the description of the buildings which 
experienced the greatest occurrence of collapse (Borja, et al. 1987). Presented in this chapter are 
descriptions of each building and its underlying soil conditions, the damages resulting from the 1979 
earthquake, the necessary repairs and the retrofit system, and the damages resulting from the 1985 
earthquake. The Durango building is addressed first, followed by the Park Espana building. 
1.1 The Durango Building 
2.2.1 Building Description 
The Durango building, designed in 1972, is located in the soft soil zone of Mexico City, in the 
heart of the region most heavily damaged during the 19 September 1985 earthquake (Fig. 2.1). The 
twelve-story reinforced concrete frame building measures 11.90 m x 20.90 m in plan and stands 
36.40 m above the foundation level, penthouse excluded. The structural plans for the building 
specify a concrete compressive strength (!c') of 24.5 MPa (3550 psi) and a reinforcement yield 
strength (F,) of 413.7 MPa (60 ksi). However, the as-built material properties and reinforcement 
details are unknown. A typical floor plan for the building is shown in Fig. 2.2, and an elevation view 
of Frame 5 prior to retrofit is shown in Fig. 2.3. As indicated in Fig. 2.3, the building has a basement 
below grade, a PB (planta baja or ground floor) level just above grade, and a typical story height of 
3.05 m. 
The lateral forces in the original structure were resisted by moment-resisting frames in both 
directions, Frames 1 through 5 in the EW direction and Frames A and C in the NS direction. 
Frames 2 through 4 are identical LTl tiimen..sion and are characterized by haunched beams as shown 
in Fig. 2.4. Frames 1 and 5 have only two columns each and are identical to each other except that 
the beam at the PB level is omitted from Frame 1 to provide access for a driveway. Deep spandrel 
beams form part of the facade in Frames 1 and 5 (Fig. 2.3). These beams shorten the effective 
column lengths of Frames 1 and 5, making the frames considerably stiffer than Frames 2 through 4 
and stiffer than assumed in the original design. Frames A and C are identical. Frame B is similar in 
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appearance to Frames A and C except for the exterior column omitted at each end of Frame B. 
However, Frame B does not participate in the latera1load-carrying system for the NS direction as 
the floor slab is not connected to the columns of Frame B in such a way that moment can be 
transferred between the slab and the column. 
In order to save on building materials, the exterior columns of Frames 1 through 5 are tapered 
continuously throughout the height of the building and the interior columns of Frames 2 through 4 
are reduced in size by steps at several floors (Fig. 2.5). Increased separation between the upper 
floors of the Durango building and its neighbors is also achieved by tapering the exterior columns of 
Frames 1 through 5. The column layout for the typical floor plan is shown in Fig. 2.2. The 
reinforcement patterns for the various column cross-sectional types are shown in Fig. 2.6. The size 
and spacing of the reinforcement specified for each column for each story level are listed in Table 
2.1. As can be observed from this table, the specified longitudinal reinforcement is gradually 
reduced throughout the height of the building. Figure 2.7 shows the properties of the individual 
columns at the basement level, and illustrates how Table 2.1, along with Figs. 2.2 and 2.5, can be 
used to detennine the column dimensions and reinforcement. 
A plan view of the floor system of the Durango building is shown in Fig. 2.8. The concrete slab is 
50 mm thick. One-way joists running in the NS direction carry the floor loads. These joists (Fig. 
2.9) have an overall depth of 300 mm, a web thickness of 100 mm, are reinforced, and are 
supported by beams running in the EW direction. The beams running in the EW direction are of two 
types: deep spandrel beams along Frames 1 and 5 and haunched beams along Frames 2 through 4. 
Figures 2.10 and 2.11 provide details of these EW beams. The beams running in the NS direction 
exist only along Frames A and C, and Fig. 2.12 provides details of these edge beams. Four layers of 
reinforcement. Asl. A s2. As3 and A s4, and the locations at which plastic moment capacities were 
computed. MI. M2. etc .• are denoted in each beam detail. The amount of rebar specified for each 
layer of reinforcement at the plastic moment locations and the computed moment capacities are 
listed by frame in four tables. A separate table exists for Frame 3 (as opposed to Frames 2 and 4) 
because. althouJh the haunched beams of the three interior transverse frames are of the same 
dimension. the amount of reinforcement specified for the haunched beams of Frame 3 differs from 
that specified for Frames 2 and 4. Because all beams above the foundation level were cast 
monolithi~Uy wtth the slab, an effective flange, as defined by ACI 318M-83, was included in the 
beam sectJon an.atyzed for positive bending plastic moment capacity. Reinforcement details for the 
haunched beams of Frames 2 and 4, the haunched beams of Frame 3, the spandrel beams of 
Frames 1 and S. and the edge beams of Frames A and C are listed in Tables 2.2, 2.3, 2.4 and 2.5, 
respectively 
U rln1llforced. boiled red clay masonry infill walls in Frames A and C enclose the building along 
the east and WC'c prnpheries. These walls, although 150 nun thick, contribute little stiffness or 
stren~ .. l) to ~ bw.!dl."tl as the maso!u'Y used is a very soft material. havi_llg a Young's modulus of 
elasticity about ~. S ~ of that for concrete. Gaps filled with celotex plates were provided along the 
sides and alon, the lop of each infill wall in order to isolate the very stiff, but weak, masonry infill 
walls from the buildmg frame. Along the north and south peripheries, Frames 1 and 5, windows fill 
the expanse between the deep spandrel beams of each floor. During analysis, the masonry infill 
walls of the east and west peripheries were assumed to participate with Frames C and A in resisting 
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seismic forces, respectively. Their contribution to the overall stiffness of the structure, however, 
proved to be minimal. 
The foundation of the Durango building is a rigid, voided mat 2.12 m thick. As shown in Fig. 
2.13, stiffening rib beams 400-mm wide are provided along all column lines. These rib beams 
interconnect the 300-mm thick foundation slab to the 120-mm thick basement slab creating an 
integral unit. Fony-two concrete friction piles 450 mrn in diameter and 25 m in length support the 
foundation mat. A geotechnical investigation conducted after the 1985 earthquake confirmed the 
soft nature of the soil at the building site. The Durango building rests on about 41.5 m of soft, 
saturated clay that is characterized by blow counts of one or less over much of the depth and by a 
water content that exceeds 460% in one region and averages over 300% over most of the depth. A 
copy of the soil boring from the geotechnical investigation is shown in Fig. 2.14. 
2.2.1 1979 Earthquake Damage 
The Durango building experienced extensive damage during the moderate eanhquake that 
shook Mexico City on March 14, 1979 (Ms = 7.6). The damage was previously reported by Del 
Valle (1980) and is summarized below. 
Damage to the Durango building was caused primarily by shaking in the EW (transverse) 
direction and was restricted to Stories 1, 2 and 3 as indicated by Fig. 2.15. The spandrel beams and 
columns in these three stories experienced diagonal cracking due to shear and flexurai effects over 
much of their lengths. In addition, the spandrel beam-column joints of these stories suffered severe 
cracking and spalling. Columns in the lower stories of the three interior transverse frames also 
experienced some shear and flexural cracking. The middle column in Story 3 of Frame 3 (Column 
B-3) suffered cracking and crushing during the 1979 earthquake. Its damage, however, is attributed 
to problems in construction rather than to seismic design deficiencies as no other interior frame 
column in any story sustained similar damage. 
The damage to the Durango building was most likely concentrated in the exterior transverse 
frames because of the extra stiffness provided by the deep spandrel beams, a stiffness not accounted 
for during the original design of the building. In 1972, sophisticated computer programs were not 
readily available for use, and as a consequence, centerline dimensions were used to determine the 
stiffness of the building and its lateral force distribution. The results of this simplification were 
two-fold. First, the analytical model was more flexible than the actual structure. However, the 
resulting overestimation of model period did not affect the magnitudes of lateral force used during 
design due to the shape of the Mexico City design spectrum (see Figs. 8.5 and 8.6). Second, 
because the actual clear distance between the ends of the columns in Frames 1 and 5 was less than 
the centerline dimension used in the design analysis, Frames 1 and 5 were stiffer than their 
similitudes in the analytical model. Frames 1 and 5 therefore carried a greater portion of the total 
shear than originally assumed during design. 
1.2.3 Description of Repair and Retrofit 
Following the 1979 earthquake, Enrique Del Valle, a practicing engineer in Mexico City and 
professor at the National Autonomous University of Mexico (UNAM), was hired to design the 
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retrofit system for the Durango building. He considered two different retrofit schemes. The first 
scheme involved the construction of slender RC shear walls within the interior frames adjacent to 
the elevator shafts. However, this scheme failed to provide the additional stiffness necessary to 
alleviate the spandrel beams and columns of Frames 1 and 5 of their overstressed condition when 
subject to seismic lateral loads. The scheme also resulted in high flexural moments for the 
connecting beams. The second retrofit scheme considered by Del Valle is that which was 
implemented. The scheme is presented below and involves the use of exterior structural steel braced 
frames in the transverse direction and slender RC shear walls in the longitudinal direction. It should 
be noted that the retrofit system for the Durango building was designed in accordance with the 1976 
Mexico City code, using a conservative ductility factor of 2 instead of the 4 allowed by the code, and 
that the steel braced frames were designed to carry all of the transverse shear (Del Valle, 1980). 
The existing structural damage had to be repaired before construction of the retrofit system 
could begin. The cracked beams and columns were repaired with epoxy injection. The columns of 
stories PB, 1, 2 and 3 of Frames 1 and 5 were lined with 1/2" A36 steel plates. Pieces of #8 rebar 
were welded to the inside of these steel plates in order to improve the bond between the existing 
columns and the new steel plates. The steel plates were then fit into sections of the original concrete 
column where the concrete had previously been chipped out. The edges of the plates were then 
welded, forming a box, and expansive mortar was pumped into the voids, thereby completing the 
composite section. 
Construction of the retrofit system followed completion of repairs. As mentioned above, the 
overall retrofit scheme for the Durango building involved the addition of steel braced frames to the 
exterior of the building in the transverse direction and slender RC shear walls in the longitudinal 
direction. A plan view depicting each of the elements of the retrofit scheme common to the typical 
floor is shown in Fig. 2.16. A plan view of the building foundation, as retrofit, is shown in Fig. 2.17. 
And finally. an elevation of Frame 5 showing the new steel braced frame and the RC extension to 
the foundation is given in Fig. 2.18. The specifics of each of the major elements of the retrofit 
scheme are discussed below. 
As shown in Figs. 2.16 and 2.18, steel braced frames were attached to Frames 1 and 5 on the 
outside of the building to increase the strength and stiffness of the structure in the EW direction. 
The columns of these steel frames through Story 4 and the diagonal bracing at the first level were 
fabricated steel boxes of 5/8" A36 steel plates. The remaining columns of the steel frames were 
fabricated from 1/2" A36 steel plates. Two channels placed toe-to-toe with gusset plates and stitch 
plates between them were used to make the other diagonal bracing members of the steel frames. 
Two C8xl1.5 A36 channels were used through Story 7, while two C6x8.2 A36 channels were used 
for the remaining three stories. A typical detail of the attachment of the new steel column to the 
existing RC column of Frames 1 or 5 at one of the lower stories is shown in Fig. 2.19. 
New footings and piles were placed under the columns of the braced steel frames as shown in 
Figs. 2.17 and 2.18. The new footings are made of reinforced concrete (fc' = 24.5 MPa, 
F,. z::: 413.7 MFa) and measure 3.53 m x 1.50 m in plan and 2.64 m in depth. They are attached to 
the original foundation in such a manner as to ensure monolithic action with the existing foundation. 
Supporting each new footing are three steel piles 3 inches in diameter and 25 m in length. The four 
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new footings, together with the 12 new piles, support· the added weight of the two braced steel 
frames. 
In order to transmit seismic forces to the new braced frames, a 1.30 m long by 0.60 m wide 
section of the floor slab was strengthened at each location of attachment of the new steel frame to 
the existing RC structure (Fig. 2.16). Strengthening involved placing reinforced concrete 
(h' c:: 19.6 MPa, F,. = 413.7 MPa) within the void spaces between three adjacent one-way floor 
joists at each point of attachment, effectively creating capitals, as shown in Fig. 2.20. 
To strengthen the building in the NS direction, new reinforced concrete infill walls 60 mm thick 
were added to the 1-2 and 4-5 bays of Frames A and C for the full height of the building (Fig. 
2.21). The horizontal and vertical reinforcement ratios of these walls varied with story level and are 
listed in Table 2.6. Before construction of the reinforced concrete walls commenced, the celotex 
plates that filled the gaps between the original masonry infill walls and the RC frame were removed, 
and the gaps were filled with mortar. The actual wall construction involved driving nails into the 
existing masonry walls, attaching welded wire reinforcing mats to these nails, and trowelling new 
concrete (fc' -= 19.6 MPa) into place. A detail of the newly reinforced wall is shown in Fig. 2.22. 
Estimated story weights both before and after retrofit were determined for the Durango building 
and are given in Table 2.7. These weights include structural dead load and the permanent live load 
present at the time of the forced vibration tests. For the typical floor level (Floor 5), the dead load 
following retrofit is approximately 6859 N/m2 and the permanent live load, 883 N/m2. The average 
increase in typical story weight due to the repair scheme is approximately 8.7%, and the overall 
increase in building weight is about 11.8%. 
Ambient vibration tests of the Durango building were conducted by Del Valle both before and 
immediately following retrofit. The measured fundamental EW frequencies of the building were 
0.535 Hz before retrofit and 0.875 Hz following retrofit. Therefore, as indicated by these 
frequencies. the steel braced frames increased the transverse stiffness of the building by 
approximately a factor of 2 (Del Valle, 1986). 
Del Valle provided no specific monetary values as to the cost of the Durango building retrofit 
scheme. Instead. he provided a comparative cost. The cost of the retrofit scheme was approximated 
to be 30% of the cost of a new building designed to meet code specifications applicable at the time of 
retrofit (DDF-76) (Del Valle. 1990). 
2.1.4 1985 Earthquake Damage 
The Durango building suffered no visible structural damage during the 19 September 1985 
earthquake (Ms = 8.1), and its non-structural damage was limited to slight cracking of the new RC 
infill walls. This extraordinary performance was surprising because the level of shaking experienced 
during the 1985 earthquake was much greater than that experienced in 1979. and several buildings 
within a one hundred meter radius of the Durango building collapsed (Del Valle, 1986). 
Although the design of the retrofit scheme for the Durango building appears to be conservative 
(i.e., no structural damage was experienced). it is consistent with the use of the structure. The 
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structure is a medical condominium building with offices owned by private practicing physicians. 
Had the retrofit scheme been designed to satisfy only the minimal code requirements, it is highly 
probable that the building would have incurred significant damage during the 1985 earthquake. 
Repair, if possible, would have required closing the building. This closure would certainly have 
resulted in greater economic loss to the residing physicians than the small additional amount 
expended for the extra retrofit materials. In addition, the medical offices were open to treat patients 
after the earthquake (Foutch, et al. 1989). 
2.3 The Park Espana Building 
2.3.1 Building Description 
The Park Espana building, designed and built during the late 1960s, is also located in the soft 
soil zone of Mexico City, but on the western edge of the region most heavily damaged during the 19 
September 1985 earthquake (Fig. 2.1). The ten-story reinforced concrete condominium 
apartment building is situated between two masonry buildings in the middle of a city block and has 
limited interstice between itself and its neighbors. Only 80 to 100 mm separate the Park Espana 
building from its four-story neighbor to the north, and only 120 to 150 mm separate it from its 
three-story neighbor to the south. 
The Park Espana building stands 28.20 m above the foundation level, penthouse included. The 
building is irregular in plan, but measures roughly 10.80 m by 17.45 m. The member dimensions 
and reinforcement quantities used during analysis are those provided on architectural sketches as no 
structural drawings exist for the building. The architectural sketches do not include details 
addressing reinforcement cover and spacing nor specifications on required shear reinforcement 
quantities. An estimated concrete compressive strength (!c') of 20.6 MPa (3000 psi) and a 
reinforcement yield strength (Fy) of 413.7 MPa (60 ksi) were used in this study. A typical floor plan 
for the building is shown in Fig. 2.23, and an elevation view prior to retrofit is shown in Fig. 2.24. As 
indicated in Fig. 2.23, the building has no basement, just a PB (planta baja or ground floor) level at 
grade, and has a typical story height of 2.65 m. 
The seismic forces in the original structure were resisted by moment frames in both directions, 
Frames 1 through 4 in the NS direction and Frames A through .D in the EW direction. Because of 
the asymmetrical floor plan and the variation in column dimensions, each of the eight moment 
frames is unique. 
The column layout for the typical floor plan is shown in Fig. 2.23, and the properties of the 
individual columns are recorded in Table 2.8. As can be observed from Table 2.8 t both the 
dimensions and the longitudinal reinforcement of the columns are gradually reduced throughout the 
height of the building, thereby saving on building materials. Although no shear reinforcement was 
specified for the columns on the architectural sketches, shear reinforcement in the form of #2 ties at 
approximately 300 mm does exist as ascertained during the repair and retrofit work following the 
1979 earthquake. 
A plan view of the floor system of the Park Espana building is shown in Fig. 2.25. The floor 
system is a reticular waffle slab SO mm thick with 150 mm wide ribs measuring either 400 mm (Floor 
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1) or 350 mm (Floors 2 through Roof) in depth. The "waffles" are formed by hollow, light-weight, 
low-strength concrete blocks as shown in Fig. 2.26. The girders of the framing system are formed by 
providing longitudinal reinforcement in the ribs of the slab along the column lines (Fig. 2.26). 
Schematic diagrams of the girders showing their two layers of reinforcement, ASl and As2, and the 
!~-.atiO!'l..s of the girder-column joints for which girder reinforcement is listed in Table 2.9, are 
provided in Fig. 2.27. 
The infill walls of the longitudinal exterior frames (Frames A and D), the interior partition 
walls, and the lower half of each story on the west and northeast building peripheries are all 
constructed of solid siporex blocks. The remaining height of each story on the west and northeast 
building peripheries is filled with windows. No gaps are provided between the siporex infill walls and 
the building frames. Very little stiffness or strength is contributed to the building frame by the 125 
nun thick siporex walls as siporex is a very soft material (Young's modulus of elasticity is less than 
1 % of that for concrete). Therefore, none of the siporex walls were considered as structural 
elements during building analysis. 
The foundation of the Park Espana building is a solid mat 150 mm thick. As shown in Fig. 2.28, 
deep and slender stiffening beams are provided along all column lines. A cross-sectional view of one 
of these beams denoting its three layers of reinforcement, Asl, As2 and As3, is also shown in Fig. 
2.28. Layer As3 represents bent rebars. The location of As3 along the beam length is dependent 
upon whether the bending moment is positive (bottom of beam) or negative (top of beam). The 
amount of rebar specified for each layer of reinforcement, along with the dimensions of the slender 
foundation beams, is listed in Table 2.10. Twenty-three concrete friction piles 450 mm in diameter 
and 24 m in length support the stiffening beams. A geotechnical investigation conducted after the 
1985 earthquake confirmed the soft nature of the soils at the building site. The soft clay layer at the 
Park Espana site is about 32 m deep and is characterized by blow counts of one to two and water 
content in the 150% to 300% range over most of the depth. A copy of the soil boring from the 
geotechnical investigation is shown in Fig. 2.29. 
2.3.2 1979 Earthquake Damage 
The Park Espana building was severely damaged during the 14 March 1979 Mexico earthquake 
(Ms= 7.6). The damage was previously reported by Del Valle (1980) and is summarized below. In 
comparing the damage incurred by the Park Espana and Durango buildings during the 1979 
earthquake, Del Valle stated that the damage experienced by the Park Espana building was not as 
pronounced as that experienced by the Durango building. 
Damage to the Park Espana building was caused primarily by shaking in the NS (transverse) 
direction. The resulting displacements, together with the limited interstice between adjacent 
buildings, led to pounding between the Park Espana building and its two neighboring buildings. This 
pounding, in turn, caused severe damage of the infill walls of the longitudinal exterior frames 
(Frames A and D) of the Park Espana building at the two levels of contact. The pounding effects 
were particularly damaging to the fourth story level of the Park Espana building where one of the 
columns, Column C-3, failed during the earthquake. The pounding effects at the fourth story level 
were aggravated because the floor systems of the Park Espana building and its four-story neighbor 
to the north were at different levels. 
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The Park Espana building also experienced large interstory deformations of its frames, 
reflecting the very flexible nature of its structural system. Because gaps were not provided between 
the siporex infill walls and the building frames, these large interstory deformations resulted in 
damage to the longitudinal and transverse exterior infill walls. The interstory deformations also 
catJ~d non-structural damage in the form of severe diagonal cracking to the longitudinal and 
transverse partition walls at several levels. No indications of foundation failure were observed. 
2.3.3 Description of Repair and Retrofit 
Enrique Del Valle was hired to design the retrofit system for the Park Espana building. His 
primary goals in designing the retrofit system were to reduce future pounding between the Park 
Espana building and its neighbors and to minimize the potential for damage to nonstructural 
elements. Their achievement required increasing the lateral stiffness of the building substantially. 
The implemented retrofit design involves the use of interior structural steel diagonal bracings in the 
transverse direction and slender RC shear walls in the longitudinal direction. As for the Durango 
building, the retrofit scheme for the Park Espana building was designed in accordance with the 1976 
Mexico City code, using a conservative ductility factor of 2 instead of the 4 allowed by the code (Del 
Valle, 1980). 
Before construction of the retrofit system could commence, the existing structural damage of 
the building had to be repaired. Cracked columns were repaired with epoxy injection. The severely 
damaged column of the fourth story, Column C-3, was demolished and replaced by a RC column 
designed in accordance with the 1976 Mexico City code. The main longitudinal reinforcement of 
the column was cut and stubs of new reinforcement were welded to the ends of the original 
reinforcement. Stirrups were added and the column was recast to a slightly larger size. Complying 
with the 1976 Mexico City code, more flexural and shear reinforcement are provided in the new 
column than in its predecessor. Aesthetic repairs to the cracked siporex partition walls were left up 
to the individual tenants. 
Construction of the retrofit system followed completion of repairs. As previously mentioned, the 
overall retrofit scheme for the Park Espana building involved the addition of diagonal steel cross-
bracings to the interior bays of the structure in the transverse direction and slender RC shear walls in 
the longitudinal direction. A plan view depicting each of the- elements of the retrofit scheme 
common to the typical floor is shown in Fig. 2.30, and an elevation of Frame 2 showing the new 
diagonal steel cross-bracings and the reinforced columns is given in Fig. 2.31. The specifics of each 
of the major elements of the retrofit scheme are presented below. 
As shown in Figs. 2.30 and 2.31, diagonal steel cross-bracings were added to the central bay of 
Frames 1, 2 and 3 to increase the strength and stiffness in the transverse direction. The 
cross-bracings were fabricated by continuously welding two angles of A36 steel together toe-to-toe 
to form a structural box. Three different angle sizes were used: L 76x76x13 (3x3x1/2 in inches) 
angles for Stories PB through 2, L 76x76xl0 (3x3x3/8) angles for Stories 3 through 5, andL 76x76x6 
(3x3xl/4) angles for Stories 6 through 8. The columns of the three braced bays were encased in a 
steel lattice composed of L 76x76xlO A36 angles at the comers and 10x38 nun A36 diagonal flat 
plates. This encasement provided the additional strength necessary to carry the increased axial 
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forces anticipated in the columns of the braced bays. These forces result from the additional 
overturning moment attracted to the stiffened braced bays. Because continuity to the angles of the 
column strengthening scheme throughout the height of the building was infeasible, special steel 
collars, fabricated from L 127x127x13 (5x5x1l2) A36 angles, were placed at the top and bottom of 
each column. These collars were grouted and bolted to both the original concrete column and to the 
adjoining slab capitals to smooth out the transfer of forces between stories. The collars also 
facilitated the attachment of the steel cross-bracings. Details of the column reinforcement design 
are shown in Fig. 2.32. 
To strengthen the building in the EW direction, new reinforced concrete infill walls 40 mm thick 
were added to all bays of Frames A and D for the full height of the building, penthouse excluded. 
The horizontal and vertical reinforcement ratios of these walls varied with story level and are listed 
in Table 2.11. The actual wall construction involved driving nails into the existing siporex walls, 
attaching welded wire reinforcing mats to these nails, and trowelling new concrete 
(fc' = 19.6 MPa) into place. A detail of the newly reinforced wall is shown in Fig. 2.33. 
Estimated story weights both before and after retrofit were determined for the Park Espana 
building and are given in Table 2.12. These wei~ltts include structural dead load and the permanent 
live load present at the time of the forced vibration tests. For the typical floor level (Floor 4), the 
dead load following retrofit is approximately 9430 N/m2 and the permanent live load, 720 N/m2 . 
The average increase in typical story weight due to the repair scheme is approximately 3.5%, and the 
overall increase in building weight is about 3.0%. Because the weight of the structure was essentially 
unchanged and because failure of the foundation had not been observed following the 1979 
earthquake, no additional piles or other foundation modifications were required. 
Ambient vibration tests of the Park Espana building were conducted by Del Valle both prior to 
and immediately following retrofit. The measured fundamental NS frequencies of the building were 
0.952 Hz before retrofit and 1.25 Hz after retrofit. These values indicate that the diagonal steel 
cross-bracings increased the transverse stiffness of the building by approximately 78% (Del Valle, 
1986). 
Del Valle provided no specific monetary values as to the cost of the Park Espana building 
retrofit scheme. Instead, he provided a comparative cost. The cost of the retrofit scheme was 
approximated to be 30% of the cost of a new building designed to meet code specifications 
applicable at the time of retrofit (DDF-76) (Del Valle, 1990). 
2.3.4 1985 Earthquake Damage and Repair 
The Park Espana building suffered some structural damage during the 19 September 1985 
earthquake (Ms = 8. 1). The damage, however, was small compared with that experienced during 
the smaller 1979 earthquake, and the tenants were able to remain in their apartments during 
repairs. Damage was again caused primarily by shaking in the NS direction. The observed damage 
included loosening of the brace attachments, superficial spalling of some column plaster and 
cracking of the transverse partition walls at the fourth story level. Slight cracking of the transverse 
partition walls was also noted at the third and fifth story levels. However, none of the longitudinal 
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RC infill walls was visibly cracked. Some evidence of pounding with the four-story building to the 
north was observed. The cause and effect of this pounding will be addressed in Chapter 9. 
The loosened brace attachments were identified by ultra-sonic testing. Their repair involved the 
removal and replacement of any cracked grout from behind the speCial steel collars and the 
tightening of loose anchor bolts. Cosmetic repairs of the non-structurally damaged partition walls 
were once again the responsibility of the individual tenants. 
In retrospect, the occurrence of some structural damage to the Park Espana building was to be 
expected as the design accelerations recommended by the 1976 Mexico City code were exceeded 
by a factor of three during the 1985 earthquake (Del Valle, 1986). The retrofit structure did fulfill 
modem seismic design philosophies, however, as the building successfully withstood an earthquake 
of greater magnitude than the design earthquake and incurred only minor structural and 
nonstructural damage and no loss of human life in so doing. 
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CHAPTER 3 
DYNAMIC FORCED VIBRATION TESTING PROCEDURE 
3.1 Introduction 
Forced vibration tests for both buildings were conducted in January 1987. These tests provided 
pertinent information on building vibrational characteristics, story shear distributions and 
soil-structure interaction. Presente~ in this chapter are descriptions of the instrumentation, test 
procedures and data reduction processes used in conducting these tests. The general testing 
procedures, as applicable to both buildings, are described in detail, while only anomalies from the 
norm are discussed in depth for each particular building. 
3.1 Instrumentation 
Two eccentric mass vibration generators owned by the California Institute of Technology were 
used to induce steady-state sinusoidal motion at the roof levels of each building. Each vibration 
generator consisted of two counter-rotating baskets capable of holding a variable number of lead 
weights (Fig. 3.1), and generated a sinusoidal force (maximum allowable force due to vibration 
generator stress limitations: 22.240 kN) proportional to its eccentric mass, amount of eccentricity 
and the square of its rotational frequency. The force generated by each vibration generator can be 
expressed as follows: 
Force .a 0.4537 x (WR) x /2 (N) (3.1) 
where WR is a constant depending upon the number of lead weights in each basket and f is the 
excitation frequency in Hz. Table 3.1 lists the constant WR for various lead weight combinations, 
according to the VG-1 vibration generating system instruction manual (Foutch, 1976; Kinemetrics, 
Inc. 1975). The two vibration generators were operated in a master-slave set-up using two control 
consoles. This set-up allowed the vibration generators to be run simultaneously and at the same 
frequency. Excitation frequency was accurate to within ± 0.001 Hz (Foutch, 1976; Jennings, et a1. 
1971). 
Building response measurements resulting from the forced vibrations were measured using 
either one or two Model 55-1 Ranger seismometers (electromagnetic velocity-type transducers with 
a nominal natural period of 1 sec) and five FBA-11 force balance accelerometers. The Ranger 
seismometers, with their higher sensitivity, were used to measure vertical and horizontal motions at 
the lowest building levels, while t..he accelerometers were used to measure horizontal motions at all 
building levels. All five acceierometers were calibrated such that O.lg = 2.5 Volts. Relative 
cahbrations between the two types of motion sensing transducers were performed at all frequencies 
of interest in order to avoid having to perform absolute calibrations of the Ranger seismometers in 
the field. These relative calibrations, together with the easily accomplished absolute calibrations of 
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the accelerometers, provided the information necessary to interpret the Ranger seismometer 
measurements (Foutch, 1976). 
The output from the Ranger seismometers and accelerometers, as amplified by signal 
conditioners, was recorded on a common time basis on at least one of two media: an eight-channel 
HP Model 7418A thermal tip recorder and a four-channel HP 3960 analog tape recorder. Each 
Kinemetrics SC-1 signal conditioner contained integration and differentiation circuits. Use of the 
differentiation circuit for the Ranger seismometer output allowed the output from all of the motion 
sensing transducers to be recorded in terms of acceleration. The phase difference between the 
excitation force and building response was measured indirectly using a stationary synchro. The 
signal from this synchro represented the position of the eccentric weights of the master vibration 
generator and was recorded on one of each media channels (Luco, et a1. 1988). An example of a 
typical record for the thermal tip recorder is shown in Fig. 3.2. 
Deformations in selected RC columns and steel retrofit elements during excitation were 
measured with a Schaevitz 050 HR linear voltage displacement transducer (LVDT) and recorded 
on a two-channel strip chart recorder. Prior to making these measurements at each building, the 
LVDT was calibrated using a Schaevitz LPM-205 signal conditioner, a Fluke 8040A measuring 
device and a micrometer. 
3.3 Testing Procedure 
The vibration generators were mounted to the roof of each building using epoxy and anchor 
bolts. The exact locations for mounting were selected such that, in general, for a given direction of 
excitation, translation in only one plane would occur. The baskets of the vibration generators were 
initially orientated to generate harmonic excitation in the transverse direction. A general frequency 
sweep was performed to determine the approximate fundamental frequency for this direction of 
excitation. For each frequency addressed, the duration of shaking was long enough to establish a 
condition of steady-state response between the generated force and the building response, and 
building response measurements were taken only after a steady-state condition of response had 
been established. 
During the initial frequency sweep, measurements were taken only at the roof level. From these 
measurements, the approximate resonant frequency was identified and a band of frequencies was 
denoted over which more detailed measurements were required. Motion sensing transducers were 
then deployed to other floors, and a finely-stepped frequency sweep over the given frequency band 
was made. The measurements from this finely-stepped sweep were used to determine the modal 
damping, in addition to providing a more precise determination of the natural frequency. 
Following the completion of the finely-stepped frequency sweep, measurements of the variation 
in acceleration response amplitude with structure height were made. These measurements were 
taken at L'1e identified natural frequency and involved movLl'lg the motion sensLng transducers from 
floor to floor. Attempts were made to measure the response of each floor. However, some floors 
were inaccessible due to their owners' discretion. 
Three other series of measurements were made concurrently at the fundamental frequency for 
the transverse direction. These included detailed basement measurements, L VDT measurements of 
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selected RC columns and steel retrofit elements, and detailed roof measurements. The detailed 
basement measurements involved using two accelerometers as reference instruments (one on the 
roof and one in the basement), two accelerometers to measure the translational displacements of 
the basement slab, and the two Ranger seismometers to measure the vertical displacements of the 
basement slab. The sole remaining accelerometer was used on the roof to measure translational 
displacements of the roof slab. 
In conducting the L VDT measurements, simultaneous strain measurements should have been 
made on all four faces of each tested member, thereby enabling the measured deformations to be 
separated into their respective axial and bending deformation components. Such a series of 
measurements was impossible, however, as only one L VDT was available for use during the forced 
vibration tests. Because axial strains were of primary interest, this L VDT was selectively positioned 
such that the deformation contribution from the bending moment to the total deformation was 
minimized. This required placement of the L VDT on one of the member faces parallel to the 
direction of excitation and at the approximate centroidal axis of this face. For example, given NS 
excitation, the L VDT was placed on either the east or west face of the member and at the 
approximate centroidal axis of this face. An additional measure was taken to minimize the bending 
deformation component present in the brace measurements of the Park Espana building. The 
L VDT was placed at one of the approximate inflection points of each diagonal steel cross-bracing 
(at the approximate midlength of an unbraced length), thereby minimizing the magnitude of the 
bending moment acting at the cross-section. 
Following compilation of all desired first mode information, attention was directed to the 
second transverse mode. However, before a frequency sweep could be performed, an adjustment in 
the basket weights was required because of vibration generator stress limitations. Having made this 
adjustment, the procedure for identifying the natural frequency and for obtaining the information 
necessary to detennine the modal damping and mode shape was consistent with that used for the 
fundamental mode. However, no measurements of base motion, roof motion or member 
deformations were made for the second mode. 
Determination of natural frequencies higher than two in the transverse direction could not be 
made because of vibration generator stress limitations (frequency dependent) and/or because of 
loosening anchor bolts. Therefore, following completion of the second mode, the baskets were 
reorientated for generation of either torsional or longitudinal harmonic excitation and the entire 
process outlined above was repeated with the following exceptions: 
1. Detailed basement measurements were not performed for the first torsional 
mode. 
2. L VDT measurements were made for the first transverse mode only. 
3. Detailed roof measurements were performed for the first transverse mode 
only. 
4. Building Vlbrational characteristics for the second torsional mode were not 
determined. 
The selection of the positions and directions for the motion sensing transducers along the height 
and within the plan of each building was dependent upon the direction of the forced vibration and 
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upon the character of the information sought. For instance, when determining the mode shape for 
translational directed shaking, the instruments were placed at the approximate centers of rotation to 
minimize the effects of torsional vibration (Carydis and Mouzakis, 1986). 
In selecting the orientation of the instruments, the character of the information sought 
determined the direction in which the instruments would point. If the desired component of motion 
was in the same direction as the shaking, the instruments were pointed in a direction parallel to the 
shaking. If the desired component of motion was perpendicular to the direction of shaking, the 
instruments were pointed in a direction perpendicular to the shaking. 
3.3.1 Durango 
Forced vibration tests of the Durango building were performed first, with actual testing being 
conducted during the late evening hours in order not to disturb the building occupants. The 
vibration generators were located on the building roof as shown in Fig. 3.3. An accelerometer, 
which served as the primary reference instrument during the tests, was positioned on the roof at 
column B-4. 
Testing began with force generation in the EW (transverse) direction and proceeded as 
described above except for the following minor changes: (1) The natural frequency and mode shape 
for the second EW mode were determined before performing the L VDT, detailed basement and 
detailed roof motion measurements for the fundamental EW mode, (2) Force generation in the EW 
direction was followed first by torsional excitation and then by NS (longitudinal) excitation, (3) 
Ambient VIbrations were measured with the instruments pointing east, and (4) Extensive ground 
motion measurements were taken outside the building to determine the degree of soil-structure 
interaction present for the Durango building. 
A swnrnary of the testing procedure for the Durango building is contained in Table 3.2. It 
provides a listing of the date, purpose, basket loadings, excitation force, frequency range, and 
instrument loauons for each of the tests conducted. Diagrams showing instrument orientations and 
their approXlmAtc locations for the first EW mode detailed roof and detailed basement motions are 
provided in F lIS· 3 . .c and 3.5, respectively. Figure 3.6 presents similar information for the first NS 
mode deuiled ~~ment motions. Instrument locations during the soil-structure interaction test are 
depicted in F II 3.7. The locations of the L VDT instrument measurements during first EW shaking 
are shown IChemaually in Fig. 3.8. 
3.3.2 Part. [.spa;" 
FoUOW'lnI th« t'\brauon tests at the Durango building, the vibration generators were moved to 
the Park Elpan. bwkim& where they were mounted as shown in Fig. 3.9. An accelerometer was 
positioned on the roof at column D-2 to serve as the primary reference instrument. 
Testing began W1t.h force generation in the NS (transverse) direction and, in general, proceeded 
as descn"bed above. However, complex building response due to modal coupling indicated a need 
for additional measurements at each of the natural frequencies. As an example of the additional 
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measurements required, given excitation in the NS direction, data records at columns A-2 and D-2 
with the accelerometer pointing west and at the middle of the steel braces of frames 1 and 3 with the 
accelerometer pointing north were taken at multiple floors. From these records, a component of 
response in the EW direction was detected in addition to the expected NS response, thereby 
indicating that a rotational component of response existed under NS excitation. The presence of 
modal coupling was expected because of the asymmetrical floor plan and the noncoincident centers 
of mass and rigidity. 
Other deviations from the testing procedure outlined above included (1) the use of only one 
accelerometer and one Ranger seismometer with no PB level reference instrument to perform the 
NS and EW detailed PB measurements, and (2) no change in basket weights was required between 
the first and second NS excitations. 
A summary of the testing procedure for the Park Espana building is contained in Table 3.3. It 
provides a listing of the date, purpose, basket loadings, excitation force, frequency range, and 
instrument locations for each of the tests conducted. Diagrams showing instrument orientations and 
their approximate locations for the first NS mode detailed roof and detailed PB motions are 
provided in Figs. 3.10 and 3.11, respectively. Figure 3.12 presents similar information for the first 
EW mode detailed PB motions. The locations of the L VDT instrument measurements during first 
NS shaking are shown schematically in Fig. 3.13. 
3.4 Data Reduction Process 
3.4.1 Introduction 
The output from the Ranger seismometers and accelerometers, as recorded on the 
eight-channel HP Model 7418A thermal tip recorder andlor the four-channel HP 3960 analog 
tape recorder, required some form of data reduction before building vibrational characteristics 
could be identified. The thermal tip recorder records required either digitization or a "visual filter," 
while the analog tape recorder records required analog-to-digital (A-D) conversion followed by 
digital filtering. Of the two media, the analog tape recorder was expected to be the more accurate, 
primarily because of the methods used to filter the data. Therefore, whenever the same information 
was recorded on both media, the information recorded on the analog tape recorder was used, while 
that on the thermal tip recorder was used merely to verify qualitatively the analog tape recorder 
data. 
Presented below is a brief description of the procedure used to reduce the field data and to 
identify the building vibrational characteristics. It begins with a discussion of the A-D conversion 
performed and the digital filters applied to the analog tape recorder records. This is followed by a 
description of the methods used to obtain the average peak-to-peak and average 900 out-of-phase 
peak-to-peak responses for the two different recording media. Procedures for identifying the 
vibrational characteristics are then presented along with a discussion of the reduction process used 
for L VDT measurements. The section ends with a listing of reco~endations for the conduction of 
future FVT tests. 
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3.4.2 A-D Conversion and Digital Filtering 
The instrumentation used to perform the A-D conversion of the files recorded on the analog 
tape recorder is shown schematically in Fig. 3.14. The four DANA adjustable amplifiers, equipped 
with variable-cutoff, low-pass 100 Hz filters, were included in the instrumentation primarily for 
their filtering capabilities. Passage of the analog tape recorder signals through these second-order. 
low-pass Butterworth filters prior to sampling insured that band-limited functions, to the extent 
practicable, would exist (Bonacci, 1989; Brigham, 1974). Following analog filtering, an in-house 
program, ACQDATA, was used in conjunction with an A-D board and an IBM portable PC to 
convert the analog signal to ASCII characters (digital form). This program required the selection of 
three parameters: scanning rate, length of record and desired gain, each of which ultimately 
effected the precision of the reduced data. 
A sampling rate of 200 samples per second per channel was selected for the scanning rate. This 
sampling rate corresponds to a Nyquist frequency of 100 Hz. Because the prefiltered analog signals 
were essentially band-limited at the frequency 100 Hz, the selected sampling rate eliminated the 
effects of aliasing during later applications of the Fast Fourier Transform (FIT) (Brigham, 1974). 
Over 18 Mb of magnetic storage were required to store the converted data. 
A record length of at least five complete cycles of response was chosen for the length of record 
to be digitized. This record length reflected the fact that some of the records recorded in the field 
were of very short duration, particularly for the very low excitation frequencies, and contained no 
more than five complete cycles of response. During later data analyses, it was realized that in some 
instances longer record lengths would have been desirable. 
The program ACQDATA offered four choices of gain: 1,2,4 or 8 times the incoming signal. The 
gain factor selected was applied to all four channels of incoming data, and therefore, its selection 
was controlled by the largest incoming signal. The capability to apply different amplification factors 
to each channel was attained by including adjustable amplifiers in each circuit prior to digitization. 
The analog filters, previously discussed for their role in achieving a band-limited function, also 
served to remove extraneous high frequency noise. This noise, had it been included in the digitized 
signal, could conceivably have controlled the choice of amplification factor for a given channel and 
led to a less than optimal definition in the digitized signal. 
Following conversion to digital form, each channel of da~ was plotted and scrutinized for 
errors, including clipping. A-D conversion of those records containing errors was repeated until 
noticeable errors were no longer detected. 
Following the completion of A-D conversion of all analog tape recorder records, the digitized 
data were filtered using a Hanning time window and a bandpass Ormsby digital filter applied within 
the frequency domain. Use of the Hanning time window minimized the leakage caused by finite 
record length (Brigham, 1974), while application of the bandpass Ormsby digital filter removed 
ambient noise. In selecting the filter cut-off frequencies, care was taken not to filter too closely to 
the apparent primary frequency of response because of the frequency smearing which results with 
the application of the Hanning window (Brigham, 1974). Plots illustrating the overall digital filtering 
procedure as applied to the roof response of the Park Espana building for the fundamental NS 
frequency (0.910 Hz) are shown in Fig. 3.15. 
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3.4.3 Total and 90° Out-of-Pbase Responses 
At this time, some of the building properties could have been determined from the average 
peak-to-peak total response values. However, for those modes exhibiting modal interference, 
further data reduction was necessary (Jennings, et al. 1971). 
Modal interference occurs when dynamic excitation by eccentric mass vibration generators 
produces a complex response near resonance rather than excitation of just a single mode. Its 
presence is detrimental to the accurate determination of modal properties for the affected mode 
(Hoerner and Jennings, 1969). Jennings demonstrated that determination of modal properties from 
the 9oo out-of-phase components of response reduces the inaccuracies caused by modal 
interference (Jennings, et al. 1972). His hypothesis takes advantage of the fact that at resonance for 
a given mode, the interfering acceleration contribution from the lower modes is approximately in 
phase with the forcing function while that from the higher modes is approximately 1800 
out-of-phase. Therefore. by concentrating upon the 9oo out-of-phase component of response, the 
effects of modal interference are reduced and a greater definition of resonance peaks is achieved. 
This improved definition of resonance peaks results in a more readily defined natural frequency, 
system damping value and mode shape (Jennings, et al. 1971). 
In order to apply the work of Jennings, the 900 out-of-phase component of response had to be 
determined from the indirect measurements of phase difference between the excitation force and 
building response recorded for each record during the FVT tests. The graphical method used to 
determine the 900 out-of-phase component of response for records recorded on the thermal tip 
recorder is shown in Fig. 3.16. This method actually determined double the response amplitude 
(Jennings, et al. 1971). A procedure similar to that shown in Fig. 3.16 was used to determine the 
900 out-of-phase component of response for the records recorded on the analog tape recorder. An 
example of the improved definition in resonance which can be achieved by using the 900 
out-of-phase component of response is illustrated in Fig. 3.17. 
3.4.4 Vibrational Characteristics 
Plots depicting the amplitude of the 900 out-of-phase steady-state acceleration component 
versus frequency of excitation were developed from the finely-st~pped frequency sweeps performed 
for each mode of interest (Fig. 3.17). From each of these plots, a natural frequency of vibration and 
an associated system damping value were determined. The natural frequency was identified as the 
frequency associated with the apex of the plot. The system damping value was determined using a 
procedure reminiscent of the commonly-used half-power method, with the only difference being 
the use of one-half the peak amplitude instead of the usual ,,2/2. The change in factor, from "2/2 
to 1/2, reflects the fact that the 900 out-of-phase acceleration component of response is used to 
determine the system damping value instead of the total acceleration response (Foutch, 1976; 
Jennings, et al. 1971). Figure 3.18 shows the procedure used to determine damping. 
Normalized mode shapes reflecting the variation in acceleration response amplitude with 
structure height were determined once the natural frequen.cies had been identified. Normalization 
was performed by dividing each measured response by the largest floor response measured for a 
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given mode. Typically this required use of the roof response. However, for the second modes of the 
Park Espana building, it required use of the fourth floor response. Subsequent analyses of the 
detailed base motion measurements allowed delineation of the distortional and rigid body motions 
associated with each fundamental translational mode shape as shown in Fig. 3.19. 
The detailed base motion measurements taken for each of the fundamental translational 
frequencies provided the information necessary to determine the contribution of foundation 
compliance to overall structural response. Again, each measurement was normalized to the roof 
acceleration. The average base translation was computed by directly averaging all of the horizontal 
base measurements. The average base rotation was calculated by using a least squares analysis of the 
average vertical displacements occurring along each column line perpendicular to the direction of 
force excitation. This analysis procedure indirectly assumes the base to be a rigid body. Comparison 
of the actual base motion measurement values to those calculated using the previously described 
least squares analysis procedure showed the rigid diaphragm assumption to be appropriate in 
general. 
The maximum roof displacement was calculated for each mode using the natural frequency and 
roof acceleration recorded at resonance. Its determination was based upon the assumption that the 
roof motion was harmonic. Thus, the maximum roof displacement was equal to the amplitude of the 
roof acceleration divided by the square of the angular velocity. 
3.4.5 Other Data Reduction 
Before vibrational characteristics relying upon measurements from two or more motion sensing 
transducers could be determined, the different motion sensing instruments had to be calibrated 
among themselves. This calibration required comparing the measurements recorded during the field 
calibration tests and determining factors, which when applied to the instruments, resulted in all 
instruments recording the same acceleration for a given location and frequency. The field 
calibration tests were conducted over a wide range of frequencies. Regression analyses were 
performed for each instrument over this band of frequencies. For the accelerometers, it was 
determined that the calibration factor for each instrument was independent of excitation frequency. 
For the Ranger seismometers, however, the calibration factors were dependent upon the excitation 
frequency. This finding reflected the fact that the Ranger seismometers have a natural frequency 
very close to those being excited by the vibration generators· and experience a near resonance 
response, similar to that exhibited by buildings (Foutch, 1976). 
A least squares analysis was used to determine the calibration factor for the L VDT for each 
building. This calibration factor (volts per inch), along with the average deformation recorded on 
the two-channel strip chart recorder, was used to calculate the axial strain (e = ~L/L) experienced 
by the tested member. Computation of the axial stress using Hooke's Law (cr = Ee) and axial force 
using the cross-sectional area of the member (P = eTA) followed. Admittedly, designation of the 
measured deformations as purely axial in nature is presumptuous. However, as discussed in Section 
3.3, precautions were taken during testing to minimize the magnit"ude of the bencfulg component of 
deformation present in each one of the L VDT measurements. 
In reducing the ambient vibration test data for the Durango building, no windows or digital 
filters were applied. The 32768 data points were simply subject to a Fast Fourier Transform which 
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transformed them from the time domain to the frequency domain. Within the frequency domain, 
the Fourier spectra were smoothed using a three point averaging technique such that the spectrum at 
the ith point J; was replaced by Ii as follows (Trifunac, 1972): 
(3.2) 
The dominant frequencies were then identified and compared to the natural frequencies 
determined from the forced vibration tests. The smoothed Fourier spectrum of the first floor 
response in the EW direction during ambient excitation for the Durango building is shown in Fig. 
3.20. 
3.5 Recommendations for Future FVT Tests 
The following are some recommendations to be considered when conducting future FVT tests. 
Each recommendation became manifest at some point in time during the data reduction process. It 
is believed that if implemented, each recommendation will lead to either simplified data reduction 
procedures or will eliminate some of the ambiguities present during data analyses. 
1. Perform preliminary analytical studies prior to conducting the FVT tests. The 
results from these studies can be used to locate the motion sensing instruments 
during mode shape measurements and can provide verification of the natural 
frequencies determined from the field frequency sweeps. 
2. Be certain the work crew is aware of the importance of directing the motion 
sensing instruments in the proper direction. Proper orientation can alleviate 
some of the sign problems ( ±) encountered during data reduction, 
particularly those experienced during analysis of the detailed base motion 
measurements, the torsional effects associated with translational excitation and 
the seismometer calibrations. 
3. Be meticulous in keeping the field log. Seek to be overly explicit. 
Unfortunately, what seems to be overly explicit in the field becomes scant 
back in the office. 
4. Zero the analog tape recorder before beginning the test, thereby eliminating 
any bias from its records. This will enable the largest possible amplification 
factor to be applied during A-D conversion. 
5. Perform data reduction, including A-D conversion, onsite if possible. View 
each of the digitized records. This will insure that the information sought has 
been recorded and will simplify the data reduction process performed back in 
the office. 
6. Perform rough data reduction in the field to determine building vibrational 
characteristics. Although rough, they will ascertain whether additional 
measurements are required for modal property identification. 
7. Record all information on both the analog tape recorder and the thermal tip 
recorder. Data reduction of the analog tape recorder records is more accurate. 
However, the records of the thermal tip recorder are important for identifying 
resonance in the field and for verifying the results of the analog tape recorder. 
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8. Record longer records on the analog tape recorder, particularly for the lower 
frequencies. Carry this over when performing A-D conversion. The longer the 
record, the better will be the statistical representation of the peak-to-peak 
values and the lesser will be the windowing effects. 
9. When seeking to determine the story force distribution between elements such 
as the RC columns and the retrofit steel braces, perform L VDT measurements 
at the same locations for different ·force levels. Also, perform L VDT 
measurements at more than one story for a given force level. The results from 
these additional measurements will assist in determining whether or not the 
braces are fully effective for all force levels, and if not, at what level of force 
they become fully effective. 
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CHAPI'ER 4 
RESULTS OF FORCED VIBRATION TESTS AND MODAL ANALYSES 
FOR THE DURANGO BUILDING 
4.1 Introduction 
The results of the forced vibration tests were used to refine the 3D analytical model originally 
developed from the design drawings. The refined model accounts for foundation effects, and 
comparisons of analysis and experiment indicate that the model represents the building well for low 
amplitude vibration. Presented in this chapter are the results of the forced vibration tests, a 
description of the analytical model, a comparison between the analytical and measured vibrational 
characteristics and a discussion of the results of modal analyses for the Durango building. Because 
the procedures used in analyzing the data from the forced vibration tests were discussed in Chapter 
3, only the results of the forced vibration tests are presented below. 
4.2 Results of Forced Vibration Tests 
The results of the forced vibration tests provided pertinent information on building vibrational 
characteristics, soil-structure interaction, and story shear force and stiffness distributions. In 
particular, the vibrational characteristics identified included natural frequencies, mode shapes and 
system damping values for the first five modes of vibration. The non-linearity associated with 
increasing levels of response was also examined. Each of these results is presented below. 
4.2.1 Natural Frequencies and Damping Values 
The force levels applied to the Durango building during the forced vibration tests ranged from 
1.15 to 21.8 kN. However, because of resonant response tendencies, the maximum level of force 
did not produce the largest building response. Rather, the maximum EW roof displacement 
experienced by the Durango building during EW excitation was 3.2 rom, occurred at 0.795 Hz, had 
an associated peak acceleration of 0.0081 g, and was produced by a force of 4.52 kN. Similarly, the 
maximum NS roof displacement experienced during NS excitation was 1.4 mm, occurred at 1.010 
Hz. bad an associated peak acceleration of 0.0059 g, and was produced by a force of 7.30 kN. 
The measured natural frequencies of vibration and the associated system damping values for the 
first five modes of the Durango building are listed in Table 4.1, along with computed frequency 
ratios. The damping values increase with natural frequency. The 2.7% damping value in the EW 
direction is lower than the 3-5% damping value usually observed for translationally vibrating 
reinforced concrete structures and indicates that the steel frames dominate structural response in 
this direction (Bongiovanni, et a1. 1987). The 4.8% damping value in the NS direction is 
representative of the 5% damping value recommended for minimally strained, cracked reinforced 
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concrete structures (Newmark and Chopra, 1980). The frequency ratios of 4.5 and 4.7 for the 
second natural frequencies in the EW and NS translational directions, respectively, indicate overall 
structural responses in these directions somewhere between those of the shear cantilever beam if; If1 
= 1,3,5, ... } and the flexural cantilever beam (ft If1 = 1,6.3, 17.6, ... ), or responses somewhere 
between those of a moment resisting frame and a braced frame (Carydis and Mouzakis, 1986). 
These frequency ratios are credible as the structural system in the EW direction is a braced, moment 
resisting frame, and in the NS direction, a moment resisting frame with shear walls. 
The natural frequencies determined using the ambient vibration tests are listed in Table 4.2, 
along with their postulated vibrational modes. The listed natural frequencies represent the dominant 
frequencies identified from the smoothed Fourier spectrum of the first floor response in the EW 
direction as measured by a Ranger seismometer (Fig. 3.20). Roof response measurements during 
ambient vibration were also taken using an accelerometer. However, these measurements proved to 
be less informative than those of the first floor due to the inability of the accelerometer to record the 
low levels of response incurred during ambient vibration. The proper assignment of the dominant 
spectrum frequencies to their corresponding vibrational modes was difficult and would have been 
even more so without some prior knowledge of the vibrational characteristics of the building. As is, 
assignment of the 6.08, 6.58 and 7.78 Hz peaks as second NS translational, second torsional and 
third EW translational natural frequencies, respectively, requires making a major supposition. The 
correlation process might have been simplified and performed with greater certainty had ambient 
measurements detecting NS acceleration response been taken in addition to those detecting EW 
acceleration response. Also, the statistical accuracy of the dominant frequencies might have been 
improved had the number and length of the ambient data records been increased (Foutch, 1976). 
In addition to the frequency sweeps used to determine the dynamic properties listed in 
Table 4.1 and the ambient vibration tests just discussed, an additional EW fundamental frequency 
sweep was conducted for the Durango building. This test, conducted at a lower force level, together 
with the previous tests, provided the information necessary to substantiate the Durango building as a 
softening dynamic system. That is, the Durango building experiences monotonic increases in natural 
frequency for decreasing levels of excitation (Trifunac, 1972). Figure 4.1 and Table 4.2 illustrate 
this point. In Fig. 4.1 (a), frequency sweeps for two different levels of EW excitation are shown. 
These frequency sweeps represent the 90° out-of-phase acceleration response of the roof and 
illustrate that the acceleration response increases with the level of force. However, as shown in Fig. 
4.1 (b), the stiffness of the dynamic system decreases with an increase in the force level. Table 4.2 
bespeaks the softening dynamic system characteristics of the Durango building in terms of natural 
frequencies. For example, for the first EW translational mode, as the level of force increases from 
ambient excitation to L2S2 forced excitation to L4S4 forced excitation, the natural frequencies 
decrease from 0.815 Hz to 0.805 Hz to 0.795 Hz, respectively. Similar decreases in natural 
frequency are experienced by all of the other vibrational modes except for the first torsional mode. 
The dominant frequency for this mode was difficult to determine because of the broad spectrum 
peak existing between 1.6 and 2.4 Hz in the Fourier spectrum (Fig. 3.20). 
As reported in Section 2.2.3, the fundamental frequency of the building in the EW direction 
immediately following retrofit was measured to be 0.875 Hz by ambient vibrations. Comparison of 
this 0.875 Hz frequency to any of the fundamental EW frequencies reported in Table 4.2 reveals 
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that the Durango building incurred a stiffness change of approximately 13% sometime during the 
time between retrofit completion (early 1980) and the January 1987 vibration tests, most likely 
during the 19 September 1985 earthquake. However, Del Valle (1986) reported that no visible 
structural damage was suffered by the Durango building during this earthquake. Other explanations 
for this change in frequency include softening of the foundation soils (Foutch, 1976), indiscernible 
structural damage, nonstructural damage and testing errors. 
4.2.2 Vibrational Mode Shapes 
The first five primary component mode shapes measured during the forced vibration tests are 
shown in Figs. 4.2 and 4.3. These mode shapes are deemed "primary" in that each represents the 
total building response measured in the direction of forced excitation at resonance along vertical 
line B-3 (Fig. 2.2). No efforts were made to abstract the response contributions made by the other 
modes to the total measured building response in developing these mode shapes. For example, the 
first EW mode shape represents the total EW translational component of response measured during 
fundamental EW excitation, and includes an EW translational contribution due to building rotation 
should modal coupling and/or modal interference be present. Examination of the overall shapes of 
the fundamental translational mode shapes (Fig. 4.2) reveals that the behavior of the Durango 
building is somewhere between that of a shear cantilever beam and a flexural cantilever beam for 
both translational directions. A similar conclusion as to overall building behavior was made based 
upon the observed frequency ratios (Section 4.2.1). 
The degree to which the primary component mode shapes of Figs. 4.2 and 4.3 represent the 
actual response of the Durango building is primarily dependent upon two factors: the degree of 
frequency separation and the amount of damping. For structures with well separated resonant 
frequencies and small damping, primary component mode shapes prove to be good estimators of 
actual building response. For structures with closely spaced resonant frequencies, however, primary 
component mode shapes fail to portray the coupling of modal components present in the response 
of the structure, and subsequently, fail to portray accurately the actual response of the structure 
(Jennings, et al. 1972). Delimitation of the five mode shapes in Figs. 4.2 and 4.3 into EW, NS and 
torsional components of motion was prohibited due to insufficient data. However, as discussed 
below, the amount of coupling expected to be present in each ?f these mode shapes is minimal. 
Some measurements were taken to determine the degree of coupling of modal components 
present for the Durango building during fundamental EW excitation. These measurements showed 
that the torsional component of motion for Floors 1 and 3 was less than 1.5% of the respective EW 
floor motion, and that the NS translational component of motion for Floors 5, 7 and 10 was 5-10% 
of that recorded for the EW motion of each respective floor. Both of these secondary components 
of motion are relatively small, and reflect the occurrence of negligible coupling for the first EW 
mode of the Durango building, a characteristic not unexpected as the resonant frequencies are 
separated, the damping is small and the stiffness and mass distribution of the Durango building is 
basically symmetric about the EW centerline. Similar measurements to detect coupled response 
were not made for the other four vibrational modes tested due to time limitations and the 
supposition that the amounts of coupling present for these four modes would be similar in magnitude 
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to those values experienced for the fundamental EW motion, because of the overall symmetrical 
nature of the Durango building in conjunction with the well-separated, higher mode natural 
frequencies (Jennings, et ale 1972). 
4.2.3 SoH-SLructure Interaction 
The results of the detailed base motion measurements for the fundamental EW and NS 
translational modes are shown in Figs. 4.4 and 4.5, respectively. In these figures, the dashed grid 
represents the undeformed position of the basement slab and the heavy lines, connecting the points 
of measured displacement, represent the maximum deformed position of the basement slab. Small 
arrows, depicting the translational and vertical components of displacement, connect the column 
points between the aforementioned positions. The deformation scales of 0.32 mm and 0.14 mm 
used in Figs. 4.4 and 4.5, respectively, represent 10% of the maximum roof displacements 
measured during fundamental EW and NS excitation, respectively. In creating these figures, some 
extrapolation of the experimental data was required as displacement measurements were not 
measured at all column points (Section 3.4.4). 
As can be observed from Figs. 4.4 and 4.5, the voided mat floor system of the basement level of 
the Durango building exhibits negligible inplane deformations. The basement level is almost rigid in 
its translation, a response which directly reflects high inplane rigidity. Vertical displacements, in 
addition to those due to rocking of the foundation, are present, however, and represent bending 
deformations of the slab. The vertical displacements incurred during first EW excitation are 
controlled by the steel braced frames, as discerned from the concave dishing of the slab along NS 
column lines A and C (Fig. 4.4). 
The relative percentages of roof motion attributable to base translation, foundation rocking and 
structural deformation are delimited for the first two mode shapes (Fig. 4.2). In determining the 
foundation rocking percentages, the average base rotations (calculated from the detailed base 
motion measurements, Section 3.4.4), together with the concept of similar triangles, were used. For 
the fundamental EW mode shape, the average base translation contributes 4.2% of the measured 
roof translation and the average base rotation, 46%. Together, these two components of base 
motion account for approximately 50% of the total EW roof motion. For the fundamental NS mode 
shape, the average base translation contributes 6.7% of the measured roof translation and the 
average base rotation, 49%. Together, these two components of base motion account for 
approximately 55% of the total NS roof motion. In both directions, the influence of foundation 
compliance in the form of translation and rotation of the base on the dynamic response of the 
Durango building during the forced vibration tests is significant and reflects the combination of a 
very soft soil and a stiff building. The higher interaction effects observed for the NS direction can be 
attributed to the higher stiffness of the building in the NS direction, as foundation flexibility has a 
greater effect on stiff framed structures than on flexible framed buildings (Luco, et a1. 1988). 
4.2.4 Story Shear Distribution 
The results from the L VDT measurements were converted to axial strain, axial stress and axial 
force and are presented in Table 4.3. The interpretation of the measured L VDT deformations as 
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purely axial in nature was diScussed earlier in Sections 3.3 and 3.4.5. As can be seen from 
Table 4.3, the observed stresses are quite small, ranging in value from 0.097 MPa (14 psi) for the 
RC column C-l at the basement level to 3.071 MPa (445 psi) for one of the diagonal steel braces of 
Story 1, and reflect the low level of force applied during first EW excitation. 
The shear forces carried by the steel braced frame on the south end of the Durango building 
during first EW excitation at the first story, PB and basement levels were determined from the axial 
forces reported in Table 4.3, and are 39.4 kN, 27.0 kN and 29.8 kN, respectively. In determining 
the 27.0 kN value reported for the PB level, the assumption was made that both diagonal braces 
carried the same axial force. This assumption was based upon the observation that at the basement 
level, the forces carried by these two diagonal braces differed by only 3.7%. The values reported in 
Table 4.3 for the steel braced frame on the south end of the building were necessarily assumed to be 
applicable to the steel braced frame on the north end of the building as separate L VDT 
measurements were not made for the north frame during the forced vibration tests. 
The story weights in Table 2.7, together with the measured building responses, allowed 
determination of the lateral story forces induced to the Durango building during first EW forced 
excitation. Tnese story shear forces, togeL~er with the L VDT measured steel braced frame forces 
(Table 4.3), allowed determination of the story shear force distribution among the steel and RC 
members at a given level. As shown in Table 4.5, the percentage of the story shear carried by the 
steel braced frames for the basement, PB and first stories was 53.8, 49.4 and 74.2%, respectively. 
The lower percentages of story shear carried by the steel braced frames for the basement and PB 
stories most likely reflect the stiffening effect of the foundation soil to the embedded RC frame 
members. No attempts were made to represent this foundation stiffening phenomenon in the 
analytical model described below. 
4.3 Analytical Model Development 
The Durango building was modelled using FINITE, a general purpose finite element analysis 
program. The original model was developed using assumptions consistent with normal structural 
analysis. Structural propenies were derived from the design drawings and material properties were 
taken as specified. These properties, along with the soil spring constants, were adjusted as necessary 
until the results of the static elastic and modal analyses successfully reproduced the results measured 
during the forced vibration tests. Presented in this section are the original analytical model, the 
refinement procedure and the final analytical model. 
4.3.1 FINITE Computer Program 
FINITE is a general purpose finite element computer system capable of analyzing linear and 
nonlinear structures. Its current dynamic capabilities are limited to modal analyses computations 
only. 
The program supports a variety of element types which can be used alone or in compatible 
combinations. Used in developing the analytical model for the Durango building were the following 
three elements: 
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• 3D SPACEFRAME Structural Beam Element 
• 3D SPACETRUSS Axial-load Carrying Element 
• 1D Linear Elastic Spring Element 
The 3D SPACEFRAME structural beam element was used to model all structural members of the 
original Durango building superstructure. One beam element was used for each RC column or 
beam. The eccentricity property option for the 3D SPACEFRAME structural beam element was 
utilized to allow for the representation of the effect of finite joint sizes in the RC frames. The 
structural beam element was also used to model the steel braced frames and the connections 
between the steel braced frames and the original RC frames. One beam element ~as used for each 
steel column or diagonal brace and for each point of connection. The SPACETRUSS axial-load 
carrying element was used to model the rigid floor diaphragm action observed to exist for the 
Durango building. The iD linear elastic spring element was used to model the compliance of the soft 
underlying soils. 
Of the various analysis options offered by FINITE, only two were used in developing the 
analytical model for the Durango building. Static elastic analyses were used to determine displaced 
shapes andlor diagonal steel cross-bracing shear forces (Section 4.3.3), while modal analyses, using 
subspace iteration, were used to compute natural frequencies and mode shapes. A lumped mass 
matrix was used to represent the spatial distribution of the mass of the building during modal 
analysis. 
4.3.2 Analytical Model 
(a) Modellin, Assumptions 
A number of assumptions were made about the Durango building prior to the development of 
the detailed aratytical model. Most of these assumptions are consistent with those commonly used 
for structural aratysis. However, the three-dimensional character of the model and the flexible base 
of the model are two assumptions not normally made in the design office for buildings of this size. 
These two auumpoons were made because of the anticipated indepth analysis to be performed in a 
later phase of thf research project, and because of the large degree of foundation compliance 
observed to ~ust for the Durango building, respectively. 
Over S ~ of t.hc observed roof motions incurred during the forced vibration tests were due to 
foundauon comph.ance (Fig. 4.2). This result dictated the need to model the Durango building with 
a flexible ~M One. two or three iD linear elastic translational springs were strategically located at 
each column pot.nt of the basement level to achieve the necessary foundation flexibility (Fig. 4.6). 
The SPrinl corut.ants U50Ciated with each of the springs were determined by trial and error. 
Results from the forced vibrations tests showed that the floor slabs of the Durango building had 
significant in-p~ne rigidity and moved essentially as rigid diaphragms (Section 4.2.3). 
Representation of this rigid diaphragm action of the floor slabs was accomplished with the use of 
very stiff, horizontal truss elements interconnecting each floor node as shown in Fig. 4.7. In 
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selecting the axial stiffness assigned to each of these truss elements, care was taken to insure that the 
rigid diaphragm effect was properly achieved without creating numerical ill-conditioning. 
Structural beam elements were used to model the steel braced frames of the Durango building. 
These elements were used irt..stead of truss bar elements because of the rigid nature of the steel 
braced frames. Each component of the steel braced frames was fully welded to its interconnecting 
brace neighbors and to the elements connecting the steel braced frames to the original RC building. 
StrucnuaI beam elements were also used to model the connections between the steel braced frames 
and the original RC frames. The original properties assigned to each of the connection elements 
were the structural properties of the largest incoming steel framing member. 
Clear span dimensions for the flexible column lengths and centerline dimensions for the flexible 
beam lengths were used in modelling the joint behavior of the original moment-resisting frame. The 
use of clear span flexible column lengths follows the recommendation of § 13.7.4, ACI 318M-83, 
which states that columns can be considered infinitely stiff over the depth of the floor slab or 
interconnecting beam. 
(b) Model Description 
The finite element model derived for the Durango building was based upon the information 
contained within the original and retrofit design drawings. Overall building dimensions and column, 
girder and brace dimensions were extracted from the design drawings and used to determine the 
structural properties of the model. Gross concrete dimensions were used in performing all 
calculations. Column areas and moments of inertia were calculated assuming rectangular sections. 
Beam areas and moments of inertia were calculated assuming T -beam and L-beam sections. The 
effective flange widths used for the equivalent beam sections were determined according to the 
provisions of § A.9.6, ACI 318M-83. 
In determining the element properties for the strengthened exterior columns of Stories PB, 1, 2 
and 3 of Frames 1 and 5, the assumption was made that the original RC columns and their steel plate 
encasements functioned monolithically in resisting dynamic forces. Element stiffnesses were 
therefore determined from the composite cross-section with due consideration being given to the 
varying material moduli. Strain compatibility at the the interface petween the two material types was 
also enforced by use of the parallel axis theorem. 
Because no in situ material tests were performed. the material properties used in determining 
the initial member stiffnesses were those specified on the design drawings. A concrete compressive 
strength of !c' = 24.5 MPa (3550 psi) was specified for the original RC structure. This strength value 
was used to derive a modulus of elasticity of 15500 MPa (2250 ksi) for the concrete. As per 
Publication No. 401 of the UNAM Research Institute of Engineering, the equation of: 
lCXXX> x f!c' x 9.81 m/sec 2 
E - 100 (MPa) (4.1) 
where Ie' is in kglcm2 was used in determining the modulus of elasticity. Equation (4.1) yields a 
much lower modulus of elasticity than does its ACI 318M-83 counterpart and reflects the lower 
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quality of the aggregate used in Mexican concrete. A36 structural steel was specified for all retrofit 
steels. A modulus of elasticity of 200000 MPa (29000 ksi) was used in determining the stiffnesses 
contributed by the steel retrofit members. 
The total story mass was calculated for each floor. The weight densities used in calculating the 
story masses were as follows : 
Reinforced Concrete 
Structural Steel 
Masonry Block 
23.5 kN/m3 
76.9 kN/m3 
14.7 kN/m3 
Contributions from other dead loads such as floor covering, elevator equipment, air conditioning 
equipment, and electrical and mechanical equipment, and a permanent live load of 883 N/m2 were 
also included in the mass calculations. The loads represent a best guess at the loads present at the 
time of the forced vibration tests. The total weights for each floor are listed in Table 2.7. The 
distribution of these floor weights to the nodes of the analytical model was made according to 
tributary area. 
The RC shear walls and the masonry block infill walls were modelled by diagonal struts spanning 
between adjacent columns. Plate elements were not used to model the walls because of the large 
number of additional nodes required by these elements. The diagonal strut properties were 
determined by equating deflections. For a given wall panel, two analyses were performed. One 
analysis involved modelling the wall panel with plane stress, 4-node rectangular elements and the 
other analysis involved the use of two diagonal struts. Both models were subject to the same 
horizontal load and the top lateral deflections were noted. The axial areas of the diagonal struts 
were adjusted until the lateral displacement of the strut configuration matched the lateral 
displacement of the panel configuration. 
The resulting fmjte element model has 1482 elements and 317 nodes: 23 nodes at the basement 
level, 17 nodes at the PB level, 25 nodes each at floors 1-10, 21 nodes at the roof level and 6 nodes 
at the PHR level. SIX degrees of freedom are considered at each node for a total of 1902 equations. 
A plan view of the model is shown in Fig. 4.7. The lighter lines represent the rigid diaphragm truss 
elements and the huvier lines represent the moment resisting structural beam elements. The circles 
represent the nocU] points. Sections along Frames 1 and A of the Durango building are shown in 
Fig. 4.8. Once apm. the heavier lines represent the moment resisting structural beam elements, 
and the hJhter bncs npresent the RC shear wall and masonry block infill wall truss elements. 
4.3.3 CornlabOil of Model to Results of Forced Vibration Tests 
The i.ruual 3D an&lytical model of the Durango building (described above in Section 4.3.2) 
reproduced qwu well the Vibrational characteristics, soil-structure interaction and story shear force 
distribution lMalo\Jnd during the forced vibration tests. Fundamental EW and NS natural 
frequenciei were only 6.0% and 8.2% too large, respectively, base translation and foundation 
rotation were only s.l1ghtJy overestimated, and the total shear force carried by the steel braced 
frames at the first story level was only 4.5% too small. This degree of correlation is remarkable and 
can be attributed to the regularity and simplicity of the building. Although the initial 3D analytical 
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model reproduced the measured quantities quite well, model refinement was deemed desirable and 
proceeded as outlined below. 
Improvement of the analytical model modal properties could be achieved by revising either the 
mass or stiffness parameters originally assigned to the Durango model. Because greater confidence 
was held in the assigned story masses than in the assigned stiffness parameters, the decision was 
made to adjust only the stiffness parameters. 
Model refinement efforts were directed first towards the reproduction of the measured 
distortional components of motion of the fundamental translational mode shapes, story by story 
(Fig. 4.2), and the total shear force carried by the steel braced frames at the first story level for the 
fundamental EW mode. The actual magnitudes of the distortional components of motion incurred 
during the forced VIbration tests were calculated assuming that building response was sinusoidal in 
nature with respect to time. Thus, given that i:(t) = c sin aJt represents the floor acceleration, 
x{t) 8E -i(t)/ar represents the floor displacement, where W is the natural circular frequency of 
vibration. Static elastic analyses of the fixed based model were performed first in the EW and then 
in the NS directions. For these analyses, the lateral loads applied in each direction were the 
maximal distortional inertial loads experienced by the building during the forced vibration tests. The 
stiffness parameters in the analytical model were adjusted in steps until the measured and computed 
fixed base mode shapes and the total first story level steel braced frame shear force were in 
reasonable agree~ent. The resulting stiffness parameters varied over the structure height 
(Table 4.4). The moments of inertia for the beams of floors three through six of Frames 1 and 5 
and of floors PB, one through six of Frames 2, 3 and 4 were reduced by a factor of two to reflect 
cracked conditions. The longitudinal stiffnesses provided by the masonry and RC infill walls were 
reduced 0-99% and 0-69%, respectively. The transverse stiffness provided by the steel braced 
frames was effectively reduced by adjusting the structural properties of the connection elements. 
The axial, shear and flexural stiffnesses of the connection elements were reduced by 97.5-99.8%. 
The need to reduce the transverse stiffness provided by the steel braced frames most likely 
reflects a gross overestimation of the stiffnesses assigned to the connection details in the original 
model, but may also reflect the existence of loose connections between the steel braced frames and 
the original RC structure at the time of the forced vibration tests. The connections between the steel 
braced frames and the original RC structure were rigid immediately after construction. As shown in 
Fig. 2.19 for the typical detail. two continuously welded 1/2" steel plates were used to connect the 
steel diagonal bracing members to the existing RC spandrel beam. The spandrel beam was locally 
reinforced by sandwiching the beam between two 112" steel plates held in place by expansive mortar 
and ten 1" diameter anchor bolts. Because of the extreme stiffness present within this connection, 
loosening of the bolts probably occurred during the strong shaking of the 1985 earthquake. This 
loosening would lower the effective connection stiffness properties and would probably account for 
the majority of the 13% change in fundamental transverse stiffness noted earlier in Section 4.2.1. 
Adjustment of the stiffnesses assigned to the connection elements effected both the magnitudes 
and the distribution of the forces transmitted between the steel braced frames and RC Frames 1 and 
S. For example, as originally modeled, the six connection elements at the first floor level carried a 
total shear load of 52.7 k.N and the steel braced frames at the first story level carried a total shear 
load of 79.8 kN, or 75.2% of the lateral force applied at the first story level. In contrast, the six 
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connection elements of the refined analytical model at the first floor level carried a total shear load 
of 3.13 kN and the steel braced frames at the first story level carried a total shear load of 78.9 kN, or 
74.2% of the lateral force applied at the first story level. 
Having recreated the measured distortional components of motion of the fundamental 
translational mode shapes and the total shear force carried by the steel braced frames at the first 
story level for the fundamental EW mode, refinement efforts were directed towards the flexible 
based analytical model. To be matched were the translational and rotational rigid body components 
of motion of the fundamental translational mode shapes and the total shear force carried by the 
steel braced frames at the first story level. The latter criterion required stiffening all foundation 
beams by a factor of 100, a modification which proved to be of benefit to the matching of the 
rotational components of base motion as well. The increase in stiffness required by the foundation 
beams is believed to be representative of the stiffening effect of the foundation soil on the voided 
mat basement floor system. 
The translational soil spring constants, Ksx and Ksz' were determined from the base shears 
experienced during fundamental EW and NS forced excitations, respectively. The initial estimates 
of the vertical soil spring constants, KSYi, were determined from the overturning moments 
experienced during fundamental EW and NS forced excitations. The final assignment of Ksyi to 
each of the 21 1D vertical springs was by trial and error. The best assignment of KsyJ and KSY2 was 
that which satisfied not only the rotational components of base motion but also yielded natural 
frequencies nearest to those measured in the field by the forced vibration tests. Figure 4.6 pictorially 
illustrates the locations and magnitudes of the 1D linear elastic springs used to simulate the observed 
soil structure interaction for the Durango building. 
The goodness-of-fit achieved by the refined Durango model for low amplitude vibrations can 
be seen by comparing the model's natural frequencies (Table 4.1) and mode shapes (Figs. 4.2 and 
4.3) to those measured during the forced vibration tests. Because of the refinement procedure used, 
an understandably high degree of correlation exists between the measured and computed 
vibrational characteristics for the first EW and NS modes. Lesser degrees of correlation exist for the 
first torsional and second EW and NS translational modes, primarily because the selected soil spring 
constants are frequency independent and were chosen to match the observed base motions of the 
fundamental translational modes and not those of the higher modes. Because soil stiffness is 
frequency dependent and soil spring constants are frequency independent, the spring constants are 
representative of the underlying soil stiffness only for the lowest natural frequencies of the building. 
In addition to matching the vibrational characteristics, the refined Durango model corroborates 
the steel braced frame forces measured by the L VDT during the forced vibration tests for the first 
story level as shown in Table 4.5. The percent difference between the total shear force carried by 
the steel braced frames during first EW forced excitation and the total shear force carried by the 
steel braced frames of the refined model at this level is 0.21%. As mentioned earlier, no attempts 
were made to model the stiffening effect of the foundation soil to the embedded RC frame members 
(Section 4.2.4), and therefore, the model understandably overestimates the total shear force 
carried by the steel braced frames at the basement and PB story levels by 30% and 43%, 
respectively. 
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4.4 Modal Analyses Results 
The three-dimensional character of each of the first five computed mode shapes, as 
determined by modal analysis of the refined analytical model, are shown in Figs. 4.9, 4.10, 4.11, 
4.12 and 4.13. In these figures, the dashed lines represent the undeflected shape of the structure, 
while the solid lines represent the computed mode shape. For reasons of clarity, the complete model 
is not shown in the figures. Rather, shown only are the structural beam and column elements and the 
steel braced frames. 
VISUal examination of the first five computed three-dimensional mode shapes reveals that 
little-to-no coupling exists between the individual modes. A similar phenomenon, that of limited 
coupling, was experienced during the forced vibration tests (Section 4.2.2). This fact, together with 
the good correlation shown to exist between the measured and computed primary component mode 
shapes (Figs. 4.2 and 4.3) provides basis for the hypothesis that a significant degree of correlation 
exists between the measured and computed three-dimensional mode shapes. 
Modal analyses of the refined analytical model allowed determination of the effect of 
soil-structure interaction on the numerical values of the natural frequencies. Comparison of the 
results for a fixed base model to those of a flexible base model revealed that foundation flexibility 
decreases the natural frequency from about 1.13 Hz to 0.792 Hz in the EW direction and from 
about 1.499 Hz to 1.015 Hz in the NS direction. 
Modal analyses of the refined analytical model also indicated that immediately following retrofit 
(new steel braced frames and RC infiIl walls), the increase in stiffness due to retrofit was 
approximately 167% in the EW direction and 180% in the NS direction. In addition, these same 
analyses provided additional proof to the already substantiated fact that the Durango building is a 
softening dynamic system (Section 4.2.1). Comparison of the 0.839 Hz fundamental EWfrequency 
for the newly retrofit model to the 0.875 Hz fundamental EW frequency determined by Del Valle 
using ambient vibrations for the newly retrofit building revealed that the increased force level used 
during the forced vibration tests (L4S4) causes a 4.3% decrease in the fundamental EW natural 
frequency. 
4.5 Summary 
The forced vibration test results proved to be invaluable to the development of the 3D analytical 
model of the Durango building. The L VDT measurements taken during the forced vibration tests 
allowed for an approximate determination of the distribution of the lateral forces between the steel 
braced frames and the original RC members. In addition, the detailed base motion measurements 
revealed the presence of significant soil-structural interaction. Over 50% of the measured roof 
motions was due to foundation translation and rotation. The inclusion of these base rigid body 
motions in the analytical model is important as the inertial forces associated with soil-structure 
i.'lteraction can generate a substantial portion of the deformation experienCed by t..'1e structure 
(Luco, et al. 1988). 
Following model refinement, the fundamental translational natural frequencies and mode 
shapes, soil-structure interaction and first story level brace forces of the analytical model correlated 
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well with their respective field-observed counterparts. Lesser degrees of correlation were attained 
for the higher vibrational modes because the frequency independent soil spring constants· were 
selected to match the observed base motions of the fundamental translational modes. Iterative 
adjustments to the soil, masonry, reinforced concrete, and steel braced frame-RC frame 
connection moduli were necessary to attain the high degree of correlation observed. 
Modal analyses showed that the steel braced frames and RC infill walls successfully stiffened the 
Durango building in the EW and NS directions, and that foundation flexibility has a significant 
effect upon the natural frequencies of the building. 
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CHAPTER 5 
RESULTS OF FORCED VIBRATION TESTS AND MODAL ANALYSES 
FOR THE PARK ESpANA BUILDING 
5.1 Introduction 
The results of the forced VIbration tests were used to refine the 3D analytical model originally 
developed from the architectural sketches and retrofit design drawings. The refined model accounts 
for foundation effects, and comparisons of analysis and experiment indicate that the model 
represents the building well for low amplitude vibration. Presented in this chapter are the results of 
the forced vibration tests, a description of the analytical model, a comparison between the analytical 
and measured vibrational characteristics and a discussion of modal analysis results for the Park 
Espana building. Because the procedures used in analyzing the data from the forced vibration tests 
were discussed in Chapter 3, only the results of the forced vibration tests are presented below. 
5.2 Results of Forced Vibration Tests 
The results of the forced vibration tests provided pertinent information on building vibrational 
characteristics, soil-structure interaction, and story shear force and stiffness distributions, and are 
presented below. The vibrational characteristics identified for the Park Espana building included 
natural frequencies, mode shapes and system damping values for the first five modes of vibration. 
5.2.1 Natural Frequencies and Damping Values 
The force levels applied to the Park Espana building during the forced vibration tests ranged 
from 1.87 to 55.1 kN. However, because of resonant response tendencies, the maximum level of 
force did not produce the largest building response. Rather, the maximum NS roof displacement 
experienced by the Park Espana building during NS excitation was 1.8 mm, occurred at 0.910 Hz, 
had an associated peak acceleration of 0.0060 g, and was produced by a force of 3.16 kN. Similarly, 
the maximum EW roof displacement experienced during EW excitation was 1.2 nun, occurred at 
1.105 Hz, had an associated peak acceleration of 0.0057 g, and was produced by a force of 4.37 
kN. 
The measured natural frequencies of vibration and the associated system damping ratios for the 
first five modes of the Park Espana building are listed in Table 5.1, along with computed frequency 
ratios. The damping values increase with natural frequency. The 3.6% damping value for the first 
NS vibration mode lies midrange between the 2% and 5% damping values recommended for 
minimally strained (elastic) steel and cracked reinforced concrete structures, respectively (Chopra 
and Newmark, 1980), and suggests that both the diagonal steel cross-bracings and the original RC 
moment resisting frame contribute to the NS damping value. The 6.9% and 11.3% damping values 
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for the first and second EW vibration modes, respectively, are greater than the 5% damping value 
recommended for minimally strained, cracked reinforced concrete structures. Three possible 
explanations for these larger-than-normal EW damping values are substantial damping 
contributions from the surrounding soil (Luco, et al. 1988), previously experienced large strains, 
and inaccuracies due to modal interference (Hoerner, et al. 1969; Jennings, et al. 1972). 
The close spacing of the two lowest vibration frequencies (first NS and first EW) reflects the 
modal interference inherent in the Park Espana building. Efforts were made during data reduction 
to account for this modal interference by using 90° out-of-phase components of response (see 
Section 3.4.3). 
The frequency ratios of 3.9 and 3.8 for the second natural frequencies in the NS and EW 
translational directions, respectively, suggest overall structural response in these directions similar to 
that of a shear building (1;1/1 = 1,3,5, ... ) (Carydis and Mouzakis, 1986). This observation appears 
to be anomalous as a significant contribution from the trussed bracing system is expected, a 
contribution which, if present, would tend to give a cantilever type of response (fi If 1 = 
1,6.3,17.6, ... ). An explanation for the difference in behaviors, between the anticipated behavior 
and the actual behavior, is as follows: the frequency ratios commonly used to measure building 
response are based upon planar fixed base modal response. The Park Espana building exhibited 
highly nonplanar modal responses and a significant amount of foundation compliance. Therefore, 
the commonly applied frequency ratios should not be expected to hold true for the Park Espana 
building. 
As reported in Section 2.3.3, the fundamental frequency of the Park Espana building in the NS 
direction immediately following retrofit was measured to be 1.25 Hz by ambient vibrations. 
Comparison of this 1.25 Hz frequency to the 0.910 Hz fundamental NS frequency determined 
during the forced vibration tests reveals that the Park Espana building incurred a substantial stiffness 
change (approximately 47%) sometime during the time between retrofit completion (late 
1979-early 1980) and the January 1987 vibration tests, most likely during the 19 September 1985 
earthquake. The primary cause for this change in stiffness is believed to be structural damage 
(Section 2.3.4). Differences in applied force levels, ambient versus forced vibration, may also have 
contributed slightly to the observed stiffness change. 
5.2.2 Vibrational Mode Shapes 
The first five primary component mode shapes measured for the Park Espana building are 
shown in Figs. 5.1 and 5.2. These mode shapes are deemed "primary" in that each represents the 
total building response measured in the direction of forced excitation at resonance along vertical 
line D-2 (Fig. 2.23). No efforts were made to abstract the response contributions made by the other 
modes to the total measured building response in developing these mode shapes. For example, the 
first NS mode shape represents the total NS translational component of response measured during 
fundamental NS excitation, and includes a NS translational contribution due to building rotation 
should modal coupling andlor modal interference be present. Examination of the overall shapes of 
the fundamental translational mode shapes (Fig. 5.1) reveals that the behavior of the Park Espana 
building is somewhere between that of a shear cantilever beam and a flexural cantilever beam for 
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both translational directions. In each direction, the lower four stories appear to be dominated by 
flexure while the remaining stories appear to be dominated by shear. 
The degree to which the primary component mode shapes of Figs. 5.1 and 5.2 represent the 
actual three-dimensional character of building response is dependent upon the amounts of modal 
interference and modal coupling present during building excitation. Modai interference involves the 
interaction of two or more vibrational modes with closely spaced resonant frequencies, and can 
occur in symmetrical, as well as, nonsymmetrical structures. For example, a torsional mode having a 
component of motion in the direction of forced excitation and a resonant frequency close to that of 
the excited translational mode will be excited in addition to the translational mode, thereby 
influencing the response of the structure about the translational natural frequency. Modal coupling, 
on the other hand, occurs in a single mode when the building is dynamically asymmetric. Inertial 
loads applied to the centers of mass effectively create torques about the centers of rigidity, resulting 
in both translational and rotational components of motion for a given mode of vibration (Hoerner, 
et al. 1969; Jennings, et al. 1971; Foutch, 1976). If the amounts of modal interference and modal 
coupling present in the Park Espana building are small, the primary component mode shapes of 
Figs. 5.1 and 5.2 provide good representations of actual building response. 
Figures 5.3 and 5.4 provide a means for examining the degree to which the primary component 
mode shapes of Figs. 5.1 and 5.2 represent the actual response of the Park Espana building. Figures 
5.3 and 5.4 present the two translational and one rotational components of motion for the EW (x) 
and NS (y) motions of the geometric center and the average rotation (Re) of the floor, respectively, 
for four of the five vibration modes studied. Measurements taken at Columns A-2 and D-2 and at 
the middle of the steel braces of Frames 1 and 3 for selected floor levels (Section 3.3.2), together 
with the assumption that each floor moved as a rigid body, were used to determine the components 
of motion shown in these two figures. Due to insufficient data, components of motion are not shown 
in Fig. 5.3 for the fundamental EW mode. 
In computing the rotational component of motion, Ret the value used for R of 9.761 m was the 
distance from the geometric center of the floor slab to the most extreme column, Column D-4. 
Defining R in this manner allows for the direct determination of the most highly stressed column 
during earthquake excitation from the x, y and Re components of motion (Foutch, 1976). The 
value used for e was the average of the two rotational angles determined from the measurements 
taken at Columns A-2 and D-2 and from the measurements taken at the middle of the steel braces 
of Frames 1 and 3. The differences found between these two angles of rotation for floors above the 
PB level ranged from 2% to 27%, with the larger differences occurring for the floors of the stories 
most damaged during the 1979 and 1985 earthquakes (Floors 3, 4 and 5). The less than 10% 
difference between rotation angles observed for the upper stories provided the basis for the rigid 
diaphragm assumption used in representing the inplane behavior of the floor response. The use of 
the rigid diaphragm assumption in determining the three components of motion for all floors is an 
approximation as differential slab rotation indicates the occurrence of deformation of the floor 
system. 
Examination of Figs. 5.3 and 5.4 reveals that coupling with secondary components of motion 
occurred for all four modes studied. For example, for the first NS mode, excitation of the building 
in the NS direction resulted primarily in NS translational response. However, response in the EW 
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direction was also detected at Columns A-2 and D-2, thereby indicating that a rotational 
component existed for the motion as well. The rotational coupling determined for the second NS 
and EW modes was significant. The torsional component of motion for these two modes, for each of 
the floors studied, was more than 50% of the respective principal floor motion. 
The coupling observed in Figs. 5.3 and 5.4 is most likely attributable to modal coupling and not 
to modal interference as the natural frequencies are somewhat separated for the Park Espana 
building and because data reduction was performed using 90 0 out-of-phase components of 
response (Section 3.4.3) (Jennings, et al. 1972). The presence of modal coupling is not unexpected 
as the floor plan is asymmetrical and the centers of mass and rigidity do not coincide. 
The primary component mode shapes presented earlier in Figs. 5.1 and 5.2 are also shown in 
Figs. 5.3 and 5.4 by shading. Comparison of these primary component mode shapes to the 
corresponding principal components of motion show that the primary component mode shapes 
represent the one-dimensional response of the Park Espana building well, but fail to provide insight 
into the more complex three-dimensional nature of the structural response. 
5.2.3 Soil-Structure Interaction 
The results of the detailed base motion measurements for the fundamental NS and EW 
translational modes are shown in Figs. 5.5 and 5.6, respectively. In these figures, the dashed grid 
represents the undeformed position of the PB slab and the heavy lines, connecting the points of 
measured displacement, represent the maximum deformed position of the PB slab. Small arrows, 
depicting the translational and vertical components of displacement, connect the column points 
between the aforementioned positions. The deformation scales of 0.18 mm and 0.12 mm used in 
Figs. 5.5 and 5.6, respectively, represent 10% of the maximum roof displacements measured during 
fundamental NS and EW excitation, respectively. In creating these figures, some extrapolation of 
the experimental data was required as displacement measurements were not measured at all column 
points (Section 3.4.4). 
As can be observed from Figs. 5.5 and 5.6, the solid mat floor system of the PB level of the Park 
Espana building exhibits negligible inplane deformations. The PB level is almost rigid in its 
translation, a response which directly reflects high inplane rigidity. Vertical displacements, in 
addition to those due to rocking of the foundation, are present, however, and represent bending 
deformations of the slab. These bending deformations are particularly pronounced during first NS 
excitation, and are controlled by the diagonal steel cross-brac.ings of the central bays of Frames 1, 2 
and 3. This point is illustrated by Fig. 5.7 which shows the vertical displacements of the PB slab for 
Frame 3 during first NS excitation. Note the large rotation which occurs for the central bay during 
the NS vibration. 
The relative percentages of roof motion attributable to base translation, foundation rocking and 
structural deformation were delimited for the first two mode shapes (Fig. 5.1). In determining the 
foundation rocking percentages, the average base rotations (calculated from the detailed base 
motion measurements, Section 3.4.4), together with the concept of similar triangles, were used. For 
the fundamental NS mode shape, the average base translation contributes 6.4% of the measured 
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roof translation and the average base rotation, 27%. Together, these two components of base 
motion account for approximately 34% of the total NS roof motion. For the fundamental EW mode 
shape, the average base translation contributes 11% of the measured roof translation and the 
average base rotation, 31%. Together, these two components of base motion account for 
approximately 42% of the total EW roof motion. In both directions, the influence of foundation 
compliance in the form of translation and rotation of the base on the dynamic response of the Park 
Espana building during the forced vibration tests is significant and reflects the combination of a very 
soft soil and a stiff building. The higher interaction effects observed for the EW direction can be 
attributed to the higher stiffness of the building in the EW direction, as foundation flexibility has a 
greater effect on stiff framed structures than on flexible framed buildings CLuco, et a1. 1988). 
5.2.4 Story Shear Distribution 
The results from the L VDT measurements were converted to axial strains, axial stresses and 
axial forces and are presented in Table 5.2. The interpretation of the measured L VDT 
deformations as purely axial in nature was discussed earlier in Sections 3.3 and 3.4.5. As can be 
seen from Table 5.2, the observed stresses are quite small, ranging in value from 0.017 MPa (2.5 
psi) for the RC column A-2 to 0.883 MPa (128 psi) for one of the diagonal steel cross-bracings, 
and reflect the low level of force applied during first NS excitation. 
The total shear force carried by the diagonal steel cross-bracings at the PB level during first NS 
excitation can be determined from the axial forces reported in Table 5.2 and is 8.62 kN. The shear 
force carried by each individual braced bay varied as follows: 
Column Shear Force 
Line (kN) 
1 1.29 
2 2.46 
3 4.87 
and reflects the nonp~rar modal response exhibited by the Park Espana building during excitation. 
Three oth~r obwrvauons were made in regards to the Park Espana building L VDT 
measuremenu. FlT'St. the nagnitudes of the axial brace force above and below the point of 
X-intersection arc apprOXllTlately equal. As shown for Column Line 1, the force measurements for 
locations Band C diner by only 3.1 %, while those for locations A and D differ by 5.7%. Second, the 
diagonal cr0S5-bracm" are essentially axial load-carrying members. As shown for location B of 
Column Lin~ 3. Ow dtfterence between the axial stresses measured on the west and top faces of this 
brace are only 1.Z' And thud, the continuous brace consistently carries more axial load than does 
its interrupted counterpart. The fabrication of each diagonal cross-bracing allowed only one of the 
diagonal bracma ~mbc" to be continuous for the story height. The other diagonal bracing 
member, the interrupted counterpart, was composed of two separate elements, each being welded 
to the continuous bracmg member at the point of X-intersection. As shown for all column lines, 
location A of the continuous brace consistently carries more axial load than does location B of the 
interrupted brace. 
41 
The story weights in Table 2.12, together with the measured building responses, allowed 
determination of the lateral story forces induced to the Park Espana building during first NS forced 
excitation. These story shear forces, together with the L VDT measured steel braced frame forces 
(Table 5.2), allowed determination of the story shear force distribution among the steel and RC 
members at the PB level. Only 17% of the lateral force induced to the building during the forced 
vibration tests was carried by the diagonal steel cross-bracings at the PB level. This low percentage is 
attributable to the play present within the RC column/diagonal steel cross-bracing connections 
during the forced vibration tests. 
5.3 Analytical Model Development 
The Park Espana building was modelled using FEAP (Taylor, 1977), a general purpose finite 
element analysis program with nonlinear dynamic capabilities. The original model was developed 
using assumptions consistent with normal structural analysis. Structural properties were derived 
from the architectural sketches and retrofit design drawings and material properties were taken as 
specified. These properties, along with the soil spring constants, were adjusted as necessary until the 
results of the static elastic and modal analyses successfully reproduced the results measured during 
the forced vibration tests. Presented in this section are a brief description of FEAP, the original 
analytical model, the refinement procedure, and the final analytical model. 
5.3.1 FEAP Computer Program 
FEAP is a general purpose finite element analysis program with nonlinear dynamic capabilities. 
Actual program capability is completely determined by the elements developed for the code. Of the 
numerous FEAP elements available, only three were used in modelling the Park Espana building. 
They are as follows: 
• 3D Linear Elastic Structural Beam with Rigid End Zones 
• 2/3D Elastic Truss Bar 
• 3D Linear Elastic Spring 
The 3D linear elastic structural beam element with rigid end zones was used to model all 
structural members of the original Park Espana building superstructure. One beam element was 
used for each RC column or beam. The 3D elastic truss bar element was used to model the retrofit 
diagonal steel cross-bracings. Two truss bars were used for each cross-bracing "X." The truss bar 
element was also used to model the rigid floor diaphragm action observed to exist for the Park 
Espana building. The 3D linear elastic spring element was used to model the compliance of the soft 
underlying soils. 
Of the various analysis options offered by FEAP, only two were used in developing the analytical 
model for the Park Espana building. Static elastic analyses were used to determine displaced shapes 
and/or diagonal steel cross-bracing shear forces (Section 5.3.3), while modal analyses, 
incorporating subspace iteration, were used to compute natural frequencies and mode shapes. A 
lumped mass matrix was used to represent the spatial distribution of the mass of the building during 
modal analysis. 
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5.3.1 Analytical Model 
<a) Modelling Assumptions 
A number of assumptions were made about the Park Espana building prior to the development 
of the detailed analytical model. Most of these assumptions are consistent with those commonly 
used for structural analysis. However, the three-dimensional character of the model and the 
fleXIble base of the model are two assumptions not normally made in the design office for buildings 
of this size. These two assumptions were necessitated by the complex three-dimensional motion of 
the Park Espana building discerned from the results of the forced vibration tests. 
Over 33% of the observed roof motions incurred during the forced vibration tests were due to 
foundation compliance (Fig. 5.1). This result dictated the need to model the Park Espaiia building 
with a flexible base. Fifteen 3D linear elastic springs located at each of the 15 column nodes of the 
PB level (Fig. 2.28) were used to achieve foundation flexibility. The spring constants associated with 
each of the springs were determined by trial and error. Although each spring had six degrees of 
freedom (three translational and three rotational), only the translational degrees of freedom were 
considered as variables. This restriction did not impede the foundation motion in any manner, as 
rotation of the foundation could be achieved by varying the translational spring constants assigned 
to each individual spring. 
Results from the forced vibrations tests also showed that the floor slabs of the Park Espana 
building had significant in-plane rigidity and moved essentially as rigid diaphragms (Section 5.2.2). 
Representation of the rigid diaphragm action of the floor slabs was accomplished with the use of very 
stiff. horizontal truss elements to interconnect each floor node as shown in Fig. 5.8. In selecting the 
axial stiffness assigned to each of these truss elements, care was taken to insure that the rigid 
diaphragm effect was properly achieved without creating numerical ill-conditioning. 
As discussed earlier in Section 5.2.4, the diagonal steel cross-bracings were essentially axial 
load-carrying members. For this reason, truss elements were used to model the diagonal steel 
cross-bracings. 
Clear span dimensions for the flexible column lengths were used in modelling the joint behavior 
of the original moment-resisting frame. This assumption followS the recommendation of § 13.7.4, 
ACI 318M-83. which states that columns can be considered infinitely stiff over the depth of the 
floor slab or interconnecting beam. 
(b) Model Description 
The finite element model derived for the Park Espana building was based upon the information 
contained within the architectural sketches and retrofit design drawUlgs. Overall building 
dimensions and column, girder and brace dimensions were extracted from the design drawings and 
used to determine the structural properties of the model. Gross concrete dimensions were used in 
performing all calculations. Column areas and moments of inertia were calculated assuming 
rectangular sections. Beam areas and moments of inertia were calculated assuming T -beam and 
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L-beam sections. The effective flange widths used for the equivalent beam sections were 
determined according to the provisions of § A.9.6, ACI 318M-83. 
In determining the element properties for the strengthened columns of Frames Band C (Figs. 
2.23 and 2.32), the assumption was made that the original RC columns and their steel lattice 
eficase.[uents functioned monolid"Jcally in resist-..ing dynalI'Jc forces. Element stJffnesses were 
therefore determined from the composite cross-section with due consideration being given to the 
varying material moduli. Strain compatibility at the the interface between the two material types was 
also enforced by use of the parallel axis theorem. 
Additional or dummy columns were included in the model at points D-a and C-a (Fig. 2.28) of 
each story to assist in distributing the mass to each floor. These columns were connected to the 
moment resisting frames and to each other by beam elements. The column properties were derived 
by equating the lateral deflection of a one-bay, one-story structure composed of two columns and 
two beams to the lateral deflection experienced by a one-bay, one-story structure composed of two 
beams and an inplane wall panel, as modelled by 64 plane stress, 4-node rectangular finite 
elements. 
Because no in situ material tests were performed, the material properties used in determining 
member stiffnesses were those specified on the design drawings. A concrete compressive strength of 
!C' = 20.6 MPa (3000 psi) was specified for the original RC structure. This strength value was used to 
derive a modulus of elasticity of 12100 MPa (1750 ksi) for the concrete. The equation of: 
E _ 8500 x f!c' x 9.81 m/sec 2 (MPa) 
100 
(5.1) 
where!c' is in kg/cm2 was used in determining the modulus of elasticity upon the recommendation 
of Professor Enrique Del Valle. Equation (5.1) yields a much lower modulus of elasticity than does 
its ACI 318M-83 counterpart and reflects the lower quality of the aggregate used in Mexican 
concrete. A36 5trucwral steel was specified for all retrofit steels. A modulus of elasticity of 200000 
MPa (29000 ksl) was used in determining the stiffnesses contributed by the steel retrofit members. 
The total nass. center of mass and mass moment of inertia were calculated for each floor. Used 
in calcuaun& these quantities were the following weight densities: 
Reinforced Concrete 
Structural Steel 
Siporex Block 
23.5 kN/m3 
76.9 kN/m3 
5.89 kN/m3 
Contribuuoru fTom other dead loads such as floor covering, elevator equipment, water tanks, and 
electri~l and nwdarual equipment, and a permanent live load of 720 N/m2 were also included in 
the mass uku~uoru. The loads represent a best guess at the loads present at the time of the forced 
vibration kSU 1'"he total weights for each floor are listed in Table 2.12. 
The nod.ll naMeS used in the analytical modes were determined primarily according to tributary 
area. However. minor adjustments were made to the tributary area values to achieve a nodal mass 
distribution which yielded the same center of mass and mass moment of inertia as initially calculated 
for each floor. 
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The RC shear walls were modelled by diagonal struts spanning between adjacent columns. Plate 
elements were not used to model the walls because of the large number of additional nodes required' . 
by these elements. The diagonal strut properties were determined by equating deflections. For a 
given wall panel, two analyses were performed. One analysis involved modelling the wall panel with 
64 plane stress, 4-node rectangular elements and the other analysis involved the use of two diagonal 
struts. Both models were subject to the same horizontal load and the top lateral deflections were 
noted. The axial areas of the diagonal struts were adjusted until the lateral displacement of the strut 
configuration matched the lateral displacement of the panel configuration. In approximating the 
stiffness provided by the siporex walls, a modulus of elasticity of 68.7 1-.fPa (9960 psi) was used. 
The resulting finite element model has 977 elements and 207 nodes: 21 nodes at the PB level, 
20 nodes each at floors 1-9 and 6 nodes at the PHR level. Six degrees of freedom are considered at 
each node for a total of 1242 equations. A plan view of the model is shown in Fig. 5.8. The lighter 
lines represent the rigid diaphragm truss elements and the heavier lines represent the moment 
resisting structural beam elements. The circles represent the nodal points. Sections along Frames 2 
and D of the Park Espana building are shown in Fig. 5.9. Once again, the heavier lines represent the 
moment resisting structural beam elements. The lighter lines of Frame 2 represent the diagonal steel 
cross-bracing truss elements, while the lighter lines of Frame D represent the RC shear wall truss 
elements. 
5.3.3 Correlation of Model to Results of Forced Vibration Tests 
The initial 3D analytical model of the Park Espana building (described above in Section 5.3.2) 
failed to reproduce the vibrational characteristics, soil-structure interaction and story shear force 
distnbution measured during the forced vibration tests. Fundamental NS and EW natural 
frequencies were 41 % and 74% too large, respectively, fundamental translational mode shapes were 
erroneously controlled by flexural-type deflection behavior, base translation and foundation 
rotation were incorrectly represented, and the total shear force carried by the diagonal steel 
cross-bracings at the PB level was 136% too large. Model refinement was necessary and proceeded 
as outlined below. 
Improved analytical model modal properties could be achieved by revising either the mass or 
stiffness parameters originally assigned to the model. Because greater confidence was held in the 
assigned story masses than in the assigned stiffness parameters, the decision was made to adjust only 
the stiffness parameters. 
Model refinement efforts were directed first towards the reproduction of the measured 
distortional components of motion of the fundamental translational mode shapes, story by story 
(Fig. 5.1), and the total shear force carried by the diagonal steel cross-bracings at the PB level for 
the fundamental NS mode. The actual magnitudes of the distortional components of motion 
incurred during the forced vibration tests were calculated assuming that building response was 
sinusoidal in nature with respect to time. Thus, given that j(t) = c sin CJJt represents the floor 
acceleration, .%(t) = -i(t)jaJ represents the floor displacement, where ill is the natural circular 
frequency of vibration. Static elastic analyses of the fixed based model were performed first in the 
NS and then in the EW directions. For these analyses, the lateral loads applied in each direction 
45 
were the maximal distortional inertial loads experienced by the building during the forced vibration 
tests. The stiffness parameters in the analytical model were adjusted in steps until the measured and 
computed fixed base mode shapes and the total PB level diagonal steel cross-bracing shear force 
were in reasonable agreement. The resulting stiffness parameters varied over the structure height. 
The moments of inertia for the beams of floors four through nine were reduced by a factor of two to 
reflect cracked conditions, the longitudinal stiffness provided by the RC infill walls was reduced by 
20-98%, and the transverse stiffness provided by the diagonal steel cross-bracings was reduced by 
0-76% (Table 5.3). The reduced transverse stiffness provided by the diagonal steel cross-bracings 
actually reflects the loosened connections existing between the diagonal steel cross-bracings and the 
original RC structure at the time of the forced vibration tests. 
Having recreated the measured distortional components of motion of the fundamental 
translational mode shapes and the total shear force carried by the diagonal steel cross-bracings at 
the PB level for the fundamental NS mode, refinement efforts were directed towards the flexible 
based analytical model. To be matched were the translational and rotational rigid body components 
of motion of the fundamental translational, mode shapes and the total PB level diagonal steel 
cross-bracing shear force. The latter criterion required stiffening all PB grade beams by a factor of 
100. A similar increase in grade/foundation beam stiffness was required by the Durango building. 
These increases in effective grade beam stiffnesses are believed to be representative of the stiffening 
effects of the foundation soil. 
In selecting the soil spring constants, each of the 15 3D linear elastic springs was assigned the 
same translational soil spring constants, Ksx and Ksy. Values for Ksx and Ksy were determined from 
the base shears experienced during fundamental EW and NS forced excitations, respectively. The 
initial estimates of the vertical soil spring constants, Kszh were determined from the overturning 
moments experienced during furidamental EW and NS forced excitations. The final assignment of 
Kszi to each of the 15 3D vertical springs was by trial and error. The best assignment of Kszl and Ksz2 
was that which satisfied not only the rotational components of base motion but also yielded natural 
frequencies nearest to those measured in the field by the forced vibration tests. Figure 5.10 . 
pictorially illustrates the locations and magnitudes of the 3D springs used to simulate the observed 
soil structure interaction for the Park Espana building. 
Having correlated the model results for the fundamental translational modes to those of the 
forced vibration tests, refinement efforts were directed towards the remaining modes, in particular, 
the first torsional mode. Because the model was too flexible torsionally throughout the building 
height, individual stiffness parameters were assigned to each bay of RC infill wall of each story. 
The good fit achieved by the refined Park Espana model for low amplitude vibrations can be 
seen by comparing the model's natural frequencies (Table 5.1) and mode shapes (Figs. 5.1 and 
5.2) to those measured during the forced vibration tests. Because of the refinement procedure used, 
an understandably high degree of correlation exists between the measured and computed 
vibrational characteristics for the first NS, EW and torsional modes. A somewhat lesser degree of 
correlation exists for the second NS and EW modes. primarily because the selected soil spring 
constants are frequency independent and were chosen to match the observed base motions of the 
fundamental translational modes and not those of the second NS and EW modes. Because soil 
stiffness is frequency dependent and soil spring constants are frequency independent. the spring 
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constants are representative of the underlying soil stiffness only for the lowest natural frequencies of 
the building. 
In addition to matching the vibrational characteristics, the refined Park Espana model 
corroborates the steel brace forces measured by the L VDT during the forced vibration tests. The 
percent difference between the 8.62 kN total shear force carried by the diagonal steel 
cross-bracings at the PB level during first NS forced excitation and the 8.57 kN total shear force 
carried by the diagonal steel cross-bracings of the refined model at this level is 0.58%. 
5.4 Modal Analyses Results 
As indicated by the complex three-dimensional character of each of the first five computed 
mode shapes (Figs. 5.11, 5.12, 5.13, 5.14 and 5.15), the response of the refined analytical model 
of the Park Espana building is highly coupled. That is, excitation in a given direction (NS, EW or 
torsion) does not result in excitation of a pure mode. In interpreting Figs. 5.11, 5.12, 5.13, 5.14 
and 5.15, the dashed lines represent the undeflected shape of the structure and the solid lines 
represent the computed mode shape. For reasons of clarity, the complete model is not shown. 
Rather, only the structural beam, column and diagonal steel cross-bracing elements are given. As 
discussed earlier, the Park Espana building is also highly coupled in its dynamic response (Section 
5.2.2). Component mode shapes similar to those of Figs. 5.3 and 5.4 were calculated for the refined 
model in order to allow examination of the degrees of correlation existing between the 3D mode 
shapes of the refined model and those of the Park Espana building. These mode shapes are shown 
in Figs. 5.16, 5.17 and 5.18. As can be observed by comparing the mode shapes of Figs. 5.3 and 5.4 
to their respective counterparts in Figs. S.i6, S.i7 and 5.18, the degree of correlation existing 
between the measured and computed 3D mode shapes is not spectacular. The signs of all secondary 
translational components of motion are in disagreement and the magnitudes of the secondary 
components of motion are commonly off by factors of four or five. No efforts were made to improve 
on the degree of correlation existing between the measured and computed 3D mode shapes. Rather, 
it was decided to rest the laurels of the model upon the high degree of correlation existing between 
the measured and computed primary component mode shapes (Figs. 5.1 and 5.2). Admittedly, this 
decision leads to a model which represents the one-dimensional response of the Park Espana 
building well but fails to provide insight into the more compl.ex three-dimensional nature of 
structural response (Section 5.2.2). An important lesson here is that, even with the use of extensive 
experimentally determined properties, an analytical model of an irregular building may not describe 
very well the 3D dynamic properties of the structure. The problem is just too complex. 
Modal analyses of the refined analytical model allowed determination of the effect of 
soil-structure interaction on the numerical values of the natural frequencies. Comparison of results 
for a fixed base model to those of a flexible base model shows that foundation flexibility decreases 
the natural frequency from about 1.113 Hz to 0.881 Hz in the NS direction and from about 1.424 
Hz to 1.068 Hz in the EW direction. 
Modal analyses of the refined Park Espana model indicate that immediately following retrofit 
(new braces and RC infill walls), the increase in stiffness due to retrofit was approximately 106% in 
the NS direction and 192% in the EW direction. These analyses also show that had the brace 
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connections been in an undamaged state during the forced vibration tests over 40% of the lateral 
force would have been carried by the steel braces instead of the measured 17%. 
5.S Summary 
The forced vibration test results proved to be invaluable to the development of the 3D analytical 
model of the Park Espana building. The detailed base motion measurements revealed the presence 
of significant soil-structural interaction. Over 34% of the measured roof motions was due to 
foundation translation and rotation. The inclusion of these base rigid body motions in the analytical 
model is important as the inertial forces associated with soil-structure interaction can generate a 
substantial portion of the deformation experienced by the structure (Luco, et al. 1988). 
The L VDT measurements taken during the forced vibration tests allowed an approximate 
determination of the distribution of the lateral forces between the diagonal steel cross-bracings and 
the original RC members. Without these measurements, an incorrect assumption regarding the 
effectiveness of the diagonal steel cross-bracings for low levels of excitation would have been made. 
Following model refinement, the natural frequencies, primary component mode shapes, 
soil-structure interaction and brace forces of the analytical model generally correlated well with 
their respective field-observed counterparts. The predicted vibrational characteristics were 
qualitatively similar to those determined by the forced vibration tests. In order to attain the high 
degree of correlation observed, iterative adjustments to the soil, steel and reinforced concrete 
moduli were necessary. 
Modal analyses showed that the retrofit elements successfully stiffened the Park Espana 
building in both the NS and EW directions, and that foundation flexibility has a significant effect 
upon the natural frequencies of the building. 
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CHAPfER 6 
ANALYSIS PROCEDURES 
6.1 Introduction 
3D linear elastic analyses were performed for both buildings in an effort to reconcile observed 
seismic damage with the recorded earthquake motions and to gain additional insight into the roles 
the steel bracing schemes played during the 1985 earthquake. Included in this chapter are 
discussions of the analysis procedures used to estimate response and to assess possible overstress in 
the columns. The results of the dynamic analyses conducted for the Durango and Park Espana 
buildings are presented in Chapters 8 and 9, respectively. 
6.2. Dynamic Analysis Procedure 
Modal decomposition relies upon the orthogonality properties of the normal coordinates to 
convert a set of n coupled equations of motion into an equivalent set of n uncoupled equations of 
motion. The method implicitly assumes the damping matrix to be orthogonal (Eqn. (6.10», and 
can be used to determine the dynamic response of any linear structure provided the damping 
characteristics of the structure can be expressed by modal damping ratios. Because only linear 
elastic dynamic analyses were to be performed on the building models and because the damping 
characteristics of the buildings were to be expressed in terms of modal damping ratios, this method 
provided an acceptable means for evaluating the dynamic response of both the Durango and Park 
Espana buildings. The method is exact if all n modal responses are used. However, the series is 
usually truncated after only the first few lowest modes. This truncation reflects the observation that 
the contributions from the lowest modes are usually greater than the higher modes for earthquake 
excitation (Clough and Penzien, 1975). The actual number of modes included reflects the degree of 
accuracy desired. 
The eigenpairs (w,,,t/J,,) , corresponding to the measured modal damping ratios ~II' were 
determined by subspace iteration from the eigenvalue problem K4> = w~4> • The normal modes 
were then used to uncouple the equations of motion 
MX(t) + DCt) + Kx(t) (6.1) 
where ri, the static-displacement influence vector, represents the displacements resulting from a 
unit ground displacement and iz.{t) represents t.lte recorded ground acceleration in the ith direction 
at time t. Each of the n eigenvectors was used to determine a generaiized mass Mil 
(6.2) 
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The generalized masses and generalized loads, together with the eigenpairs and measured 
modal damping ratios and the orthogonality conditions, were used to explicitly formulate n 
independent SnOF equations of the following form: 
12-
j,,(t) + ~,.w,JiIl(t) + ~,.(t) Ie: - ~ ~ L,ui,,{t) 
,. i-I 
(6.3) 
where L,a is the nth modal earthquake-excitation factor for the ith ground motion component 
(6.4) 
and y,. is the nth normal coordinate. The actual motion can be recovered from the modal 
components as 
,. 
x(t) -= L tPiY,{t) (6.5) 
Any suitable method may be used to solve these n independent SnOF equations. Numerical 
integration by Newmark's ~-method was used in the EQUAKE module. 
The displacement responses computed for each of the n modes analyzed were superposed using 
Eqn. (6.5) to achieve the displacement history in the physical coordinate system. Other parameters 
of interest were calculated from the displacement history. For example, 
effective force history F(t) = M~Q2y(t) (6.6) 
base shear history V,{t) == r'[F(t) (6.7) 
N 
overturning moment history M(t) -= L {dj x ftt) + ml.t)} (6.8) 
where Q is a diagonal matrix of the n natural frequencies, dj is the position vector of the jth node, fj 
is the force acting at the jth node, mj is the moment acting at the jth node, and x denotes the 
cross-product of two vectors. In addition to computing the time histories of the parameters of 
interest, the routine also reported individual parameter maximums and their times of occurrence. 
6.2.1 Damping Values Used for Dynamic Analyses 
Rayleigh damping assumes that the damping matrix C can be expressed as a simple linear 
combination of the mass matrix M and the stiffness matrix K 
(6.9) 
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cOnsequently. the orthogonality condition 
m;c n (6.10) 
holds for the damping matrix. The asStLTllption of Ra yleigh damping allows the arbitrary 
proportionality constants Cl() and al of Eqn. (6.9) to be determined from any two distinct natural 
frequencies, OJi and Wj, and their corresponding modal damping ratios, ~i and ~i, 
2(ElVi - ~fJJi) 
ar;-w] 
(6.11) 
(6.12) 
The modal damping ratios for the remaining modes are given by the following relationship (Clough 
and Penzien, 1975; Pezesr!k and HjeL-nstad, 1989): 
~IVJ{W; - wJ) + ~f1J/..aif - w;) 
wlI(wr - wJ) (6.13) 
The relationship of Eqn. (6.13) is illustrated in Fig. 6.1 for the prescribed modes 1NS, 2NS for 
the Park Espana building. As shown in Fig. 6.1, the curve representing combined mass and stiffness 
proportional damping is concave up and lies within the two curves representing pure mass 
proportional damping and pure stiffness proportional damping. The steepness and concavity of the 
combined mass and stiffness proportional damping curve are controlled by the values of the natural 
frequencies and modal damping ratios used to define it. 
Tables 6.1 and 6.2 compare the damping ratios determined from Rayleigh damping theory 
(Eqn. (6.13» to those measured during the forced vibration tests for three different selections of 
Wi and Wi for the Durango and Park Espana buildings, respectively. In all instances, the computed 
damping values fail to correspond well with those measured. None of the selections for Wi and Wj 
were able to capture the observed damping characteristic of lower damping values for the transverse 
direction than for the longitudinal direction. Determination of the combined mass and stiffness 
proportional damping curve from the transverse modal data leads to underestimation of the 
longitudinal damping values. while use of the longitudinal modal data leads to overestimation of the 
transverse damping vaiues. Apparently, for 3D structures, the dependency of the meas-ured 
damping values upon direction instead of natural frequency prohibits representation of the observed 
damping values by Rayleigh damping theory. 
Because the damping values determined by Rayleigh damping theory failed to correspond well 
with the measured damping values, two other methods for defining the damping matrix were 
examined. The first of these relied upon the fact that there exists an infinite number of matrices 
formed from the mass and stiffness matrices which satisfy the orthogonality condition of Eqn. 
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(6.10). A general expression for these matrices which uncouple the equations of motion was 
presented by Clough and Penzien (1975): 
(6.14) 
The constants ab of Eqn. (6.14), which yield the specified modal damping ratios ~II' can be 
determined from the following system of equations: 
(6.15) 
where (1). are known natural frequencies. The number of terms included in Eqns. (6.14) and (6.15) 
must equal the number of specified modal damping ratios. For example, for the Park Espana 
building, five terms would be used as five damping ratios are known. The values selected for bean 
theoretically lie anywhere within the range - 00 < b < 00. In practice, values of b close to zero are 
preferred because they minimize the number of matrix inversions required to compute C. 
FEAP takes advantage of the profile of the system matrices and allocates storage locations only 
to those elements within the skyline of the matrix, thereby minimizing the amount of storage 
required. When more than two terms are used in Eqn. (6.14), the resulting damping matrix fails to 
have the same skyline as the stiffness and mass matrices and a square NxN array is required to store 
C. For example, when using three terms, b = 0, 1 and 2, Eqn. (6.14) yields a damping matrix of the 
form 
(6.16) 
The third term of this expression, a2KM-tK, fails to have the profile of the stiffness matrix and 
thereby requires the use of a full-size matrix to express the damping matrix. Because the time and 
storage required to perform computations upon full-size matric~s for large systems of equations is 
excessive, this method for expressing the damping matrix was abandoned. 
The second method considered as a possible alternative to Rayleigh damping as previously 
outlined involved the use of weighted least squares analysis (Strang, 1986) to determine the 
arbitrary proportionality constants ao and at of Eqn. (6.9). This method deviates from that 
described earlier for Rayleigh damping in that all five measured modal damping ratios contribute to 
the determination of the arbitrary proportionality constants instead of just any two. Five equations 
of form Eqn. (6.13) exist, one for each measured combination of ClJi'~i • In addition, a weighting 
matrix representing the degree of reliability associated with each of the measured data was used. 
This weighting matrix was arbitrarily chosen and assumed the measured modal damping values to be 
independent. 
The resulting system of equations is as follows: 
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lhWAi -= W~ (6.17) 
where W -= diag[Wb W2,"" WS],.4;1 = Wi and Aa = l/wi' The weighting matrix, W, is diagonal 
because the measured modal damping values are uncorrelated. The system of equations 
represented by Eqn. (6.17) has no unique solution for the arbitrary proportionality constants 
Il{, and Ql of the Rayleigh damping method as it is overdetermined. Rather, there is only a best 
solution, or iio and 0.1 t where best is quantified as that solution which minimizes the square of the 
error: 
(6.18) 
The resulting constants 0.0 and 0.1 determine the modal damping ratios €II' 
(6.19) 
The computed modal damping ratios ill were compared to the measured modal damping ratios. 
Some of the comparisons made for the Durango and Park Espana buildings are shown in Tables 6.3 
and 6.4, respectively. 
Several weighting schemes were considered. These weighting schemes were initially selected 
based upon the relative reliability felt to exist for each mode. For example, for the Park Espana 
building, greater weight was given to the fundamental modes (lNS, lEW) than to the higher modes 
.(2NS, 2EW) because of the modal interference observed in the higher modes. However, when 
these more ratioral welghting assignments failed to yield modal damping ratios similar to those 
measured in the forced vibrations tests, arbitrary weighting schemes were selected in an effort to just 
reproduce the measured modal damping ratios. These schemes also failed. None of the weighting 
schemes examined was abie to reproduce the observed damping characteristics. That is, none of the 
weighting schemes was able to capture the characteristic that modal damping values for the 
transverse direcuon wert less than those for the longitudinal ~ection. 
Because a pro~ d&mpmg matrix C representing the measured modal damping values could 
not be explicitly de fined for elther building by any of the three means considered, determination of 
the dynamic rHpOnM of the structure using numerical integration of the coupled equations of 
motion was scnpped lna.ad. a new dynamic analysis routine employing modal decomposition was 
written for FEAP nus ITWthod avoided the need to simultaneously solve the coupled equations of 
motion, and thUl. aVOIded the need to explicitly define the damping matrix. 
6.1.1 Time Interval Used for Dynamic Analyses 
When using the Newmark-8 method to integrate a system of equations, selection of an 
appropriate time increment At is necessary. Two factors influence the selection of this time step: (1) 
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stability of the integration scheme, and (2) proper representation of the recorded ground motion 
accelerograms. The first of these, stability of the integration scheme, is guaranteed for a linear 
system for any f!J provided the constant-average-acceleration method (i' z:: 0.5 and fJ z:: 0.25) is 
adopted (Newmark, 1959). The second of these, proper representation of the recorded ground 
motion accelerograms, is assured if the sampling interval used to digitize the earthquake records is 
selected as the time step. For the Mexico earthquake, this interval is 0.02 seconds. Consideration of 
these two criteria and the fact that only linear analysis of the Park Espana building was to be 
performed led to the selection of i' = 0.5 and P = 0.25 as the parameters for the Newmark-B 
method and Ilt = 0.02 seconds as the time step. 
6.1.3 Number of Modes Used for Dynamic Analyses 
Because the essence of earthquake response is typically controlled by the first few normal 
modes, a good approximation of the dynamic response of a structure can be obtained by 
superposing the responses of only the first few modes (Clough and Penzien, 1975; Chopra, 1981). 
In order to determine the number of modes needed to properly represent the dynamic response of 
the Durango and Park Espana buildings, a parameter study was conducted. In this study, various 
models, both flexible and fixed base, were subjected to the 1979 and 1985 SCT accelerograms. The 
number of modes contributing to the respective items of interest was varied and ranged from 1 to 9. 
The maximum floor displacements, base shears and overturning moments incurred were noted for 
each case. 
Figures 6.2 and 6.3 pictorially show the maximum floor displacements, base shears and 
overturning moments calculated for a varying number of modes for the retrofit Durango and Park 
Espana building models with flexible base, subject to the 1985 SCT ground motions, respectively. 
The maximum floor displacements, base shears and overturning moments are expressed as a 
percentage of their respective nine mode values. Two observations are readily apparent from these 
two figures: (1) the number of modes required to properly represent dynamic response is five, two 
translational, two longitudinal, and one torsional, regardless of whether displacements or forces are 
of interest, and (2) little accuracy is gained if nine modes are used instead of five. Because the 
observations drawn from Figs. 6.2 and 6.3 are representative of those obtained for the other cases 
analyzed, the number of modes used in performing all subsequent dynamic analyses was five. 
6.3 Determination of Column Load Capacities 
The elastic forces predicted by response history analysis were added to the gravitational forces 
determined by static analysis to yield the total elastic forces experienced by a member at time t. 
These forces were used in conjunction with the calculated capacities to identify overstressed 
members. Damage to a member was suspected if the elastic forces exceeded the capacity. Biaxial 
bending and axiai ioad interaction was considered. 
The condition of biaxial bending and axial load was common for columns due to the 
simultaneous application of the NS and EW acceleration components. A true theoretical 
determination of the biaxial bending strengths for these axially-loaded columns would require a 
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great deal of computational work due to the three-dimensional nature of the interaction (or failure) 
surface (Fig. 6.4). Because the neutral axis is inclined with respect to both axes of the column (y 
and z), calculation of each point on the interaction surface involves performing a double iteration: 
(1) variation of the depth of the neutral axis (and effectively the strain gradient across the column 
section), and (2) variation of the angle of the neutral axis. Variation of these two parameters is 
continued until the desired moment-axial load combination is achieved. For example, given 
computed elastic forces (P ,M~i ,MZj), the trial-and-error selection of the neutral axis depth and 
angle of inclination would continue until the point CP. ,My; ,MZj) on the interaction surface was 
determined (Fig. 6.4). Comparison of the resulting p. with respect to P would determine whether or 
not the column was overstressed. 
A simplified approach to the analysis of columns subjected to compressive axial load and biaxial 
bending is Bresler's reciprocal method (Bresler, 1960). This method conservatively approximates 
the actual failure load of a column subjected to axial compression and biaxial bending, and is 
included in a number of codes, including ACI 318-83 (MacGregor, 1988). Bresler's method 
essentially reduces the case of biaxial bending with axial load to one of two applications of uniaxial 
bending with axial load. The resulting equation (Bresler's reciprocal load equation) is relatively easy 
to solve and is as follows: 
1 
P,. 
1 1 1 
+---
P", Pm P,., 
(6.20) 
where p. = approximate ultimate load capacity under biaxial bending, P ytl = ultimate load capacity 
under compression with uniaxial bending about the y-axis, P ZII = ultimate load capacity under 
compression with uniaxial bending about the z-axis, and P ItO = ultimate compressive axial load 
capacity for a concentrically loaded column. Numerous studies have shown this method to be 
conservative, and acceptably so, provided Pc > O.IPCItO ' where Pc = compressive axial load of the 
column, and P CMI = ultimate compressive axial load for a concentrically loaded column (Furlong, 
1979; Nilson and Winter, 1982; Hassoun, 1985). Bresler's reciprocal method was used here to 
determine the capacity of columns subjected to axial compression and biaxial bending. 
A program incorporating Bresler's reciprocal load equation was written to assist in identifying 
overstressed columns. The program calculated individual column capacities and compared them to 
the combined inenial and gravitational elastic forces. In order to calculate the individual column 
capacities, knowledge of the member properties and a few assumptions on material behavior were 
required. In particular, the member properties required were concrete compressive strength if c), 
reinforcing steel yield strength and modulus of elasticity (f, and Es ), column dimensions (b and h ), 
and locations and sizes of all reinforcing steel. All of these properties were extracted from the 
structural drawings. The material behavior assumptions made were that of an elasto-plastic 
reinforcing steel, an ultimate concrete compressive strain (fa,) of 0.003, and an equivalent 
rectangular concrete stress-strain CUl-ve siInilar to L'1at represented by LlJ.e WPiLl'ley stress block 
(Instituto de Ingenieria, UNAM, 1977). The program analyzed eight different bending 
momentlaxialload force combinations for each column. These are as follows: 
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(i) The maximum compressive axial load and the associated bending moments at both 
ends of the member (PCflJla. ,My; ,Mz; ,MYj ,Mzj) 
(ii) The maximum tensile axial load and the associated bending moments at both ends 
of the member (p'fIJIa. ,My;,MZ;,MYj,Mzj) 
(iii) The maximum major axis bending moment at node i and the associated minor axis 
bending moment and axial load at node i (p ,My;,MZIftIl%j) 
(iv) The maximum minor axis bending moment at node i and the associated major axis 
bending moment and axial load at node i (p ,MytfItIU;,Mz;) 
(v) The maximum major axis bending moment at node j and the associated minor axis 
bending moment and axial load occurring at node j (p ,MYj ,MzmtrJ:j) 
(vi) The maximum minor axis bending moment at node j and the associated major axis 
bending moment and axial load at node j (p ,MytrtlUj,Mzj) 
Exceedence of the calculated capacities by anyone of the above force combinations constituted 
an overstressed member. Exceedence was determined by compliance with anyone of the following 
six failure criteria. It is recognized that failure criterion (4) subsumes criteria (1), (2) and (3), and 
that failure criterion (6) subsumes all five preceding criteria. However, use of the first five criteria as 
alternatives to the use of only criterion (6) was done to reduce the time spent analyzing column 
loads, while use of the individual criteria (1), (2) and (3) was perceived to be qualitatively indicative 
of the amount of overstress in a column. Figure 6.S shows the uniaxial bending-axial load 
interaction diagrams for Column A-3 of Story 2 of the Park Espana building to help visualize the 
first four failure criteria. 
(1) The maximum moment determined by time history analysis for a given major axis, 
together with the appropriate gravitational moment, exceeded the balanced moment 
calculated for the same axis (MYmax > MItYIltl/ or MzfIJIa. > M lIZbtzl ). 
(2) The maximum combined inertial and gravitational compressive axial load exceeded 
the ult.inate compressive axial load capacity for a concentrically loaded column 
CP,- > Pc..). 
(3) The nae:rurude of the maximum combined inertial and gravitational tensile axial load 
exceeded the ultimate tensile axial load capacity calculated under the assumption that 
the enure IeCtlon was cracked and subject to a uniform strain (I P'mu I > I P Itto I) . 
( 4) Assunun •• condJtion of uniaxial bending, the axial load associated with the maximum 
monwnt lOt • pven major axis exceeded the ultimate load capacities given by the 
\llU&lU&J moment-load interaction diagram for the same maximum moment value 
(p, > 'Jf4 Of " < P;l for the y-axis, or Pz > PZ1 or Pz < Pz2 for the z-axis). 
(5) AssununJ • condltion of biaxial bending and compressive axial load, the compressive 
a..1Cial load ~-lStl."lg for a given time state exceeded L"le ultirnate compressive load 
capacity approximated by Bresler's reciprocal load equation (Eqn. (6.20» (Pc> Pit). 
(6) Assuming. condition of biaxial bending and axial load (either tensile, or compressive 
with Pc < O.IPCIlO ' or compressive and failed criterion (5», the axial load exceeded 
.. : .. , -,,:. 
.~ ... ·;..;t!..;;:,1·t.,;..:.~ ~.1 56 
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the ultimate load capacity as determined by the trial and error analysis procedure 
discussed earlier using the P - My - Mz interaction surface in which the position of the 
neutral axis was varied (Gamble, 1990). Use of this trial and error procedure to 
ascertain whether or not a member was overstressed was required for the parenthesized 
cases as Bresler's equation is not applicable for axial tension loads (Hassoun. 1985), 
is overly conservative when Pc < O·IPCfIo (Nilson and Winter, 1982; Hassoun, 1985), 
and is always conservative for all compressive axial load cases (Nilson and Winter, 
1982; Furlong, 1979). 
The failure criteria listed above were considered in ascending order for each column. 
Compliance with anyone criterion yielded the column overstressed and further analysis was 
discontinued. Compliance of a given criterion was not necessarily a one-time occurring event as 
shown in Figs. 6.6 and 6.7. Force combinations other than the maximal ones also exceeded the 
same failure criterion as shown in Fig. 6.7 (b). Any column failing to comply with any of the six 
criteria was deemed undamaged. All overstressed columns for a given analysis were noted, 
schematically displayed on plan views for each floor (Fig. 9.4) and compared to the damages 
observed by Del Valle following each respective earthquake. In making the schematic diagrams, 
three symbols were used in general to identify each predicted mode of material failure. The first 
symbol (T or C) indicated whether the predicted column failure was tensile or compressive in 
nature. the second symbol, the first failure criterion to be satisfied by the column loads (Section 
6.3). and the third symbol, the axis (z or y) about which flexural failure was predicted. Should the 
maximum moment for a given axis exceed the balanced moment calculated for the same axis 
(failure criterion (1», an M was used instead of T or C. 
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CHAPfER 7 
GROUND MOTIONS USED IN DYNAMIC ANALYSES 
7.1 Introduction 
A good estimate of dynamic response during an earthquake depends upon proper selection of 
ground motions. The need for representative ground motions is particularly acute for Mexico City 
where, because of varying local site conditions, major differences in shaking intensities and 
associated building damages are observed to occur during an earthquake. These differences are 
primarily attributed to the variation in depths of soft soil (lacustrian clay) underlying the city (Fig. 
2.1). In fact, the local site conditions vary so much that the Mexican building code in force at the 
time of the 1985 earthquake (DDF-76) divided the city into three zones: the lake zone, the 
transition zone and the hill or rock zone (Fig. 7.1), and assigned different seismic design criteria to 
each (Esteva, 1988). The number of zones recognized by the current Mexican building code 
(DDF-87) has been essentially increased to four, but the basic premise for their determination is 
the same: iocal site conditions vary. 
Because no records exist for the Durango and Park Espana building sites, the ground motions at 
these LWO sites were estimated from the accelerograms recorded at other sites in Mexico City. The 
accelerograms used to estimate the ground motions were those recorded at the SCT site and at the 
CUMV site (the location labeled UNAM in Fig. 7.1). The accelerograms for the SCT site were used 
in two forms, both as recorded motion and as an object motion for computing site-specific 
accelerograms, while the accelerogram for the CUMV site was used only as an object motion for 
computing site-specific accelerograms. The computer program SHAKE (Schnabel et aI, 1972) was 
used to perform the one-dimensional ground response analysis necessary to determine the 
site-specific accelerograms. The three ground motions used as base motions in the dynamic 
analyses of Chapters 8 and 9 are discussed in greater detail below. 
7.2 Ground Motion Nomenclature 
The nomenclature of the various accelerograms addressed in this research uses a 
prefix-root-suffix identification system. The location of the recording site serves as the root of the 
accelerogram name. For example, SCT refers to all accelerograms recorded at the SCT site. The 
destination location of interest is prefixed to this root for the computed accelerograms. For 
example. PE-SCT refers to the accelerograms computed from the SCT records for the Park Espana 
building site. Other information, such as direction or year, is added to the root name of the 
accelerogram as necessary to eliminate any chance of ambiguity. For exampie, 1979 PE-SCT EW 
refers to the EW component of the accelerogram computed for the Park Espana building site using 
the EW component of the 1979 recorded SCT record. 
7.3 The SCT Motions 
The 1979 and 1985 accelerograms recorded at the SCT site were initially selected for use as the 
base motions for the dynamic analyses of the buildings. These accelerograms were selected based 
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upon the close proximity of the SCT site to the Durango and Park Espana buildings (Fig. 2.1), and . 
upon the comparable depths of soft soil deposits and water contents (Sections 8.4.2 and 9.4.2, 
respectively). The characteristics are described below. 
1985 SCT. The second column of Tables 7.1 and 7.2 summarizes the salient features of 
the 1985 SCT EWand 1985 SCT NS motions, as determined by examination of their 
acceleration histories shown in Figs. 7.2(a), 7.3(a), 7.4(a) and 7.5(a) and their linear 
absolute acceleration response spectra shown in Fig. 7.6. Comparison of the values shows 
the peak acceleration values for the EW component to be over 50% greater than those 
of the NS component. 
The most damaging characteristics of these two motions were their near harmonic period 
of vibration of two seconds, their peak accelerations and their effective durations of strong 
shaking. Together, these characteristics allowed the establishment of a near steady state 
response, both in the subsoil and in the structures founded on these soils. 
J 979 SCI. The fifth column of Tables 7.1 and 7.2 summarizes the significant 
characteristics of the 1979 scr EW and 1979 SCT NS motions. The reported values were 
determined by examining the acceleration histories shown in Figs. 7.7(a), 7.8(a), 7.9(a) 
and 7.10(a) and the linear absolute acceleration response spectra shown in Fig. 7.11 for 
the two motions. Unlike the 1985 SCT EW and NS components of ground motion, the 
NS component of the 1979 SeT motion has the greater peak ground acceleration and 
peak spectral acceleration. However, the margins of difference between the 1979 SCT 
EW and NS peak accelerations values are much smaller than for those of the 1985 
earthquake. 
Comparison of the response spectra for the 1979 SCT motions (Fig. 7.11) to those for 
the 1985 scr motions (Fig. 7.6) shows the response spectra to have the same general 
overall shape. Both have peak spectral accelerations around the 2 second period and 
moderate spectral acceleration values for a broad range of periods either side of 2 seconds. 
This similarity in shape reflects the influence of the underlying soil conditions of Mexico 
City on ground motion response. 
In performing the dynamic analyses, the SCT accelerations were used as recorded, without 
adjusting the frequency content, duration or amplitude. The individual acceleration components 
were applied to each building model simultaneously in their respective directions. 
7.4 The Computed Accelerograms 
In an effort to evaluate the effects and uncertainties associated with the ground motions 
experienced at the Durango and Park Espana building sites, analytical studies using SHAKE and the 
accelerograms recorded at two different recording stations of Mexico City were conducted. The 
results of the studies were 1979 and 1985 ground motion accelerograms specifically tailored to the 
soft soil conditions underlying the Durango and Park Espana buildings. These computed 
accelerograms are discussed below, following a general description of the SHAKE analysis program. 
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The computer program SHAKE (Schnable et aI, 1972) computes the response of a horizontally 
layered soil/rock system subject to transient, vertically travelling shear waves. When applicable, 
SHAKE provides a method for evaluating the effect of local soil conditions on ground response. The 
simple one-dimensional response theory used by SHAKE has been shown to successfully reproduce 
the main aspects of the motions recorded on the soft soil deposits of Mexico City (Herrera and 
Rosenblueth, 1965; Seed and Idriss, 1969; Ramo and Jaime, 1986; Resendiz and Roesset, 1987 
and Seed et ai, 1987), and has been used to predict the main engineering features of the seismic 
ground motions experienced in those parts of Mexico City where no records were obtained (Seed et 
ai, 1987). Three factors favor applying the theory to Mexico City: (1) the thinness of the soft soil 
deposits when compared to their effectively infinite breadth in the horizontal dimension, (2) the 
uniformity of the soft soil deposits existing within anyone layer, and (3) the marked difference in 
shear wave velocity existing at the boundary between the soft soil deposits (~ z::: 40 - 90 mise c) and 
the hard soil deposits (~ ~ 500 m/sec) (Ramo and Seed, 1986; Seed et aI, 1987). 
The program SHAKE requires some knowledge of the soil properties at the sites of interest. In 
particular, the soil properties required for each layer are the shear modulus G, (or shear wave 
velocity ~, ~ -= jG/(}), the damping ratio ~, the density C! and the stratum thickness H. The 
general soil profiles and material properties used for the SCT site and the Durango and Park Espana 
building sites in the SHAKE analyses are shown in Fig. 7.12. The soil profiles for the Durango and 
Park Espana building sites were determined from the soil borings of Figs. 2.14 and 2.29 and from 
the shear modulus relationships suggested by Zeevaert for Mexico City clays (1972), while the soil 
profiles shown for the SCT site were adopted from Seed et al (1987). 
It was necessary to use Zeevaert's shear modulus relationships because measurements of shear 
wave velocity were not performed during the soil investigations conducted for the Durango and Park 
Espana building sites. Rather, shear wave velocities for each soil strata were determined from 
Zeevaert's relationships using the measured water content and unconfined compression strength, 
and the soil description. The resulting values were compared qualitatively to those measured for 
comparative types and depths of soil by Seed et al (1987) for their general propriety. 
The use of SHAKE also requires knowledge of the dynamic properties of the underlying soils as 
these properties provide a means for incorporating nonlinear soil behavior into the analysis. Of 
greatest importance are the dynamic relationships existing betwe~n shear modulus and shear strain 
and between critical damping ratio and shear strain. The strain-dependent shear moduli and 
damping ratios used to represent the dynamic material properties of the soils of the soil profiles are 
shown in Fig. 7.13, where Gruz. is defined as the shear modulus associated with a shear strain of 
10-4%. The curves for Mexico City clays are those developed by Leon et al (1974) and later 
modified by Romo and Jaime (1986). The general linearity of the Mexico City clays with respect to 
shear modulus and damping ratio is readily apparent from Fig. 7.13. These almost linear 
relationships, together with the low internal damping ratios characteristic of the Mexico City clays 
(~ < 5%), are unusual and are the primary contributors to the resonant response experienced by 
Mexico City clays during seismic events (Dobry and Vucetic, 1987). 
Specification of an object motion (the ground motion to be used as the reference motion for the 
analysis) is also required by SHAKE. This motion can be applied to any layer within the system, and 
must be identified as either an outcropping sublayer or a sublayer within the soil profile. The 
60 
analyses performed thereafter are selected by the program user. Two primary operations were used 
in determining the computed accelerograms addressed below: (1) compute new motions at the top 
of specified sublayers within a soil profile, and (2) compute response spectra for any specified 
computed motion. 
The duration of the record computed by one-dimensional shear wave response theory is a 
property of the object motion. A 60-second long object record yields just 60 seconds of computed 
motion. Any motions computed beyond the object record length merely reflect free vibration of the 
soil column, decaying exponentially (Bard et al, 1988). 
7.4.1 The Computed Ground Motions Based Upon the 1985 CUMV NS Accelerogram 
The first ground motion selected as input for SHAKE was the 1985 NS component of the 
accelerogram recorded on the hard formations of the hill zone at the CUMV station, UNAM. This 
motion successfully reproduced the average SCT absolute acceleration response spectrum for 
periods less than 2 seconds (Fig. 7.14) and achieved a duration of strong shaking (approximately 50 
seconds) similar to that of the SCT records (Fig. 7.15). Because periods less than 2 seconds were of 
interest in this study, the underestimation of the average SCT response spectrum by SCT -CUMV 
for periods greater than 2 seconds did not disqualify CUMV NS as an object motion for the Durango 
and Park Espana building sites. 
The CUMV NS accelerogram was initially chosen because of the success Seed et al (1987) had 
had in reproducing the average 1985 ground motion characteristics observed at the CAO, CAF and 
SCT soft soil recording sites with CUMV NS as their control motion. In turn, Seed et al originally 
chose the 1985 CUMV NS record because of its ability to represent the average recorded motions of 
the hard formations in the UNAM area. The CUMV NS accelerogram was specified to be an 
outcropping motion in all SHAKE analyses. This specification inherently assumes that the motions 
developed on the hard formations of the hill zone are basically the same as those developed in the 
hard layer underlying the lacustrian clays of Mexico City. 
The significant characteristics of the computed accelerogram for each building site, given the 
CUMV NS accelerogram as input motion, are addressed below: 
J 985 D-CUMV. The third column of Table 7.1 summarizes the salient features of the 
D-CUMV ground motion. The values in the table were determined by examining the 
acceleration history shown in Figs. 7.2(b) and Fig. 7.4(b) and the linear absolute 
acceleration response spectra shown in Fig. 7.16 for the motion. The 0.097g peak ground 
acceleration reported for D-CUMV is approximately 2.5 times greater than the 0.039g 
peak ground acceleration of CUMV NS and reflects the amplification capabilities of the 
Mexico City clays. The spectral peaks at 0.9 second and 2.1 seconds noted for D-CUMV 
are also observed to exist for CUMV NS. 
Comparisons of the salient features of the SCT EW and SCT NS ground motions to those 
of D-CUMV show major differences to exist. Durations of strong shaking, peak ground 
accelerations, and numbers and amplitudes of strong motion cycles are greater for SCT 
than for D-CUMV (Table 7.1 and Figs. 7.2 and 7.4). Comparisons of the absolute 
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acceleration response spectra for 5% damping for these motions show that SCT EW 
produced greater spectral accelerations than D-CUMV for all periods of concern, and 
that SeT NS produced greater spectral accelerations than D-CUMV except for periods 
around 0.9 seconds (Fig. 7.17). 
J 98S PE-CUMY. The third column of Table 7.2 summarizes the significant characteristics 
of the PE-CUMV ground motion. The reported values were determined from the 
acceleration history shown in Fig. 7.3(b) and Fig. 7.5(b) and the linear absolute 
acceleration response spectra shown in Fig. 7.18 for the motion. Soil amplification similar 
to that noted for the Durango building site is observed, as the 0.095g peak ground 
acceleration of PE-CUMV is 2.5 times greater than the 0.039g peak ground acceleration 
of CUMV NS. The spectral peaks of 0.6 second and 1.8 seconds for PE-CUMV occur 
at periods slightly less than the 0.9 second and 2.1 seconds periods of the spectral peaks 
of CUMV NS. 
Comparisons of the significant characteristics of the SCT EW and SCT NS ground motions 
to those of PE-CUMV reveal major differences to exist. Durations of strong shaking, peak 
ground accelerations, and numbers and amplitudes of strong motion cycles are greater for 
SCI" than for PE-CUMV (Table 7.2 and Figs. 7.3 and 7.5). Comparison of the absolute 
acceleration response spectra for 5% damping for the SCT EW and PE-CUMV ground 
motions (Fig. 7.19(a») confirms that SCT EW is stronger than PE-CUMVas SCT EW 
produced greater spectral accelerations for all periods of concern. A similar comparison 
of absolute acceleration response spectra for 5% damping for the SCT NS and PE-CUMV 
ground motions (Fig. 7 .19 (b)) shows the peak spectral accelerations of PE-CUMV to be 
greater than those of SCT NS for periods less than 1.9 seconds (for all modal periods 
of the Park Espana building). This finding suggests that for the Park Espana building, 
PE-CUMV. when applied in the NS direction, is stronger than SCT NS. 
In performing the dynamic analyses, the lone accelerogram computed for each building was 
applied simultaneously in both the EW and NS directions of the building. This duplication of use 
was necessary as only one ground motion resulted from the SHAKE analysis using the CUMV NS 
accelerogram. 
7.4.2. The Computed Ground Motions Based Upon the SCT Accelerograms 
The second set of ground motions selected as input for SHAKE were the 1979 and 1985 EW 
and NS accelerograms recorded on the soft soils of the lake zone at the SCT site. These motions 
were selected because of the proximity of the SCT site to the Durango and Park Espana building 
sites. It was hypothesized that the accelerograms computed from the nearest recorded accelerogram 
might yield ground motions more representative of those occurring at the building sites as the effects 
of spatial variations might be smaller. 
Because the SCT ground motions were essentially free field, they were specified to be surface 
sublayer motions in the SHAKE analyses. The SCT motions were passed downward through the 
SeT soil profile to the hard layer underlying SCT and then passed upward through the Durango or 
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Park Espana building site soil profile to the top surface layer. The motions computed for the top 
surface layers of the Durango or Park Espana building site soil profiles constituted the 
accelerograms used for the dynamic analyses of the buildings. 
The hard layer acceleration histories computed by SHAKE for the 1985 SCT EW and 1985 
scr NS ground motions are shown in Fig. 7.20, along with the 1985 CUMV NS acceleration time 
history. These three motions were passed upward through the Durango and Park Espana building 
site soil profiles to determine the D-Scr, PE-SCT, D-CUMV and PE-CUMV ground motions. 
Comparisons of the three time histories show some differences to exist. The SCT time histories have 
longer durations of strong shaking, greater peak accelerations and different frequency contents than 
does the CUMV NS time history. Comparisons of the absolute acceleration response spectra for 5% 
damping for the three motions (Fig. 7.21) show the CUMV hard layer to have much smaller 
spectral acceleration values than do the SCT hard layers for periods greater than 2 seconds. 
However, for periods less than 2 seconds, the response spectrum for the CUMV hard layer 
represents the average response spectrum for the SCT hard layers quite well. This ability to match 
the average SCT response spectrum for periods less than 2 seconds was also observed for 
SCT-CUMV (Fig. 7.14). 
J985 D-SCT. The fourth column of Table 7.1 summarizes the significant characteristics 
of t...he D-SCT EW and D-SCT NS ground motions. The values in the table were 
determined by examining the acceleration histories shown in Figs. 7.2(c) and 7.4(c) and 
the linear absolute acceleration response spectra shown in Fig. 7.22 for the two motions. 
Comparison of the significant characteristics of the D-SCT ground motion to those of SCT 
and D-CUMV (Table 7.1) shows D-SCT to be the more damaging ground motion for 
both the EW and NS directions. Its duration of strong shaking is longer, its peak ground 
accelerations are greater, and its numbers and amplitudes of strong motion cycles (Figs. 
7.2 and 7.4) are greater than those of SCT and D-CUMV. Comparison of the absolute 
acceleration response spectra for 5% damping for D-SCT to those of SCT and D-CUMV 
shows the spectral accelerations of D-SCT for both the EW and NS directions to be greater 
than those of D-CUMV and SCT for all periods except for periods around 2 seconds where 
the spectral accelerations of SCT are greater (Fig. 7.17). Further examination of Fig. 7.17 
shows a major shift in characteristic periods to exist for both components of D-SCT, from 
approximately 2 seconds for SeT to about 2.6 seconds for D-SeT. 
The degree by which the spectral accelerations of D-SCT exceed those of SeT seemed 
somewhat suspicious, and several SHAKE analyses were performed to confirm the relative 
magnitudes. The shear wave velocities and static critical damping values assigned to the 
Durango building soil profile were varied in these analyses as they had the highest degrees 
of uncertainty. The analyses showed that both shear wave velocity and damping affected 
the predicted responses, but that shear wave velocity was the primary factor. For example, 
the peak spectral accelerations for 5% damping determined for D-SCT EW ranged from 
1.39g to 2.42g. The 1.39g value was attained for a soil profile having shear wave velocities 
somewhat lower than those shown in Fig. 7.12 and a resulting natural period of 2.50 
seconds. Because this period was 15% greater than the 2.17 second dominant period of 
motion indicated by DDF-87 for the general building site, the soil profile corresponding 
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to the 2.50 second natural period was not selected. Rather, the profile originally assigned 
to the Durango building site according to the soil boring and the shear modulus relationships 
of Zeevaert (Section 7.4) with a system period of 2.20 seconds was selected for use in 
performing the dynamic analyses of the Durango building. 
1985 PE-SCI. The fourth column of Table 7.2 summarizes the salient features of the 
PE-Scr EW and PE-Scr NS ground motions. The reported values were determined by 
examining the acceleration histories shown in Figs. 7.3 (c) and 7.5 (c) and the linear 
absolute acceleration response spectra shown in Fig. 7.23 for the two motions. 
Comparison of the salient features of PE-Scr EW to those of scr - EW and PE-CUMV 
shows PE-Scr EW to have a greater duration of strong shaking and a peak ground 
acceleration midway in between those of SCT-EW and PE-CUMV (Table 7.2). 
Comparison of the absolute acceleration response spectra for 5% damping for the three 
motions shows the spectral accelerations for PE-SCT EW to be greater than those of 
PE-CUMV for all periods, and less than those of SCT EW except for periods between 
1. 2 and 1. 7 seconds (Fig. 7 .19 (a) ). Comparison also shows a broadening of the spectral 
peak about the 2 second period for PE-SCT. 
Similar comparisons for the NS components of motion show PE-SCT NS to have lower 
peak ground and spectral accelerations than either scr NS or PE-CUMV (Table 7.2) 
and to have spectral accelerations approximately equal to those of PE-CUMV and SCT 
NS for all periods less than 1.7 seconds (Fig. 7 .19 (b)) . 
1979 D-SCT. The sixth column of Table 7.1 summarizes the significant characteristics 
of the D-SCT EW and D-SCT NS ground motions. The values in the table were 
determined by examining the acceleration histories shown in Figs. 7.7 (b) and 7.9 (b) and 
the linear absolute acceleration response spectra shown in Fig. 7.24 for the two motions. 
Both components exhibit characteristic periods of 0.9 second and 2.6 seconds. 
Comparison of the significant characteristics of the D-SCT ground motion to those of SCT 
shows D-SCT to be the more damaging ground motion for both directions. Its duration 
of strong shaking is longer, its peak ground accelerations are greater, and its numbers and 
amplitudes of strong motion cycles are greater than those of SCT (Table 7.1 and Figs. 
7.7 and 7.9). Comparison of the absolute acceleration response spectra for 5% damping 
shows the spectral accelerations of D-SCT to be greater than those of SCT for both 
directions for all periods except for periods between 1.3 and 2.1 seconds. Further 
examination of Fig. 7.25 shows major differences in spectral shapes to exist. Two 
prominent peaks of response occur at about 0.9 seconds and 2.6 seconds for D-SCT while 
only one peak occurs at about 2 seconds for SCT. 
1979 PE-SCT. The sixth column of Table 7.2 summarizes the salient features of the 
PE-SCT EW and PE-SCT NS ground motions. The reported values were determined by 
examining the acceleration histories shown in Figs. 7.8(b) and 7.10(b) and the linear 
absolute acceleration response spectra shown in Fig. 7.26 for the two motions. The 
characteristic periods for PE-SCT EW and PE-SCT NS of 1.8 seconds and 1.6 seconds, 
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respectively, occur at periods slightly less than the 2 second characteristic period of the 
SeT object motion. 
Comparison of the salient features of the PE-SCT ground motions to those of SCT shows 
PE-SCT to be the more damaging ground motion for both directions. Its duration of strong 
shaking is longer, its peak ground accelerations are greater, and its numbers and amplitudes 
of strong motion cycles (Table 7.2 and Figs. 7.8 and 7.10) are greater than those of SCT. 
Comparison of the absolute acceleration response spectra for 5% damping for the two 
motions shows the spectral accelerations of PE-SCT to be greater than those of SCT for 
all periods less than 1.8 seconds (Fig. 7.27). A shift in the characteristic period for PE-SCT 
is also observed. 
In viewing the 1985 and 1979 absolute acceleration response spectra for 5% damping for the 
Durango and Park Espana buildings (Figs. 7.17, 7.19, 7.25 and 7.27), a shift in characteristic 
period, from the 2 seconds of SCT to one more representative of the fundamental period of the 
underlying soils, is apparent. This change in period reflects the filtering capabilities of the Mexico 
City clays (Whitman, 1987). 
The peak ground accelerations computed for the Durango building exceeded those recorded at 
the SCI' site for the 1979 and 1985 Mexico earthquakes. A similar situation was observed to exist 
for the 25 April 1989 Mexico earthquake (Ms -= 6.9). As shown in the isoseismal map developed 
for this earthquake (Fig. 7.28), the maximum resultant horizontal accelerations experienced at the 
Durango and Park Espana building sites for this earthquake (67 gals and 55 gals, respectively) 
exceeded that experienced at the SCT site (45 gals) (Del Valle, 1990). Of course, the fact that the 
peak accelerations have a particular rank. order for one earthquake does not necessarily mean that 
they will have the same rank. order for other events. The source mechanism plays an important role. 
7.5 Discussion or Results 
Comparison of the vound motions discussed above shows major differences to exist, not only in 
the most irnpo~nt ~rameters of an earthquake motion (peak ground acceleration, predominate 
period and effecu~ duration of shaking), but also in the characteristics of the response spectra 
(general form and PC.lk spectral accelerations). These comparisons lead one to question which of 
the ground mouoru 11 most representative of the actual motions experienced at the sites. 
Unfortunately, Uw q\XStJon cannot be directly answered as measured accelerograms do not exist 
for the Dunne<> and Park Espana sites. Consideration of the work of Seed et al (1987), however, 
gives credence to Uw O-CUMV and PE-CUMV accelerograms, while the underlying theory of 
one-dimensioraJ a~tY'-ll supports all of the computed accelerograms, provided proper soil profiles 
(H, e , G. ( ) and dm&mK soil property-strain relations (G vs. ", ~ vs. ,,) have been assigned, 
and approprUte ob,ee mouons have been selected. 
Of the assigned values, the properties having the greatest probability of error are the shear 
modulus (or shear wave velocity) and the critical damping ratio, as neither was specifically 
measured for the Durango or Park Espana building sites and reliance upon the findings of others 
was required in making their assignments. Damping ratios were assigned using the ~ vs. " 
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relationship developed for Mexico City clay by Leon et al (1974) and Romo and Jaime (1986). The 
nearly constant (2-3%) damping ratio exhibited by the Mexico City clays for shear strains less than 
0.1% (Fig. 7.13), together with the fact that the computed ground motion results are not very 
sensitive to errors in the assigned damping ratio (Schnabel et aI, 1972), assisted in minimizing the 
anticipated amount of error associated with the assigned damping ratios. 
The assigned shear wave velocities, on the other hand, are known to have a profound effect 
upon the computed ground motion results for Mexico City. As shown by the analytical results of 
Seed et al (1987) (Fig. 7.29), a 15 mlsec reduction (approximately 25%) in the shear wave velocity 
assigned to a 10m depth of the SCT profile produced a profound effect on the response spectra 
determined for the computed motions, both in terms of overall shape and in terms of peak spectral 
accelerations. Unfortunately, shear wave velocities are very difficult to quantify, even when 
measured in the field (Seed et al, 1987). Care was exercised in assigning shear wave velocities to the 
Durango and Park Espana site soil profiles. Efforts were made to insure that the fundamental 
periods calculated from the shear wave velocities assigned to each soil profile (Tl = 4H/V Stwe ) were 
approximately equal to the dominant soil periods indicated for each building site by DDF-8 7 . 
The probability for error due to assigned shear velocities can be reduced if used as the object 
motion is a motion representative of the hard layer underlying the soft clays of Mexico City (Le., the 
CUMV NS record) as specification of only one soil stratum is required (that of the site of interest) . 
Selection of the SCT records as the object motion, on the other hand, requires defining two soil 
strata, and thus provides more room for error. 
A final source for error in the site specific analyses performed is the theory selected to predict 
seismic response itself. Although numerous investigators purport the one-dimensional response 
theory to be appropriate for the study and prediction of seismic response within the valley of 
Mexico, others disagree (Esteva, 1988; Sanchez-Sesma et aI, 1988 and Bard et aI, 1988). Those in 
disagreement admit that their adversaries have been successful in using one-dimensional response 
theory to reproduce the main features of the 5% response spectra with reasonable accuracy 
(spectral shape and spectral peaks), but point out that damped response spectra saturate and 
therefore do not reflect the peculiarities of the ground motion (Sanchez-Sesma, 1988). These 
researchers also admit that one-dimensional response of the most superficial lake sediments is 
primary to the observed damage distribution. However, they point out that such a theory fails to 
simulate the duration characteristics of the accelerograms and to predict the rapid variations in 
damage density within the lake bed zone observed following the 1985 earthquake. They credit small 
local heterogenities in the lake bed soils and constructive interference of trains of surface waves 
reflected from the edges of the Mexico valley as being the primary causes for the variations in 
observed damages. As a solution, these researchers recommend the use of multi-dimensional wave 
propagation analysis methods which consider the lateral irregularities of the geological structure, 
such as focussing of the incident wave energy, mode conversion and local surface waves, and the 
contributions of the deep sediment materials. 
The above discussion addressing areas of probable error emphasizes just how difficult it is to 
anticipate the precise character of the motions likely to develop at a given site in Mexico City. The 
difficulty associated with determining site-specific ground motions is well-known, and even good 
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agreement between the actual and computed motion characteristics represents a significant 
accomplishment (Seed et aI, 1987). 
In the discussions of the dynamic analyses which follow (Chapters 8 and 9), the computed 
ground motions are presumed to be representative of those experienced at the base of the Durango 
and Park Espana buildings during the 1979 and 1985 earthquakes. Together with the SCT motions, 
the computed ground accelerations are used to examine the effects various ground motions can 
have on the dynamic response of the two buildings of study. 
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CHAPI'ER 8 
RESULTS OF ANALYSES OF THE DURANGO BUILDING 
8.1 Introduction 
The results of numerous dynamic analyses of the Durango building are summarized within this 
chapter. The primary objective of these analyses was to gain insight into the role the steel braced 
frames played during the 1985 earthquake. In addition, some of the analyses were performed in an 
effort to reconcile the observed seismic damages with the building designs existing at the time of 
each respective earthquake. 
Both response spectrum and time history dynamic analyses were conducted. The 3D time 
history analyses had durations equivalent to the lengths of the ground motion accelerograms used as 
base excitations, and yielded estimates of displacements, base shears, overturning moments and 
individual structural member responses to simultaneously applied orthogonal earthquake records. 
The response spectrum analyses were both planar and three-dimensional. Modal maxima were 
combined using both SRSS and CQC. The results of each type of dynamic analysis were compiled in 
a tabular format for ease of comparison. The quantities chosen for comparison were selected 
because of their relationship to building stiffness, strength andlor overall model performance, and 
because of the prominent role they play in current design codes. 
The starting point for the dynamic analyses of the Durango building was the refined FINITE 
model described in Section 4.3. This model was used to develop an equivalent FEAP model so that 
dynamic time history analysis might be performed. (FINITE is currently unable to perform time 
history analysis). The equivalent FEAP model used all of the same material properties and element 
types as did the FINITE model, except that the haunched beams of Frames 2, 3 and 4 were 
modelled more accurately using two tapered 3D structural beam elements and one rectangular 3D 
element instead of the five rectangular 3D structural beam elements used in the FINITE model. The 
initial substitution of the 3D linear elastic structural beam element with rigid end zones of FEAP for 
the 3D SPACEFRA~1E structural beam element of FINITE failed to produce the same modal 
results for the model. The SPACEFRAME element included the effects of shear deformation while 
the FEAP element dJd not. Because of the deep spandrel beams existing in Frames 1 and 5 of the 
Durango buildm,. the differences in computed EW frequencies were substantial: 4.8% for the 
fundamenal E\I.' frequency and 20% for the second EW frequency. (Normally the 
inclusionlexdUSolon of &hear deformation has minimal effects on analysis results for frame 
structures). Thertfort. I new element incorporating the effects of shear deformation was written for 
FEAP. TIle ~ of lhu element reduced the differences in computed first and second EW 
frequencies to 0 ,«% and 0.4%, respectively. Comparisons of the natural frequencies computed for 
the two DuranCO bwldm, models (FEAP VS. FINITE) show very good agreement, with differences 
ranging from only 0 11~ for the fundamental NS mode to 4.6% for the second NS mode. This 
degree of agreement IS expected as the underlying theory for the two programs is the same. 
Four versions of the equivalent refined FEAP analytical model were used. Each version 
represents the physical condition of the Durango building at some period in time and was developed 
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from the refined analytical model. Post-85 designates the refined analytical model of Section 4.3 
which represents the physical condition of the building following the 1985 earthquake. Newly 
Retrofit denotes the model representing the physical condition of the building following retrofit but 
prior to th~ 1985 earthquake. Newly Retrofit differs from Post-85 in that the RC infill walls are 
uncracked and the steel connection elements are reassigned their original stiffnesses. Post-79 
designates the model representing the physical condition of the building following the 1979 
earthquake but prior to retrofit. Post-79 differs from Newly Retrofit in that the retrofit elements are 
removed. Original refers to the model representing the condition of the building as originally 
constructed. Original differs from Post-79 in that the floor beams, masonry walls and longitudinal 
basement RC walls are uncracked. 
Section 8.2 presents the results of time history analyses performed to assess the effects of the 
retrofit system on the estimated base shear strength and foundation flexibility of the Durango 
building. Also examined is the role connection stiffness plays in determining the shear force 
transferred between the original RC structure and the steel braced frames. Section 8.3 compares 
response quantities determined using the approximate response spectrum method and the exact 
time history method. Both the SRSS and CQC methods for combining modal maxima are 
examined. Section 8.4 discusses the results of several time history analyses performed to further 
assess the validity of the analytical model. For these analyses, the predicted damages are compared 
to those observed following the 1979 and 1985 earthquakes. The parameters varied in this set of 
time history analyses are overall system stiffness, damping, and ground motion. 
8.1 Errects or Retrofit on the Behavior or the Durango Building 
The excellent performance of the Durango building during the 1985 earthquake has previously 
been attributed to the presence of the retrofit elements added following the 1979 earthquake 
(Foutch et a!.. 1989 and Del Valle et aI., 1988). Two dynamic analyses were conducted in an effort 
to verify this conclusion and to gain additional insight into the roles played by the steel braced 
frames and RC infill walls. The analyses were performed using the Newly Retrofit and Post-79 
models of the Durango building subject to the 1985 SCT ground motions. Damping values 
equivalent to those measured in the field were used for the Newly Retrofit model while damping 
values of 10% were used for all five modes of the Post-79 model. The higher damping values for the 
Post-79 model were used to reflect the higher levels of damage anticipated to occur during the 1985 
earthquake. 
Table 8.1 summarizes the major response quantities for the analyses, while Figs. 8.1 and 8.2 
compare the EW and NS roof displacement, base shear and overturning moment histories for the 
two models for the 30-90 second interval of the 180-second record. As indicated by the natural 
periods of Table 8.1, the addition of the retrofit elements to the Durango building increased 
structural stiffness by 167% (llK/K, -= «(J);mr-{J)7no)/{J)'fmo) in the EW direction and 180% in the NS 
direction. However, the differences in natural periods are not readily apparent from the response 
history plots of Figs. 8.1 and 8.2 as both models exhibit dynamic response having predominant 
periods of two seconds, the characteristic period of the SCT ground motion. Response independent 
of model period is attributed to the duration and sinusoidal nature of the strong ground motion 
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shaking. The duration is long enough to establish near steady-state response reminiscent of forced 
vibration. Some influence of building period as a secondary component of response is noted upon 
closer scrutiny of the first and last 15 seconds of response in Figs. 8.1 and 8.2. 
The response history plots substantiate the value of the retrofit elements as stiffening agents of 
the building. The new RC shear walls decreased the predicted peak NS roof displacement by a 
factor greater than 4, and the new steel braced frames decreased the predicted peak EW roof 
displacement by a factor of almost 3. Also, the stiffening characteristics of the retrofit elements 
reduced the maximum base shears and overturning moments experienced by the Newly Retrofit 
model, as compared to those experienced by the Post-79 model, by approximately 40% in the EW 
direction and by approximately 3.5% in the NS direction. The reductions in dynamic load, together 
with the decreased lateral deflections and increased column strengths, profoundly affected the 
number of column and beam failures predicted for the Newly Retrofit model. As shown in Figs. 8.3 
and 8.4, column overstress was predicted for all but 14 columns of the Post-79 model, whereas 
none was predicted for the columns of the Newly Retrofit model. Similarly, shear and flexural beam 
overstress was predicted for all of the spandrel and haunched beams of the Post-79 model 
examined for overstress (Floors PB-5), whereas none was predicted for the same beams of the 
newly Retrofit model. Similar patterns of beam overstress are anticipated for the remaining floors of 
the building. 
Elastic response spectra for 5% damping for the 1979 and 1985 SCT EW and NS ground 
motions are shown in Figs. 8.5 and 8.6, respectively. These spectra, and particularly those for 1985, 
reflect the predominant two second ground period characteristic of the soft soil deposits underlying 
the lake region of Mexico City. The improved response of the Durango building during the 1985 
earthquake (Section 2.2.4) can be partially attributed to the shift in fundamental EW building 
frequency achieved by the steel braced frames. As mentioned above, the retrofit steel braced 
frames increased the building stiffness in the EW direction by 167%. This increase in stiffness 
successfully shifted the fundamental EW building frequency away from the two second period 
danger zone (from 1.865 sec or 0.536 Hz to 1.196 sec or 0.836 Hz), and greatly reduced the peak 
EW spectral acceleration experienced by the Durango building during the 1985 earthquake. 
8.2.1 Estimated Transverse Base Shear Strength 
Damage to the Durango building during the 1979 earthquake was caused primarily by shaking in 
the transverse (EW) direction and was restricted to Stories 1, 2 and 3 as indicated by Fig. 2.15. In 
these stories. the transverse spandrel beams and columns experienced diagonal cracking due to 
shear and flexural effects over much of their lengths, the spandrel beam-column joints suffered 
severe cracking and spaIling, and the columns of the three interior transverse frames experienced 
some shear and flexural cracking. Because structural damage was limited to the transverse frames of 
the Durango building, efforts were made to estimate only the transverse base shear strength for the 
Original structure. Similar efforts were not undertaken to estimate the transverse base shear strength 
for the Newly Retrofit building, primarily because of the uncertainties associated with making such 
an estimate. Potentially, the failure mechanism could be a two-story mechanism due to the large 
diagonal braces of the steel braced frames that extend over two stories. Besides, the retrofit Durango 
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building obviously had adequate strength to resist the lateral forces associated with the 1985 
earthquake as the building suffered no visible structural damage. 
Transverse base shear capacity for the Original building was calculated considering both flexural 
and shear yielding. The transverse base shear capacity associated with flexural yielding was 
determined by performing a static limit anaiysis of the Original D-urango building. In penonrJn.g the 
analysis, an elasto-plastic force displacement relationship was assumed for all yielding members and 
the stabilizing effects provided by the gravitational compressive axial loads were included in the 
plastic moment capacities computed for all column sections. The formation of a potential failure 
mechanism for the structure required that each frame fail by the same general mechanism, thereby 
insuring that each frame incur compatible deformations. The limit analysis considered two lateral 
force distributions: (1) an inverted triangular load distribution, and (2) a distribution corresponding 
to the fundamental EW mode shape. The latter of these two load distributions controlled the 
flexural capacity of the Original Durango building. 
The controlling failure collapse mechanism for the Original Durango building when deflected to 
the west is shown in Fig. 8.7, and involves the formation of plastic hinges at the base of all basement 
story columns, the top of all fifth story columns, and either the beam-column interface (M1' M4 or 
M7) or the point of minimum haunched beam depth (M2' M3. Ms or MS) of all PB, 1-5 floor beams 
(See Fig. 2.11). The formation of plastic hinges at the top of the fifth story columns is somewhat 
surprising as columns of a moment-resisting frame are typically designed to be stronger than their 
incoming beam counterparts. However, a 0.0096 reinforcement ratio exists at the top of the fifth 
story columns for Frames 1 and 5. This reinforcement ratio is 24% less than the corresponding 
0.0127 value provided at the base of the fifth story columns for the same frames and represents a 
rather abrupt decrease in reinforcement ratio. This change in reinforcement ratio, together with the 
fact that there is no accompanying reduction in the plastic moment capacity of the incoming 
spandrel beams at the firth and sixth floor levels, is probably the cause of the plastic hinge formation 
at the top of the fifth story level columns. Similar mechanisms involving the formation of plastic 
hinges at the top of the column of some mid-height story were determined by other researchers for 
other RC moment-resisting frame buildings in Mexico City (Meli, 1985; Miranda and Bertero, 
1989). 
The ultimate base shear strength associated with the failure collapse mechanism of Fig. 8.7 is 
O.14W, where W is the total weight of the building above the foundation slab. The strength 
contributions provided by Frames 2-5 were essentially the same. Frame 1, however, resisted 
approximately 12% less load than did its near identical twin, Frame 5. The lower strength of Frame 
1 is primarily attributed to the missing spandrel beam at the PB floor level of Frame 1. 
An estimate of the transverse base shear capacity associated with shear yielding of the basement 
story was calculated for the Original building. The estimated value is independent of the assumed 
lateral force distribution as the calculations were performed at the basement story only. The 
transverse base shear capacity was assumed to be comprised of the shear strength provided by the 
concrete and shear reinforcement of the basement story columns. 
The shear strength provided by each column was computed using the provisions of ACI 
318M-83 as 
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where 
t!i'b"d 
AJ,d/s 
(8.1) 
(8.2) 
(8.3) 
In Eqn. (8.2), !c' is the concrete compressive strength in MPa, b" is the web width in mm, and d is 
the distance from the extreme compression fiber to the centroid of the longitudinal tension 
reinforcement in mm. In Eqn. (8.3), A., is the area of shear reinforcement within a distance s, {y is 
the yield strength of the shear reinforcement, and d is again the distance from the extreme 
compression fiber to the centroid of the longitudinal tension reinforcement. No reductions in shear 
strength due to axial tension within the columns were considered in calculating the column shear 
strengths. 
The resulting estimate of transverse base shear capacity due to shear yielding of the basement 
story columns is O.24W. Comparison of this value to the O.14W determined for flexural yielding 
shows the transverse base shear strength of the Original building to be governed by the flexural 
failure mode. Comparison of the governing 0 .14W base shear strength to the 0.1 OW to O. 20W range 
of base shear strengths determined by Meli (1987) for nine RC buildings damaged during the 1985 
Mexico earthquake shows the Original Durango building to have a base shear strength typical to that 
of other RC buildings in Mexico City. 
Comparison of the governing O.14W transverse base shear strength to the maximum 0.48W EW 
base shear value predicted by dynamic analysis for the Post-79 model subject to the 1985 SCT 
ground motions (Table 8.1) shows that the Original Durango building had inadequate strength to 
withstand the lateral forces associated with the 1985 earthquake. The maximum transverse base 
shear computed for the Post-79 model subject to the 1985 SCT ground motions exceeds the 
governing base shear capacity by three times over. Given the large lateral forces and displacements 
which would have occurred during the 1985 earthquake and the minimal confining steel present in 
the RC columns, it is most likely the Durango building would have collapsed during the 1985 
earthquake had it not been retrofit with the steel braced frames. 
8.2.2 Connection Elements 
Preliminary static elastic analyses of the Durango building model indicated that considerable 
interaction may take place between the original RC structure and the steel braced frames. In 
panicular, tensile axial forces and out-of-plane moments were noted to exist in both the RC and 
steel columns of Frames 1 and 5. The presence of these forces was initially attributed to the 
eccentricity which exists between the original RC structure and the steel braced frames and to the 
innate variation in deflection response which exists between the original RC structure and the steel 
braced frames, and their magnitudes were believed to be dependent upon the stiffnesses assigned to 
the connection elements. 
A parameter study was performed in an effort to determine the role the connection elements 
play in determining the lateral force distribution between the original RC structure and the steel 
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braced frames and the levels of axial force experienced in the RC columns. The stiffnesses assigned 
to the connections of the Newly Retrofit model were seiected to serve as t..lte reference standard. As 
previously mentioned in Chapter 4, the connection stiffnesses assigned to the Newly Retrofit model 
equaled those of the largest incoming steel framing member. A modulus of elasticity 
E-_NIt. -= 2CXXXXlMPa was used to determine their stiffnesses. The resulting effects of this modelling 
technique were rigid connections, whose assigned stiffnesses were similar to those specified in the 
design drawings (See Fig. 2.19 for a typical detail). 
Two quantities were examined during the parameter study: the maximum and minimum axial 
forces experienced by the RC columns of Frames 1 and 5 and the total shear force carried by the 
steel braced frames at the base, PB and first story levels. Because simultaneous application of the 
orthogonal ground motion components would certainly cause out-of-plane moments, only the 1985 
SCI' EW ground motion component was applied to the Newly Retrofit model. The connection 
stiffnesses considered were 500, 1/50 and 11500 times the connection stiffnesses assigned to the 
Newly Retrofit model. Results of the time history analyses examining the effects of the varied 
connection stiffnesses on the dynamic response of the flexible-based, Newly Retrofit model are 
summarized in Table 8.2 and Figs. 8.8 and 8.9. 
Examination of Table 8.2 shows that the EW response quantities are basically insensitive to 
connection stiffness, at least for the range of stiffnesses examined within this study. A similar 
statement can be made for the percentages of base shear carried by the steel braced frames at the 
base, PB and first story levels. Similar findings as to limited change in percentage shear force carried 
by the steel braced frames at the first story level given softened connections were reported in 
Chapter 4 (Section 4.3.3). Note that NS response quantities are not included in Table 8.2 as they 
were essentially zero. 
Figures 8.8 and 8.9 portray the axial force envelopes for the four RC columns of the Durango 
building directly connected to the steel braced frames for two of the three connection stiffness 
assignments: EctIIfII -= l/SOxECOftII_ NR and ECOIUI = l/SOOxECOIUI_NR • A figure for the connection stiffness 
assignment ECOftII -= 5(X)xECOftII_NR is not included as the axial force envelopes predicted for this case 
are identical to those predicted for the reference standard. 
Examination of Fig. 8.8 shows only minor differences to exist between the predicted axial force 
envelopes for the reference standard and the model with ECOftII = l/SOxECOIUI_ NR , whereas 
examination of Fig. 8.9 shows substantial differences to exist between the predicted axial force 
envelopes for the reference standard and the model with ECDNI = l/SOOxEalfUI_ NR • Not only are the 
predicted axial forces smaller for the latter case, they are all compressive. This condition is 
advantageous as concrete is much stronger in compression than in tension. 
From this study, the conclusions can be drawn, for the range of connection stiffnesses 
considered, that the connections stiffnesses originally assigned to the Newly Retrofit model are 
extremely stiff, that softening the connections by a factor of 500 has minimal effect upon the 
percentage of base shear carried by the steel braced frames but a major effect upon the magnitude 
of the axial forces predicted for the RC columns. The softened connections are able to successfully 
transmit the majority of the seismic shear force from the RC frames to the steel braced frames. 
Thus, softened connections can be considered to be beneficial to the performance of the building. 
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8.2.3 Braced Frame Forces 
The elements of the steel braced frames were examined for shear, compression, tension and 
flexure overstress. Many of the elements were also examined for combined stress according to the 
provisions of Section 1.6 of the AISC specification (1980). The additional analysis for combined 
stress was warranted as many of the elements resisted substantial bending moments in addition to 
axial force. The elements examined for compliance with these provisions were those experiencing 
the greatest amounts of axial force (compression or tension). 
The ultimate tensile, compressive and flexural capacities to be used in Eqns. (1.6-1a) and 
(1.6-1b) of Section 1.6 were calculated according to the AISC specification. The controlling 
assumptions made in determining the compressive capacities were that each member had pin-pin 
end connections and that the one-story diagonal braces were braced at midlength (Le. at the point 
of X crossing). No safety factors were included in determining any of the calculated ultimate 
capacity values. 
Element analyses revealed that the most critically stressed members of the steel braced frames 
were the two-story diagonal braces, the columns of the basement and PB story levels, and the 
one-story diagonal braces of Stories 1 and 8. These same analyses showed that all of the sections 
analyzed, for all of the dynamic analyses involving the retrofit structure, had levels of stress less than 
ultimate, except for the two-story diagonal braces and the one-story diagonal braces of Stories 1-7 
of the Newly Retrofit model subject to the 1985 D-SCT ground motions (Table 8.7). For this case, 
the maximum compressive axial forces determined by the dynamic analysis for the sections 
exceeded ultimate compressive strengths without any consideration of combined stress. 
Based upon the combined axial compression and bending stresses experienced by either the 
two-story diagonal braces or the one-story diagonal braces of Story 1 of the Newly Retrofit model 
subject to the 1985 SCT ground motions, a maximum transverse base shear of about 0.29W would 
be required to cause failure of either of these two sections, with failure being caused by yielding at 
the ends (Eqn. (1.6-1b) of the AISC specification (1980». 
8.2.4 Effects or Foundation Flexibility 
Foundation flexibility is commonly thought to have a greater effect on the response of a stiff 
building than on that of a flexible building. The validity of this statement for the Durango building 
was examined by conducting response history analyses of the Original, Newly Retrofit and Post-85 
models with both flexible and fixed base foundation conditions. Of these three models, Newly 
Retrofit is the stiffest, followed by Post-85, followed by Original. The maximum displacements, base 
shears and overturning moments computed for the Original, Newly Retrofit and Post-85 models are 
presented in Table 8.3. Three observations were made upon the examination of this table. The first 
two observations pertain to the generally accepted statement regarding foundation flexibility 
whereas the third does not. 
1. The stiffer the building model, the greater the difference in fixed vs. 
flexible based periods. For example, the fundamental EW period for the 
flexible based Original model is 15% larger than the fundamental EW 
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period for the fixed base model, the fundamental EW period for the 
fleXIble based Post-85 model is 30% larger than the fundamental EW 
period for the fixed base model, and the fundamental EW period for the 
flexible based Newly Retrofit model is 35% larger than the fundamental 
EW period for the fixed base model. 
2. The stiffer the building model, the greater the contribution of base 
translation and base rocking to total lateral displacements. For example, 
for the Original model, EW base translation accounted for 2.5% of the 
EW roof translation, whereas, for the Post-85 model, EW base translation 
accounted for 4.7% of the EW roof translation, and for the Newly Retrofit 
model, EW base translation accounted for 5.6% of the EW roof 
translation. For the Original model, EW base rocking accounted for 25% 
of the EW roof translation, whereas, for the Post-85 model, EW base 
rocking accounted for 42% of the EW roof translation, and for the Newly 
Retrofit model, EW base rocking accounted for 48% of the EW roof 
translation. 
3. The percentages of increase/decrease in predicted maximum base shears 
and ovenuming moments for fIXed vs. flexible based analysis appear to 
be independent of model stiffness. Increases in maximum base shears and 
NS ovenuming moments are predicted for all three of the models while 
decreases in maximum EW base shears are predicted for the Original and 
Post-85 models. Whether or not the base shears increase or decrease 
appears to depend upon the peak spectral acceleration values and not 
upon model stiffness, whereas whether or not the ovenuming moments 
increase or decrease appears to depend upon both the peak spectral 
acceleration values and the degree of foundation flexibility present. In 
general, if the fixed base base shear value is equal to or greater than the 
flexible base base shear value, the flexible base ovenuming moment will 
necessarily be smaller than the fixed base ovenuming moment. However, 
if the fixed base base shear value is smaller than the flexible base base 
shear value, then a general statement about the relationship between the 
fleXIble base overturing moment and the fixed base ovenuming moment 
cannot be made. 
The first and second observations agree wit..h. the generally accepted statement that foundation 
flexibility has a greater effect on the response of stiff buildings than on flexible buildings and suggests 
that the generally accepted statement is valid regardless of the shape of the response spectrum. The 
third observation contradicts past experience in the United States and can be attributed to the 
unique shape of the response spectrum for the soft soils of Mexico City. For the periods of concern 
for the Durango building models, foundation flexibility leads to lateral design forces higher than for 
those of the fixed base case. This sit'uation is contrary to that e~erienced by stiff soil sites. As 
reflected by the design spectra for the United States and other seismic areas of the world where stiff 
soil conditions are the norm, consideration of base flexibility typically decreases the magnitudes of 
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force to be used during design (except for the stiffest of structural systems, i.e./; > 5 Hz) (UBC, 
1988). 
8.3 Response Spectrum vs. 3D Time History Analyses 
A series of elastic response spectrum analyses were conducted prior to the dynamic analyses to 
provide initial insight into the response of the Durango building during the 1979 and 1985 
earthquakes. The analyses were planar in nature and followed the procedure outlined by Chopra 
(1981). Modal participation factors were developed using only the mode shape components for the 
do/in the direction of the applied ground motion, modal responses were considered in the direction 
of the applied ground motion only, and the square root-sum-square formula (SRSS) method was 
used to combine the modal maxima of the first two modes. Comparisons showed that the inclusion 
of the second mode contributions had minimal effects on the resulting displacement, base shear and 
overturning moment quantities (less than 2%). 
The response spectrum analyses were performed using all four versions of the analytical model, 
the 1979 and 1985 SCT response spectra (Figs. 7.11 and 7.6, respectively), and damping factors 
representative of those measured in the field. Table 8.4 lists the transverse (EW) roof displacement, 
Floor 5 displacement and base shear values computed for each model. Table 8.4 also lists the 
response values determined by 3D time history analysis with simultaneous application of the 
orthogonal translational ground motions. Comparison of the results of the two analyses methods 
shows the approximate response spectrum method to have estimated well (to within -3.7% to 
+ 11 %) the results determined by the exact time history analysis method. Such findings are not 
surprising as the Durango building is essentially symmetric in plan and exhibits little coupling 
between its individual modes. 
Another response quantity compared between the planar response spectrum method and the 
3D time history analysis method was the magnitude of the axial force carried by the two-story 
diagonal braces of the steel braced frames of the Newly Retrofit and Post-85 models. The individual 
member forces for the response spectrum method were approximated by performing static linear 
elastic response spectrum analyses of the 3D building models. The lateral loads applied during the 
static elastic analyses were the equivalent lateral forces as determined by the planar response 
spectrum method (Chopra, 1981). The lateral loads were distributed to the 3D analytical models 
according to nodal mass and were applied in the easterly direction. Comparisons of the results of the 
two analyses methods show that the planar response spectrum method consistently overestimated 
the axial force carried by the two-story diagonal braces, by values ranging from 4.6% to 32%. These 
percentages of difference are much greater than those determined for the transverse (EW) 
displacement, Floor 5 displacement and base shear values, and reflect the fact that forces are a 
function of displacements. Therefore, errors in predicting displacements are compounded when 
predicting member forces. 
Three dimensional response spectrum anaiyses were also performed for 1.1'1e four versions of t..~e 
analytical model. These analyses were conducted to examine the improved degree of approximation 
achieved by including the third dimension. Because the Durango building is essentially symmetric in 
plan and exhibits little coupling between its individual modes, little improvement was anticipated. 
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Modal participation factors were computed using the three-dimensional mode shapes determined 
for the analytical models and modal maxima response quantities in the same direction due to 
different components of motion (EW vs. NS ground motions) were combined. Comparisons of the 
3D modal participation factors to those determined for the planar response spectrum analysis 
showed only minor differences to exist (-6.8% to O.2%).The higher percentage differences were for 
the higher modes. Both the SRSS method and the Complete-Quadratic-Combination (CQC) 
method were used to combine the modal maxima of the response quantities. The CQC method, 
proposed by Wilson et a!. (1981), was used in an attempt to account for the effects of closely spaced 
natural frequencies if present. The results of response spectrum analysis determined using SRSS are 
often significantly in error when pairs of natural frequencies lie close to one another (Newmark and 
Rosenblueth, 1971). Because the CQC method incorporates the signs of the modal responses in its 
combined value, the method is purported to yield greater accuracy. The CQC method approaches 
the SRSS method when natural frequencies are well-separated, as they are for most of the modes of 
the Durango building. 
Table 8.S presents the results of the 3D SRSS and CQC response spectrum analyses for the 
transverse (EW) direction. Comparisons of the values in the table show that the CQC method yields 
exactly the same response values as does the SRSS method for all models except for the roof 
displacements of the Post-79 model. Comparisons of the 3D SRSS values in Table 8.5 to the planar 
SRSS values in Table 8.4 show the estimated response values to be essentially the same, varying by 
at most 3.7%. Two conclusions can be made: (1) torsional response is essentially nonexistent for the 
Durango building. both as originally constructed and as retrofit; and (2) the planar response 
spectrum method can be used to estimate the displacement and base shear response quantities with 
sufficient accuracy for regular buildings with well-separated frequencies such as the Durango 
building. 
Comparison of the transverse base shears calculated for the Post-79 and Post-85 models for the 
1979 and 1985 eanhq\Ukes (Table 8.4), together with a comparison of the damages incurred by the 
Durango building dunng the two earthquakes, clearly demonstrates the value of the additional 
strength provided by the steel braced frames. Even though a base shear value three times greater 
than that calcul~ted for the Post-79 model was computed for the Post-85 model, no visible 
structural damage was susuined by the Durango building during the 1985 earthquake. The change 
in observed darru~ performance can only be attributed to the presence of the retrofit elements. 
The steel braced frames successfully carried the additional dynamic forces experienced during the 
1985 earthqwke. 
8.4 Studies on \0' .ltdet) of Analytical Model 
The refined anahtJul model of the Durango building of Section 4.3 was shown to have dynamic 
properties similar to t.tx.c mea~ured during the force vibration tests. This similarity of dynamic 
response lends credlbilJty to the model. Additional credibility could be had if the analytical model 
was able to predict cbnuges similar to those observed by Del Valle following the 1979 and 1985 
earthquakes. In an effon to establish greater credence, comparisons were made between the 
damages observed following the 1979 and 1985 earthquakes and the damages predicted by dynamic 
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analyses. The effects of stiffness degradation and increased energy absorption capacity and of 
grOll...Y}d motion properties on prerHcted dyna!!ljc respOll--Se were also examined. 
Observed structural damage for the 1979 earthquake for the Durango building was restricted to 
Stories 1, 2 and 3 where spandrel beam-column joints suffered severe cracking and spalling, 
spandrel beams and columns of the two exterior frames experienced diagonal cracking, and 
columns of the three interior transverse frames experienced some shear and flexural cracking 
(Section 2.2.2). No structural damage was observed for the 1985 earthquake. 
Predicted damage was suspected whenever the elastic forces determined by dynamic analyses 
exceeded the calculated capacity. For the steel braced frames, this condition meant that the brace 
forces determined during dynamic analysis exceeded the ultimate capacity values as discussed in 
Section 8.2.3. For the columns, this condition meant that the combined bending and axial loads 
determined during dynamic analysis exceeded column capacities as discussed in Section 6.3, or that 
the shear forces determined during dynamic analysis exceeded the nominal shear capacity. For the 
haunched and spandrel beams, this condition meant that the bending moments determined during 
dynamic analysis exceeded the ultimate flexural capacity values listed in Tables 2.2, 2.3 and 2.4, or 
that the vertical shear force determined during dynamic analysis exceeded the nominal shear 
capacity. Ultimate shear capacities for both the RC columns and beams were detennined using 
Eqns. (8.1), (8.2) and (8.3). 
In presenting the overstress results for the RC columns, schematic diagrams similar to those 
described in Section 6.3 were used except that an E for the EW-directed axis and an N for the 
NS-directed axis were used to denote the axis of bending instead of y and z . This change in notation 
was necessary as the major axis orientation varies throughout the height of the building due to 
varying column dimensions. Also, included on the schematic diagrams are the overstress results for 
the RC beams. Solid lines represent the beams analyzed for overstress. The haunched and spandrel 
beams of Floors 6-10 were not examined for overstress as limited additional information would be 
gained. The longitudinal edge beams were not examined for overstress as all observed structural 
damage was limited to the transverse (EW) beams. All column were examined for overstress. 
8.4.1 Effect of Stiffness Degradation and Increased Energy Absorption Capability on 
Dynamic Response of Retrofit Building 
The time history analyses performed for the Durango building assumed linearly elastic behavior. 
This assumption simplifies the analysis procedure but fails to reflect the true inelastic behavior of the 
building and its individual elements when subjected to conditions of overstress. In an attempt to 
simulate some of the softening effects experienced by the structural system, two additional time 
history analyses were performed for the retrofit building. These analyses used the 1985 SCT ground 
motions, the Post-85 model, and two different sets of damping values, gi = giFYT. and ~i == ~iFYT 0 
The results for the Post-85 model with gi == giFYT were compared to the response results determined 
using the Newly Retrofit model with gi == giwr. The change in analytical model reflects an attempt to 
represent stiffness degradation of the structure. However, the fundamental longitudinal and 
transverse periods for the Post-85 model were only 6.4% (1.27 sec vs. 1.20 sec) and 2.9% (0.986 
sec vs. 0.958 sec) longer than their respective Newly Retrofit model counterparts. The change in 
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damping values for the Post-85 model reflects an attempt to represent increased energy absorption 
capabilities of the structure and its surrounding soils. 
The results for the two time history analyses examining stiffness degradation are summarized in 
the second and third columns of Table 8.6 and Figs. 8.4 and 8.10. Comparisons of the relative 
magnitudes of the computed NS response quantities and the EW displacement values for the 
analyses are as expected. Larger values are predicted for the Post-85 model due to the combined 
effects of higher peak spectral accelerations and lower overall building stiffness. Comparisons of the 
relative magnitudes of the computed EW base shear, overturning moment and associated brace 
forces for the analyses, however, are somewhat disconcerting. Although the Post-85 model has 
greater EW peak spectral accelerations than does the Newly Retrofit model, its EW base shear, 
overturning moment and brace forces are less than those of the Newly Retrofit model. Possible 
explanations for the smaller EW base shear and overturning moment are changed transverse mode 
shapes, from flexural to shear, and different amounts of contribution from the secondary mode 
shapes. The smaller brace forces primarily reflect the lower EW base shear value determined for the 
model. 
Examination of Figs. 8.4 and 8.10 shows that the Post-85 model with ~i = ~iFVT predicted a 
greater number of overstressed RC columns and beams than did the Newly Retrofit model. This 
increase in damage prediction, in part, reflects the fact that the effective stiffness of the steel braced 
frames was not as great for the Post-85 model as it was for the Newly Retrofit model. The RC frames 
of the Post-85 model were therefore required to carry a greater percentage of the transverse base 
shear force than were those of the Newly Retrofit model. This condition, together with the increased 
lateral displacements accompanying stiffness degradation of the building, led to the prediction of a 
greater number of overstressed RC columns and beams. 
The Post-85 model was more flexible than the Newly Retrofit model, but only by a small 
amount. Therefore, additional softening of the building is probably necessary to accurately reflect 
the performance of the building during the earthquake. Examination of the response spectrum for 
5% damping for 19 B S scr (Fig. 7.17) shows that additional softening of the building beyond that of 
the Post-85 model dunng the earthquake would have led to increased peak spectral accelerations. 
These increased peak spectral accelerations in turn would have led to greater softening which in tum 
would have led to I1lcT~a~d peak spectral accelerations, provided the contributions by hysteretic 
damping were mall Tlus Ulcrease in peak spectral accelerations" would only serve to increase the 
number and se~nt}' of RC columns and beams predicted for damage. 
Two different M'U of damping values (~i = ~iFVT and ~i = 14iFVT) were used in conjunction with 
the Post-85 mod~l to aUow examination of the effects of increased energy absorption on the 
computed response quanuuel" The damping values are believed to represent lower and upper 
bounds on the lena] dampmC values experienced during the 1985 earthquake. The larger values 
should be large enouv, to tnctude the effects of material (hysteretic) damping for both the structure 
and the soil and the effecu of radiation (geometrical) damping within the soil. 
The results for the two time history analyses examining increased energy absorption capability 
are summarized in the third and fourth columns of Table 8.6 and in Figs. 8.10 and 8.11. As shown 
in these figures, increased energy absorption capability has little effect upon the number of RC 
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columns and beams predicted to experience overstress, despite the fact that lower peak spectral 
accelerations are associated with the higher damping values. For all five modes, the increased 
damping values yield decreased peak spectral accelerations, which in turn yield smaller 
displacements, base shears, overturning moments and member forces. Obviously, the amount by 
which the response quantities are reduced due to increased damping is just not enough to alleviate 
the predicted overstress conditions. 
8.4.2 Properties of Ground Motion 
Up until now, all of the dynamic analyses discussed in Chapter 8 have been performed using the 
recorded SCT ground motions. These ground motions were used for the initial dynamic response 
analyses because the SCT recording station is the nearest station to the Durango building 
(approximately 3.3 kIn distant) and has a soil profile nearly identical to that of the Durango 
building, both in depth of soft soil deposit and in water content. 
The properties of the actual ground motions experienced at the Durango building site during the 
1979 and 1985 earthquakes are probably the greatest unknown remaining within this study. 
Because instruments were not present within the building at the times of the earthquakes, the actual 
ground motions experienced by the building are unknown. Without knowledge of the actual ground 
motions, a high probability for error exists in the results of the dynamic analyses even if used is a 
well-tuned model such as that developed for the Durango building. 
In an effort to assess the effects ground motion can have on the dynamic response of the 
Durango building, dynamic analyses were conducted using a few different ground motions. The 
ground motions used, in addition to those recorded at the SCT recording site, were the 
accelerograms developed for the Durango building site using one-dimensional ground response 
analysis (SHAKE) (see Chapter 7). Comparisons of the results from these analyses show that 
ground motion does have a major effect on the dynamic response and predicted damages for the 
Durango building. 
(a) 1985 Ground Motions 
The ground motions considered as alternative base motions to SCT for the Newly Retrofit 
Durango building model were D-CUMV (Section 7.4.1) and D-SCT (Section 7.4.2). Table 8.7 
and Figs. 8.4 and 8.12 summarize the results for the dynamic analyses conducted using these 
ground motions. A schematic diagram displaying overstressed RC members for the D-CUMV 
ground motion is not included as its damage predictions are the same as for the SCT ground 
motions: none. Examination of Table 8.7 and Figs. 8.4 and 8.12 show D-SCT to be be the more 
damaging ground motion. Its higher EW and NS spectral accelerations lead to higher displacements, 
base shears. overturning moments and brace forces, and to predictions of flexural overstress for 
several columns of the first seven stories and a few spandrel beams of Floors 1 and 2. D-SCT also 
led to the prediction of buckling for two of the two-story diagonal braces and several of the 
one-story diagonal braces of the first story of the steel braced frames. Because the number and 
severity of predicted column failures for D-SCT is substantially different from those observed 
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following the 1985 earthquake, the statement can be made that the ground motions experienced by 
the Durango building during the 1985 earthquake were probably not those of D-SCT. 
(b) 1979 Ground Motions 
The two ground motions considered as potential base motions for the Original Durango building 
were scr and D-Scr (Section 7.4.2). The results from the dynamic analyses using these two 
ground motions are summarized in Table 8.8 and Figs. 8.13 and 8.14. Comparisons of the results 
show D-scr to be the more damaging ground motion. Although SCT and D-SCT both predict 
tensile-type failures for seven column of Stories 7-10, D-SCT alone predicts flexural damage for 
some of the spandrel beams of Floors 1 and 2. Responsible for the greater damage predictions of 
D-scr are its slightly higher peak spectral accelerations (Table 8.8). These higher peak spectral 
accelerations also lead to slightly greater displacement, base shear, and overturning moment values. 
Comparisons of the damages predicted by SCT and D-SCT to the damages observed by Del 
Valle following the 1979 earthquake show that both ground motions underestimate the observed 
damages for the lower stories and overestimate the observed damages for the upper stories. 
Underestimation of the observed damages for the lower stories is believed to be due to the fact that 
rigid end zones were used to model the RC joint behavior in the analytical model. Because the 
forces output by both FEAP and FINITE are the forces acting at the elastic ends of a given element, 
the shear forces output for the column elements of Durango and used to assess shear overstress are 
not the same shear forces experienced within the rigid joint. Recall that observed damages for the 
Durango building following the 1979 earthquake involved diagonal cracking and spalling of the 
spandrel beam-column joints. Rigid modelling of the spandrel beam-column joint and elastic 
analysis of the model do not allow the effects of joint degradation to be experienced by the 
surrounding beam and column elements. 
The spandrel beam-column joint of Floor 2, Column Point C-1 for the Original model subject 
to the 1979 SCT ground motions was examined in an effort to determine whether or not the 
transverse shear forces experienced by either of the incoming columns were great enough to cause 
distress. This particular spandrel beam-column joint was selected because Del Valle observed 
damage at this level and because the incoming spandrel beam had a flexural moment close to its 
ultimate capacity. In examining the horizontal (EW) shear force acting on the joint, contributions 
from all members framing into the joint were considered. However, the longitudinal masonry infill 
wall braces, the longitudinal RC edge beam, and the rigid floor diaphragm brace did not playa 
meaningful part in the analysis. The moment in the spandrel beam was converted into its three 
components; the tensile and compression force in the reinforcement, and the compression force in 
the concrete. Each force was applied to the finite joint length at its approximate point of application. 
The forces due to the moment in the spandrel beam served to counter the shear forces in the 
columns. The resulting net forces at the top and bottom of the joint exceeded the shear resistance 
provided by the transverse shear reinforcement (Ys) by a factor of two, and were within 4.5% and 
23% of the shear capacities calculated for the Story 2 and Story 1 columns, respectively. Thus, any 
reduction in concrete shear strength due to reduced compressive axial loads would lead to diagonal 
cracking within the joint, similar to that observed by Del Valle following the 1979 earthquake. In 
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determining the column shear capacities. the shear strengths provided by both the concrete and the 
shear reinforcement were considered. and no reduction in strength due to axial tension within the 
column was considered as axial tension forces were not predicted for the two columns by the time 
history analysis. 
Overestimation of the observed damages for the upper stories can possibly be explained by the 
fact that yielding at lower levels of a structure often decreases the forces experienced in the upper 
levels of a structure because the damaged levels cannot transmit shear to the upper stories (Blume et 
a1.. 1961). Should this be the case. the observed joint damage experienced by the lower-story 
spandrel beam and column elements of the Durango building during the 1979 earthquake may have 
reduced the force levels experienced in the upper-story levels such that the columns did not see as 
large of forces and were therefore not damaged. Due to the elastic nature of the computer analysis 
and to the lack of damage predicted at the lower stories of the building. the time history analysis 
results cannot take this reduction of upper level force into account. 
The uniaxial bending-axial force time histories for the most highly overstressed column of the 
Original model subject to the 1979 SCT ground motions. Column A-l of Story 8. were plotted 
against its uniaxial bending-axial load interaction diagrams to examine the degree and number of 
predicted overstress occurrences. As shown in Fig. 8.15. overstress of Column A-l of Story 8 was 
predicted for bending about the minor (NS) axis only. was not a one-time occurring event and was 
moderate in amount. The latter two fllldings suggest that either th.e concrete compressive strength. 
was greater than that specified on the drawings or the column loadings were smaller than those 
predicted by time history analysis as structural damage was not observed for the column. Should 
Column A-I have actually seen the loadings of Fig. 8.15. its ultimate performance would have 
depended upon the amount of member ductility present. 
8.S Conclusions 
The time history analyses verified that the steel braced frames and RC in fill walls used to retrofit 
the Durango building successfully strengthened and stiffened the structure and were essential to its 
survival during the 1985 earthquake. The increased stiffness provided by the steel braced frames 
shifted the period of the building away from the two second danger zone. thereby reducing seismic 
response. while the increased strength provided by the steel braced frames enabled the building to 
resist with no visible structural damage a maximum transverse base shear three times as large as that 
calculated for the 1979 earthquake. It is highly unlikely that the Durango building would have 
survived the 1985 earthquake without the retrofit elements. This conclusion is based upon the 
numbers and modes of column failures, the mean drifts and the transverse base shear predicted for 
the Post-79 model. together with the level of damage experienced by the unretrofit building during 
the smaller 1979 earthquake. 
The results of the thne h.istory analyses seek.L,g to resolve L.'le issue of predicted versus observed 
damage were acceptable for all ground motions considered except 1985 D-SCT. No differences 
between predicted and observed damages were shown to exist for the 1985 ground motions (barring 
1985 D-SCT). Possible justification for the lack of predicted column damage for the lower stories of 
the Original building was provided by consideration of the shear force levels within the spandrel 
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beam-column joint. The shear force levels within the spandrel beam-column joint examined 
exceeded the cracking strength and were just short of exceeding the ultimate shear strength of the' 
incoming upper-story column. It is interesting to note that, based upon the high levels of stress 
predicted for some of the steel braced frame members, the Durango building may have been on the 
verge of experiencing some structural damage during the 1985 earthquake. 
The damage experienced by the original building during the 1979 earthquake was predicted 
reasonably well by the analytical results presented above. The transverse base shear experienced by 
the building during the 1979 earthquake was probably on the order of O.091W whereas the ultimate 
transverse base shear capacity of the building was about O.14W. The relative magnitudes of these 
two quantities suggest that some structural damage should have been expected during the 1979 
earthquake, but structural collapse should not have been, and that the building would have been in 
serious trouble if the shaking had been a little stronger or had lasted a little longer. 
83 
CHAYfER 9 
RESULTS OF ANALYSES OF TIlE PARK ESpANA BUILDING 
9.1 Introduction 
The results of numerous dynamic analyses of the Park Espana building are summarized within 
this chapter. The primary objective of these analyses was to gain insight into the role the diagonal 
steel cross-bracings played during the 1985 earthquake. In addition, some of the analyses were 
performed in an effort to reconcile the observed seismic damages with the building designs existing 
at the time of each respective earthquake. 
Both response spectrum and time history dynamic analyses were conducted. The 3D time 
history analyses had durations equivalent to the lengths of the ground motion accelerograms used as 
base excitations, and yielded estimates of displacements, base shears, overturning moments and 
individual structural member responses to simultaneously applied orthogonal earthquake records. 
The response spectrum analyses were both planar and three-dimensional. Modal maxima were 
combined using both SRSS and CQC. The results of each type of dynamic analysis were compiled in 
a tabular format for ease of comparison. The quantities chosen for comparison were selected 
because of their relationship to building stiffness, streqgth andlor overall model performance, and 
because of the prominent role they play in current design codes. 
In performing the dynamic analyses, four versions of the refined analytical model described in 
Section 5.3 were used. Each version represents the physical condition of the Park Espana building 
at some period in time and was developed from the refined analytical model. Post-85 designates the 
refined analytical model of Section 5.3 which represents the physical condition of the building 
following the 1985 earthquake. Newly Retrofit denotes the model representing the physical 
condition of the building following retrofit but prior to the 1985 earthquake. Newly Retrofit differs 
from Post-85 in that the RC infill walls are uncracked and the diagonal steel cross-bracings are 
reassigned their original stiffnesses. Post-79 designates the model representing the physical 
condition of the building following the 1979 earthquake but prior to retrofit. Post-79 differs from 
Newly Retrofit in that the retrofit elements are removed. Original refers to the model representing 
the condition of the building as originally constructed. Original differs from Post-79 in that the floor 
beams are uncracked. 
Section 9.2 presents the results of time history analyses performed to assess the effects of the 
retrofit system on the estimated base shear strength, pounding potential, and foundation flexibility 
of the Park Espana building. Section 9.3 compares response quantities determined using the 
approximate response spectrum method and the exact time history method. Both the SRSS and 
CQe methods for combining modal maxima are examined. Section 9.4 discusses the results of 
several time hjstory analyses performed to fl.lrLher assess t..he validity of t..~e analytical model. For 
these analyses, the predicted damages are compared to those observed following the 1979 and 1985 
earthquakes. The parameters varied in this set of time history analyses are overall system stiffness, 
damping, degree of foundation flexibility, column stiffness and ground motion. 
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9.l Effects of Retrofit on the Behavior of the Park Espana Building 
The good performance of the Park Espana building during the 1985 earthquake has previously 
been attributed to the presence of the retrofit elements added following the 1979 earthquake 
(Foutch et al., 1989 and Hjelmstad et al., 1988). Two dynamic analyses were conducted in an 
effort to verify this conclusion and to gain additional insight into the roles played by the diagonal 
steel cross-bracings and RC infill walls. The analyses were performed using the Newly Retrofit and 
Post-79 models of the Park Espana building subject to the 1985 SCT ground motions. Damping 
values equivalent to those measured in the field were used for the Newly Retrofit model while 
damping values of 10% were used for all five modes of the Post-79 model. The higher damping 
values for the Post-79 model were used to reflect the higher levels of damage anticipated to occur 
during the 1985 earthquake. 
Table 9.1 summarizes the major response quantities for the analyses, while Figs. 9.1 and 9.2 
compare the EW and NS roof displacement, base shear and overturning moment histories for the 
two models for the 30-90 second interval of the 180-second record. As indicated by the natural 
periods of Table 9.1, the addition of the retrofit elements to the Park Espana building increased 
st-ructural stiffness by 106% (MlKo :0::: ({J)?nr- ai!Ino)/{J)7no) in the NS direction and 192% in the EW 
direction. However, the differences in natural periods are not readily apparent from the time history 
plots of Figs. 9.1 and 9.2 as both models exhibit dynamic response having predominant periods of 
two seconds, the characteristic period of the SCT ground motion. Response independent of model 
period is attributed to the duration and sinusoidal nature of the strong ground motion shaking. The 
duration is long enough to establish near steady-state response reminiscent of forced vibration. 
Some influence of building period as a secondary component of response is noted upon closer 
scrutiny of the first and last 15 seconds of response in Fig&. 9.1 and 9.2. 
The response history plots substantiate the value of the retrofit elements as stiffening agents of 
the building. The new RC shear walls decreased the predicted peak EW roof displacement by a 
factor of almost 4, and the new diagonal steel cross-bracings decreased the predicted peak NS roof 
displacement by a factor of 2. Also, the stiffening characteristics of the retrofit elements reduced the 
maximum base shears and overturning moments experienced by the Newly Retrofit model, as 
compared to those experienced by the Post-79 model, by 3.5-6.1%. Larger reductions in base 
shear and overturning moment were not predicted because the modal periods for the Post-79 and 
Newly Retrofit models all lie within the flat region of the 1985 SeT response spectrum (Fig. 7.6). 
Although the retrofit elements did not provide major reductions in dynamic load, the 3.5-6.1% 
reductions in load, together with the decreased lateral deflections and increased column strengths, 
profoundly affected the number of column failures predicted for the Newly Retrofit model. As 
shown in Figs. 9.3 and 9.4, column overstress was predicted for all but six columns of the Post-79 
model, whereas it was predicted for only 15% of the columns of the Newly Retrofit model. In 
addition, the compressive material failures predicted for the Post-79 model would be less ductile 
and therefore less forgiving than the tensile materiai failures predicted for the Newly Retrofit model. 
Thus, in short, the retrofit elements both strengthened and stiffened the Park Espana building. 
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9.2.1 Estimated Base Shear Strength 
Estimates of base shear capacity considering both shear and flexural yielding of the PB story 
were calculated for both the Original and Newly Retrofit buildings. The estimated values are 
independent of the assumed lateral force distribution as the calculations were performed at the PB 
story only. For the shear failure mode, base shear capacity of the Original building was assumed to 
be comprised of the shear strength provided by the concrete and shear reinforcement of the PB 
story columns, whereas base shear capacity of the Newly Retrofit building was assumed to comprised 
of the shear strength provided by the concrete and shear reinforcement of the PB story columns, the 
concrete and shear reinforcement of the RC infill walls and the steel lacing of the strengthened PB 
story columns. 
The shear strength provided by each column was computed using the provisions of ACI 
318M-83 as 
Vn Y;;+~ (9.4) 
where 
Tf 1 r;,J. A 
"c '6'fJc v.,u (9.5) 
~ AJ,d/s (9.6) 
In Eqn. (9.5), !c' is the concrete compressive strength in MPa, b .. is the web width in mm, and d is 
the distance from the extreme compression fiber to the centroid of the longitudinal tension 
reinforcement in mm. In Eqn. (9.6), A., is the area of shear reinforcement within a distance s, {y is 
the yield strength of the shear reinforcement, and d is again the distance from the extreme 
compression fiber to the centroid of the longitudinal tension reinforcement. Similar expressions to 
Eqn. (9.5) and (9.6) were used to compute the longitudinal shear strength provided by each RC 
infill wall. No reductions in shear strength due to axial tension within the columns or infill walls were 
considered in calculating shear strengths. 
The shear strength provided by the strengthened columns was determined by analyzing each 
latticed column as a truss. The shear-carrying capacity of each truss was realized when anyone of its 
lacings experienced compressive buckling. The provisions of Section 1.18.2.6 and Eqns. (1.5~2) 
and (1.5-3) of the AISC specification (1980) were used to determine the ultimate buckling 
capacities of the lacings. All safety factors were excluded. Total shear strengths of 0.026W and 
0.031W were determined for the PB level A36 10x38 lacings in the longitudinal and transverse 
directions, respectively. These values were computed using effective length factors of 1.0 and 30° 
angles of lacing inclination (Fig. 2.32). Had double lacing eX) been used instead of single lacing, 
these shear strength values would have tripled. 
The resulting estimates of longitudinal and transverse base shear capacity due to shear failure 
for the Original building were 0.19W and 0.17W, and for the Newly Retrofit building. 0.22W and 
0.20W, respectively. 
The estimates of longitudinal and transverse base shear capacity associated with flexural failure 
for the Original building were 0.28W and 0.20W, and for the Newly Retrofit building, 0.34W and 
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O.25W. These values were determined from an assumed first story structural collapse mechanism: 
plastic hinges at the base and top of the PB story columns. No understrength factors were 
considered in the analysis. 
Comparison of the estimated base shear values determined for shear and flexural yielding shows 
base shear strength to be governed by the shear failure mode in both the longitudinal and transverse 
directions for both buildings. Comparison of the shear base shear strengths to the maximum base 
shear values predicted for Post-79 and Newly Retrofit by dynamic analyses (Table 9.1) shows that 
adequate strength was provided in all instances except for the longitudinal direction of Post-79. The 
maximum longitudinal base shear of O.24W predicted for the Post-79 model is 1.3 times greater 
than the estimated shear strength of O.19W determined for the Original building. This exceedence 
suggests that, had the unretrofit Park Espana building experienced the 1985 earthquake, a shear 
failure at the PB story level would have been likely. 
The assumed first story collapse mechanism may not be the actual failure mechanism of the 
building. Collapse mechanisms determined by other researchers for other RC waffle slab buildings 
in Mexico City have not been first story mechanisms (Meli, 1985; Stark, 1988; Sordo et aI, 1989). 
The actual mechanism probably involves plastic hinges at the base of the PB-story columns, the top 
of the columns of some mid-height story and all beams in between, and would yield lower associated 
base shear strengths. It is estimated that the lower base shear strengths associated with the actual 
failure mechanisms would probably be close to those determined for the shear failure mode. 
The base shear strengths of 0 .19W and 0 .17W for the Original building fall within the range of 
base shear strengths (O.10W to O.20W) determined by Meli (1987) for nine RC buildings damaged 
during the 1985 Mexico earthquake, and are approximately equal to the 0.16W and O.17W base 
shear strength values determined for a 12-story RC waffle slab building by Sordo et al (1989) and 
for an eight-story RC waffle slab building by Stark (1988), respectively. Therefore, the base shear 
strengths determined for the Original building appear to be typical of values for RC buildings in 
Mexico City. The values are low when compared to U.S. standards, however, and reflect the fact 
that the seismic design regulations of Mexico City do not discourage the design and construction of 
buildings with low lateral strength. Low lateral strength increases the probability of structural 
damage due to inadequate strength during strong shaking. 
9.1.1 Effects of Pounding 
The transverse (NS) displacement of the fourth floor was of interest because of the pounding 
reported to have occurred during the 1985 earthquake between the Park Espana building and its 
four-story neighbor to the north (see Section 2.3.4). The above dynamic analyses predicted 
transverse displacements of only 58 mm for the Post-79 model and 31 mm for the Newly Retrofit 
model. These displacements are less than the 80-100 nun interstice existing between the two 
buildings and therefore fail to predict the occurrence of pounding. The absence of predicted 
pounding can be attributed to two factors: (1) the assumption of elasticity in the analyses, and (2) 
the contribution of lateral displacement response of the adjacent building. The assumption of 
elasticity fails to acknowledge the softening that generally occurs in structural systems subjected to 
strong shaking. This softening, had its effects been included in the analysis, would have yielded 
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longer periods, larger damping values and greater spectral accelerations for both models. If effective 
periods equal to ./2 times the initial calculated periods (T -= 1.47 sec for the Newly Retrofit model 
and T -= 2.09sec for the Post-79 model) and damping values equal to approximately two times 
those used in the aforementioned dynamic analyses (~ = 0.10 for the Newly Retrofit model and 
~ .- 0.20 for the Post-79 model) are used, the resulting 1985 SCT NS spectral accelerations are 1.1 
and 1.2 times greater than those corresponding to the initial calculated periods and damping values 
for the Newly Retrofit and Post-79 models, respectively (Fig. 7.6(b) and Table 9.1). These higher 
spectral accelerations indicate the presence of greater force levels for the softened models, which 
together with the softened structural systems, lead to displacements over two times greater than 
those calculated in the elastic analyses according to the relationship F = K!::.. The resulting 
displacement estimates are 70 nun and 140 rom for the Newly Retrofit and Post-79 models, 
respectively. The 140 rom displacement estimate for the Post-79 model is large enough to close the 
existing interstice by itself. However, the 70 mm displacement estimate for the Newly Retrofit model 
is 10-30 nun too small. Thus the lateral displacement of the four-story neighbor to the north is 
necessary for the prediction of pounding for the Newly Retrofit model. If an elastic response 
spectrum analysis is performed using a fundamental building period of 0.46 second based upon a 
relationship for RC buildings in Mexico City developed by Scawthom et al (1987) relating period to 
number of stories, a uniform mass distribution, an inverted trianguiar mode shape, 10% damping 
and the 1985 SCT NS response spectrum, an approximate roof level displacement of 10 mm is 
calculated for the four-story building. This displacement, together with 70 mm displacement 
estimated for the softened Newly Retrofit model, is just large enough to close the existing 80-100 
mm interstice and suggests the presence of pounding. An absolute sum of the approximated 
displacements is used to quantify the combined displacement effects as it is well known that adjacent 
buildings can vibrate out of phase during an earthquake due to differences in their dynamic 
characteristics. 
The lateral displacement of the four-story neighbor to the north is also necessary for the 
prediction of pounding for the original building during the 1979 earthquake. As shown in Table 9.5, 
a maximum fourth floor displacement of 33 mm was computed for the Post-79 model for the 1979 
earthquake. This displacement is approximately equal to the 31 mm fourth floor displacement 
determined for the Newly Retrofit model for the 1985 earthquake and is much less than the 80-100 
mm needed to close the existing interstice. The calculation of approximately equal displacements 
for the two earthquakes is not surprising if used is the simple elastic relationship F = ~. As 
previously noted, the transverse stiffness (K) of the strengthened structure is approximately twice as 
large as that of the original structure, and as shown in Table 9.5, the 0.15W transverse base shear 
force (F) computed for the Newly Retrofit model is almost twice as large as the 0.086W value 
computed for the Post-79 model. Together with the relationship F = K!::., these two findings 
suggest the occurrence of approximately equal lateral displacements for the two earthquakes and 
explain the pounding which occurred during the 1985 earthquake. If pounding occurred during the 
1979 earthquake when the fourth floor level displaced an estimated 33 mm, its occurrence during 
the 1985 earthquake, when the fourth floor level displaced an estimated 31 mm, is to be expected, 
and vice-verse. The increase in transverse stiffness provided to the Park Espana building by the 
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diagonal steel cross-bracings was inadequate to fully prevent pounding at the higher level of 
excitation experienced during the 1985 earthquake. 
The effects of pounding are not included in the analytical model and therefore cannot be 
directly assessed. However, based upon the localized nature of the damages observed following the 
1979 and 1985, the hypothesis is made that pounding may well have benefitted the Park Espana 
building. That is, the damages experienced with pounding were less than those which would have 
occurred had the building not pounded against its neighbor(s). Anagnostopoulos (1988) examined 
pounding among several adjacent buildings using a Simplified model. He found that the interior 
buildings often experienced less overall structural response with pounding than without. His study, 
however, did not examine the local effects of pounding such as column damage. Of course, for this 
hypothesis to be true, adequate strength must be present at the level of pounding to resist the impact 
forces such that a story failure at the level of pounding does not occur. 
There are several affects that pounding would have that might lead to reductions in global 
response. First, pounding represents a force which is always opposed to the direction of motion and 
which is always generated at the time when it is needed most: before extreme displacement. The 
presence of this force helps overcome lateral motion before the elastic restoring forces could if 
pounding were not present. Second, the impact force of pounding tends to interrupt resonant 
harmonic motion. Because site resonance is thought to be one of the major contributors to 
amplification of motion in the Mexico earthquakes, response reduction due to pounding might be 
beneficial to the Mexico City region even if it is not in general (resonance is usually not a factor in 
earthquakes of shorter duration and at firm soil sites). Third, in the case of unequal building 
heights, the lower building can act as a base for the upper part of the higher building (ATC, 1989). 
The lower part of the higher building sees controlled lateral displacements and uplift and the upper 
part of the higher building responds as would a shorter, flexible based building. Such behavior 
explains the cracking of the floor beams of Floors 4-9 necessary to create the refined Park Espana 
building model. And fourth, energy is lost during impact. However, the importance of this energy 
loss relative to the input earthquake energy is difficult to estimate. 
9.2.3 Connections 
As reponed in Section 2.3.4, some of the brace attachments shook loose during the 1985 
earthquake. In particular, the anchor bolts fastening the special steel collars of the latticed columns 
to the original concrete columns and adjoining slab capitals became loose and the intermediate 
grout cracked. Efforts were made follOwing the earthquake to locate and tighten all loose anchor 
bolts. However, it became apparent during forced vibration test data reduction that loose brace 
attachments must still exist since the PB level diagonal steel cross-bracings carried only 17% of the 
induced lateral load (Section 5.2.4). Later analysis using the Newly Retrofit model showed that had 
the brace connections been in an undamaged state, over 40% of the lateral load would have been 
carried by the diagonal steel cross-bracings. 
To insure that the diagonal steel cross-bracings perform as effectively as possible, the use of a 
connection scheme void of loosening is desirable. One possibility which might assist in 
accomplishing this goal is the attachment of the special steel collars to the adjoining slab capitals by 
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large bolts or threaded rods which pass through the capitals and which are tightly bolted on both 
sides of the slab, with the spaces between the bolts and drilled holes being filled with epoxy resin. 
Such a connection scheme would provide greater vertical continuity to the strengthened columns 
and reduce the tendency of the bolts to loosen. 
9.2.4 Brace Forces 
Ultimate brace capacities were calculated according to AISC specifications (1980) and are 
listed below. The controlling assumptions made in determining the compressive capacities were that 
each brace had pin-pin end connections and was braced at midlength (Le. at the point of X 
crossing) . Use of the pin-pin end connection assumption led to conservative estimates of 
compressive capacities since the actual diagonal steel cross-bracings were welded to the steel collars 
(Fig. 2.32). No safety factors were applied to either the tensile or compressive capacity values. 
Ultimate Brace Capacity 
Story Tension (kN) Compression (kN) 
PB,l,2 881 743 
3,4,5 676 572 
6,7,8 461 395 
Comparisons made between the maximum tensile and compressive axial forces determined by 
the dynamic analyses for the diagonal steel cross-bracings of Stories PB, 1 and 2, 3, 4 and 5, 6, 7 
and 8 and the above ultimate brace capacities showed that computed brace forces were always less 
than ultimate capacities. In fact, the computed brace forces exceeded the allowable values only 
once, for the Post-85 model with foundation springs K = O.25KFvr subject to the 1985 SCT ground 
motions (Table 9.4). For all other analyses, the brace forces were well within their allowable load 
limits. Based upon the maximum compressive force experienced by any of the diagonal steel 
cross-bracings of levels PB, 1 and 2 of the Newly Retrofit model, a maximum base shear of about 
0.32W would have been required to buckle these braces. Because this value is greater than the 
estimated transverse base shear strength of O.20W determined for the Newly Retrofit model, 
buckling of the braces prior to the occurrence of any other major structural damage is unlikely. 
9.2.5 Effects of Foundation Flexibility 
Foundation flexibility is commonly thought to have a greater effect on the response of a stiff 
building than on that of a flexible building. The validity of this statement for the Park Espana 
building was examined by conducting time history analyses of the Original, Newly Retrofit and 
Post-85 models with both flexible and fixed base foundation conditions. Of these three models, 
Newly Retrofit is the stiffest, followed by Post-85, followed by Original. The maximum 
displacements, base shears and overturning moments computed for the Original, Newly Retrofit and 
Post-85 models are presented in Tables 9.2, 9.3 and 9.4, respectively. Three observations were 
made upon the examination of these tables. The first two of these observations pertain to the 
generally accepted statement regarding foundation flexibility whereas the third does not. 
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1. The stiffer the building model, the greater the difference in fixed vs. 
flexible based periods. For example, the fundamental NS period for the 
flexible based Original model is 15% larger than the fundamental NS 
period for the fixed base model, the fundamental NS period for the flexible 
based Post-85 model is 21% larger than the fundamental NS period for 
the fixed base model, and the fundamental NS period for the flexible 
based Newly Retrofit model is 25% larger than the fundamental NS period 
for the fixed base model. 
2. The stiffer the building model, the greater the contribution of base 
translation and base rocking to total lateral displacements. For example, 
for the Original model, NS base translation accounted for 5.3% of the NS 
roof translation, whereas, for the Post-85 model, NS base translation 
accounted for 6.8% of the NS roof translation, and for the Newly Retrofit 
model, NS base translation accounted for 8.8% of the NS roof translation. 
For the Original model, NS base rocking accounted for 23.9% of the NS 
roof translation, whereas, for the Post-85 model, NS base rocking 
accounted for 30.6% of the NS roof translation, and for the Newly Retrofit 
model. NS base rocking accounted for 35.2% of the NS roof translation. 
3. The percentages of increase/decrease in predicted maximum base shears 
and overturning moments for fixed vs. flexible based analysis appear to 
be dependent upon spectral accelerations and independent of model 
stiffness. Increases in maximum base shears and overturning moments are 
predicted for the Original and Newly Retrofit models while decreases are 
predicted for the longitudinal direction of the Post-85 model. 
The first and second observations agree with the generally accepted statement that foundation 
flexibility has a greater effect on the response of stiff buildings than on flexible buildings and suggests 
that the generally 3ccrpted statement is valid regardless of the shape of the response spectrum. The 
third observation contndicts past experience in the United States and can be attributed to the 
unique shaPf: of the relpOnse spectrum for the soft soils of Mexico City. For the periods of concern 
for the Park Es;»n. bwldmg models, foundation flexibility leads to lateral design forces higher than 
for those of th~ fixed b.ase case. This situation is contrary to that experienced by stiff soil sites. As 
reflected by th~ d~~," spectra for the United States and other seismic areas of the world where stiff 
soil conditions .r. t.tw norm. consideration of base flexibility typically decreases the magnitudes of 
force to be used dunn, c.kSlgn (except for the stiffest of structural systems, i.e. Ii > 5 Hz) (UBC, 
1988) . 
9.3 Response Spectrum n. 3D Time History Analyses 
A series of e~suc response spectrum analyses were conducted prior to tI"1e performance of the 
dynamic analyses to provide initial insight into the response of the Park Espana building during the 
1979 and 1985 eanhquakes. The analyses were planar in nature and followed the procedure 
outlined by Chopra (1981). Modal participation factors were developed using only the mode shape 
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components for the do! in the direction of the applied ground motion, modal responses were 
considered in the direction of the applied ground motion only, and the square root-sum-square 
formula (SRSS) method was used to combine the modal maxima of the first two modes. 
Comparisons showed that the inclusion of the second mode contributions had minimal effects on 
the resulting displacement, base shear and overturning moment quantities (less than 4%). 
The response spectrum analyses were performed using all four versions of the analytical model, 
the 1979 and 1985 SCT response spectra (Figs. 7.11 and 7. 6, respectively), and damping factors 
representative of those measured in the field. Table 9.5 lists the transverse (NS) roof displacement, 
Floor 4 displacement and base shear values computed for each model. Table 9.5 also lists the 
response values determined by 3D time history analysis with simultaneous application of the 
orthogonal translational ground motions. Comparison of the results of the two analyses methods 
shows that the planar response spectrum method can either underestimate or overestimate the 
various response quantities of the time history analysis. Displacements of the Roof and Floor 4 are 
underestimated by 25% for the Original model and are overestimated by approximately 12% for the 
Post-79 model, while base shear is underestimated by 13% for the Original model and is 
overestimated by 11 % for the Post-79 model. Because response quantities are overestimated for 
two of the five cases examined, use of the sum of the absolute values method normally suggested for 
closely spaced frequencies would not necessarily improve the degree of agreement existing between 
the values determined using the approximate response spectrum method and the exact time history 
analysis method. 
One other response quantity compared between the planar response spectrum method and the 
3D time history analysis method was the amount of shear force carried by the diagonal steel 
cross-bracings of the Newly Retrofit model and the Post-85 model of Stories PB and 4. Of interest 
was whether or not the planar response spectrum analysis method could estimate the varying 
amounts of shear force carried by each brace bay as indicated by time history analysis. Results from 
the time history analyses showed that the braced bays of column lines 2 and 3 consistently carried 
more shear force than did the braced bay of column line 1. The results from the planar response 
spectrum analyses showed that the approximate method was capable of predicting higher shear 
forces for column lines 2 and 3. However, the amount by which the response spectrum method 
overpredicted the shear force carried by the braced bay of column line 3 was greater than the 
amount by which it overpredicted the shear force carried by the braced bay of column line 2, 
thereby indicating greater torsional response contributions than· actually present. 
The two-dimensional nature of the elastic response spectrum analyses discussed above and 
commonly used in design fails to account for the effects of modal coupling and modal interference. 
Recall that modal coupling occurs when a building is dynamically asymmetric and that modal 
interference involves the interaction of two or more vibrational modes with closely spaced resonant 
frequencies (Section 5.2.2). Both lead to torsional response. The presence of modal coupling was 
anticipated for all four versions of the analytical model as the floor plan of the Park Espana building 
is irregular and its centers of mass and rigidity do not coincide. The presence of modal interference 
was also anticipated for the Original and Post-79 models as some of their frequency ratios fell within 
the 0.9-1.1 range outlined by Lu and Hall (1990) to cause significant interaction between 
vibrational modes. Thus, torsional response was anticipated to contribute to computed response 
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quantities. In an effort to capture the effects of this response and to thereby improve the accuracy of 
the estimated response quantities, three-dimensional response spectrum analyses were performed. 
Although this three-dimensional procedure for determining response quantities is not commonly 
used, its use is required by the standard procedures outlined for the nuclear industry (ASCE, 1987). 
Modal participation factors were computed using the three-dimensional mode shapes determined 
for the analytical models and modal maxima response quantities in the same direction due to 
different components of motion (EW vs. NS ground motions) were combined. Both the SRSS 
method and the Complete-Quadratic-Combination (CQC) method were used to combine the 
modal maxima of the response quantities. The CQC method, proposed by Wilson et al (1981), was 
used in an attempt to account for the effects of closely spaced natural frequencies. The results of 
response spectrum analysis determined using SRSS are often significantly in error when pairs of 
natural frequencies lie close to one another (Newmark and Rosenblueth, 1971). Because the CQC 
method incorporates the signs of the modal responses in its combined value, the method is 
purported to yield greater accuracy. The CQC method approaches the SRSS method when natural 
frequencies are well-separated~ 
Table 9.6 presents the results of the 3D SRSS and CQC respora..se spectrum analyses for the 
transverse (NS) direction. Comparisons of the values in the table show that the CQC method yields 
lower response values than the SRSS method for all models except the Original model. This finding 
does not support the claims of Wilson et al (1981) of greater accuracy for the CQC method. Rather, 
the greater accuracy purported for the CQC method appears to be conditional. Of all five cases 
examined. the CQC method yielded results more similar to those of the time history analysis only for 
the Original model. 
Comparison of the 3D SRSS values in Table 9.6 to the planar SRSS values in Table 9.5 shows 
that torsional response plays an important role in the behavior of the Park Espana building. both as 
originally constructed and as retrofit. In all instances, consideration of the 3D effects decreases the 
computed response quantities. This consistent decrease in computed response quantities does not 
always lead to more accurate estimates of response. Comparison of the 3D and planar SRSS values 
to those of the time history analyses shows that planar response spectrum analysis better estimated 
the time history analysis results for the Original and Post-85 models while 3D response spectrum 
analysis better estimated the time history analysis results for the Post-79 and Newly Retrofit models. 
The response spectrum method is a simple means for estimating response quantities. As 
discussed above, the method can either overestimate or underestimate response quantities. The 
magnitude by which the method overestimates or underestimates a given response quantity is 
primarily dependent upon the amount of torsional response present within the building. The closer a 
structure comes to planar behavior, the better will be the response estimates determined by response 
spectrum analysis. Torsional response has two sources: modal coupling and modal interference. 
Both of these sources of torsion are present within the Park Espana building and result in estimates 
of response for the response spectrum method which are within +15% to -35% of those determined 
by time history analyses. These percentage differences are rather large and are attributed to the 
complex three-dimensional response exhibited by the Park Espana building. 
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9.4 Studies on Validity of Analytical Model 
The refined analytical model of the Park Espana building of Section 5.3 was shown to have 
dynamic properties similar to those measured during the force vibration tests. This similarity of 
dynamic response lends credibility to the model. However, certain assumptions were made during 
the refinement process which dictated the final properties assigned to various elements of the 
model. Two of these assumptions were the use of linear elastic springs to model soil-structure 
interaction and the use of gross column sections in determining overall system stiffness. The effects 
of these two assumptions on the predicted dynamic response of the Park Espana building are 
examined in the following subsections. Also examined are the effects of stiffness degradation and 
increased energy absorption capability, and of ground motion properties on predicted dynamic 
response. 
In an effort to establish greater credence for the model, comparisons were made between the 
damages observed following the 1979 and 1985 earthquakes and the damages predicted by dynamic 
analyses. Observed structural damage for the Park Espana building for the 1979 earthquake was 
concentrated in the columns of the fourth story level (Sections 2.3.2), whereas for the 1985 
earthquake, observed damage was limited to loosening of some brace attachments and superficial 
spalling of the column plaster at the fourth story ievei (Section 2.3.4). 
Predicted damage was suspected whenever the elastic forces determined by dynamic analyses 
exceeded theoretical ultimate capacity. For the diagonal steel cross-bracings, this condition meant 
that the brace forces determined during analysis exceeded the ultimate capacity values listed in 
Section 9.2.4. For the columns, this condition meant that the combined bending and axial loads 
determined during analysis exceeded column capacities as discussed in Section 6.3. Because 
columns were the only structural elements noted by Del Valle to have incurred damage during the 
1979 and 1985 Mexico earthquakes, they received greater attention than did the other types of 
structural elements. 
9.4.1 Properties of Superstructure 
The effects of stiffness degradation and increased energy absorption capability, foundation 
flexibility, and cracked columns on overall dynamic response .are discussed in this section. 
(a) Effect of Stiffness Degradation and Increased Energy Absorption Capability on 
Dynamic Response of Retrofit Building 
The time history analyses performed for the Park Espana building assumed linearly elastic 
beha vior. This assumption simplifies the analysis procedure but fails to reflect the true inelastic 
behavior of the building and its individual elements when subjected to conditions of overstress. In an 
attempt to simulate some of the softening effects experienced by the structural system, three 
additional time history analyses were performed for the retrofit building. These analyses used the 
1985 SCT ground motions, the Post-85 model, and three different sets of damping values, 
~i - ~iFVT' ~i -= 0.10 and ~i = 0.20. The results for the Post-85 model with ~i = ~if1lT were compared 
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to the response results determined using the Newly Retrofit model with ~i == ~iFVT' The change in 
analytical model reflects an attempt to represent stiffness degradation of the structure. The 
fundamental transverse and longitudinal periods for the Post-85 model were 9.6% (1.14 sec vs. 
1.04 sec) and 17.7% (0.936 sec vs. 0.795 sec) longer than their respective Newly Retrofit model 
counterparts. The change in damping values for the Post-85 model reflects an attempt to represent 
increased energy absorption capabilities of the structure and its surrounding soils. 
The results for the two time history analyses examining stiffness degradation are summarized in 
the second and third columns of Table 9.7 and Figs. 9.4 and 9.5. In general, the computed 
quantities of Table 9.7 are as expected: their relative magnitudes reflect the relative magnitudes of 
their directional fundamental peak spectral accelerations. Taking exception to this generalization 
are the maximum EW displacements for the roof and Floor 4, and the maximum brace forces for 
Stories 3-5 and 6-8. The greater EW displacement values for the roof and Floor 4 for the Post-85 
model most likely reflect the fact that the overall stiffness of the Post-85 model is less than that of 
the Newly Retrofit model. The smaller brace forces for Stories 3-5 and 6-8 for the Post-85 model 
can be explained by examining the axial stiffnesses assigned to the steel cross-bracings for each of 
the two models. As denoted in Table 5.3, the modulus of elasticity originally assigned to each steel 
cross-bracing was 200000 MPa (29000 ksi) (Newly Retrofit modei). This moduius was adjusted 
downward story by story until the Post-85 model displacements and brace forces correlated well 
with those measured during the forced vibration tests. fl...s shown in Table 5,3, the adjusted moduli 
ranged from 100% of the original modulus for Story 1 to 24% of the original modulus for Stories 
3-8. These adjusted moduli, together with the axial deformations incurred by the steel 
cross-bracings, determine the axial forces experienced by each· cross-bracing (P = EAIL x 0). 
The approximate 45% increase in axial deformations incurred by the cross-bracings of Stories 3-8 
of the Post-85 model was not large enough to offset the 76% decrease in elastic modulus, and 
therefore lower maximum brace forces were computed for Stories 3-5 and 6-8. A similar 
phenomenon was not experienced by Stories PB-2 because Story 1 saw no reduction in its assigned 
elastic modulus. 
Examination of Figs. 9.4 and 9.5 shows that the Post-85 model with ~i = ~iFV1' predicted a 
greater number of overstressed columns than did the Newly Retrofit model. In addition, the Post-85 
model predicted some compressive-type failures which are more damaging than their alternative 
tensile-type failures. These increased damage predictions, in part, reflect the facts that the NS 
overturning moment was greater for the Post-85 model and that the braced bays were not as stiff for 
the Post-85 model. Thus, the exterior columns of the Post-85 model saw greater axial loads than 
did those of the Newly Retrofit model. 
The Post-85 model was more flexible than the Newly Retrofit model, but only by a small 
amount. Therefore, additional softening of the building model is probably necessary to accurately 
reflect the performance of the building dWlIig u'le earthquake. Exarrjnation of t.l}e response 
spectrum for 5% damping for 1985 SCT (Fig. 7.19) shows that additional softening of the building 
beyond that of the Post-85 model during the earthquake would have led to increased peak spectral 
accelerations. These increased peak spectral accelerations in tum would have led to greater 
softening which in turn would have led to increased peak spectral accelerations, provided the 
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contributions by hysteretic damping were small. This increase in peak spectral accelerations would 
only serve to increase the number and severity of columns predicted for damage. 
Perhaps instead of softening during the earthquake, the Park Espana building experienced 
nonlinear stiffening instead. Recall that following the 1985 earthquake, connections existing 
between the diagonal steel cross-bracings and the original RC structure were loose (Section 5.3.3). 
Closing of these loosened connections and any cracks existing in the RC of the Original structure 
would effectively increase the stiffness of the structure. Also, the occurrence of pounding between 
the Park Espana building and its neighbors would effectively increase the stiffness of the structure 
(Housner and Jennings, 1982). However, these potential increases in stiffness would fail to 
substantially reduce the peak spectral accelerations experienced by the model because of the 
plateaued nature of the response spectra around 0.8 seconds. A stiffness increase by as much as a 
factor of two would provide little assistance in reducing the peak spectral accelerations experienced 
by the Park Espana building. 
Three different sets of damping values (~i = ~iFVT' ~i = 0.10 and ~i = 0.20) were used in 
conjunction with the Post-85 model to allow examination of the effects of increased energy 
absorption on the computed response quantities. Of these values, the 10% damping values are 
believed to be the most realistic. The damping values observed during the forced vibration tests are 
believed to represent a lower bound on the actual damping values experienced during the 1985 
earthquake, while the 20% damping values are believed to represent an extreme upper bound and 
include the effects of material (hysteretic) damping for both the structure and the soil and the 
effects of radiation (geometrical) damping within the soil. 
The results for the three time history analyses examining increased energy absorption 
capabilities are summarized in the third, fourth and fifth columns of Table 9.7 and in Figs. 9.5, 9.6 
and 9.7. As shown in Figs. 9.5, 9.6 and 9.7, the Post-85 model with ~i = 0.10 and ~i = 0.20 
predicted progressively fewer cases of column overstress than it did with ~i = ~iFVT' The reason for 
this becomes apparent when compared are the NS and EW peak spectral accelerations for the three 
analyses performed (Table 9.7). For all five modes, the increase in damping values yields decreased 
peak spectral accelerations, which in turn yield lower displacements, base shears, overturning 
moments and member forces. The column damage predicted by the Post-85 model with ~i = 0.20 is 
not that different from the limited amount of structural damage observed by Del Valle following the 
1985 eanhquake. However, the distribution of the predicted damage does not agree well with that 
observed. 
(b) Effect of Foundation Flexibility on Dynamic Response of Retrofit Building 
Strong ground motion usually leads to softening of the foundation soils and increased 
soil-structure interaction. Four time history analyses were run to examine the effects of both 
increased and decreased soil-structure interaction on the dynamic response of the Post-85 model 
subject to the 1985 scr records. The stiffnesses assigned to the elastic foundation springs were 
varied in these analyses. Spring stiffnesses ranged from infinity (fixed base) to values 75% less than 
those determined from the forced vibration test data (Section 5.3.3). The results of these dynamic 
analyses are summarized in Table 9.4. Comparisons of the results show that. as expected, periods 
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increased with increasing foundation flexibility. Displacements, base shears, ovenuming moments 
and brace forces also increased. The increases in response were due to both increased foundation 
compliance and to increased peak spectral accelerations associated with the elongated periods. 
A comparison of the predicted column damage for the fixed base model to that of the flexible 
base Kwr model (Figs. 9.8 and 9.4, respectiveiy) shows that the number and severity of COllliTulS 
predicted to be damaged by the fixed base model is less than that predicted by the flexible base ~ 
model. However, the damage predicted by the fixed base model exceeds that observed by Del Valle 
following the earthquake. 
Schematic diagrams displaying the predicted modes of material failure in the columns were not 
made for the more flexible O.5.Ki.vr and O.25Kw,- models as the only difference in results for these 
models from those of Kwr model were that the number and severity of damaged columns increased 
for O..5KFvr and O.25KFvr. Such an occurrence is logical as both the displacements and force levels 
computed for the more flexible models were greater than those of the Knrr model. 
The likelihood that the foundation softened to the extremes considered in Table 9.4 is not very 
great as the predicted base shears for the more flexible O.SKwr and O.25Kwr models meet or exceed 
the base shear strengths of O.22W and O.20W determined for the EW and NS directions, thereby 
indicating that damage at the PB story should have occurred. However, none was observed following 
the earthquake. 
To overestimate the role of soil-structure interaction during the design of a building in Mexico 
City having fundamental vibrational periods less than the characteristic period of the soil upon 
which it sits, such as is the case for Park Espana building, leads to a conservative design, Le. lateral 
design forces are higher than for those of the fixed base case. This situation is contrary to that 
experienced by stiff soil sites. As reflected by the design spectra for the United States and other 
seismic areas of the world where stiff soil conditions are the norm, consideration of base flexibility 
typically decreases the magnitudes of force to be used during design (except for the stiffest of 
structural systems, i.e . .Ii > 5 Hz) (UBC, 1988). 
(c) E~fect of Cracked Columns on Dynamic Response of Retrofit Building 
All of the dynamic analyses performed for the Park'Espana building predicted tensile behavior 
failures for some number of columns. This type of behavioral failure is ductile and implies that the 
strain in the tension steel is greater than yield point strain when the strain in the concrete reaches 
ultimate strain (€a, -= 0.003). Tensile-type failures were not observed by Del Valle during his 
on-site inspections of the Park Espana building following the 1979 and 1985 earthquakes. Perhaps 
none were present, or perhaps they just went undetected during post-earthquake reconnaissance 
due to clean closing of the tension cracks due to reapplication of the gravity loads and the presence 
of undamaged drywall about the columns. Discussion with local engineers yielded a general 
consensus that given the conditions of minimal longitudinal reinforcement «() = 0.1%} and 
short-term yielding of the longitudinal steel, the tensile cracks experienced by a column can close 
cleanly upon reapplication of the gravity loads and show no visual indication of their presence 
(Gamble, 1990; Saether, 1991; Sozen, 1991). 
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In an attempt to examine the degree and number of predicted overstress occurrences 
experienced by a typical column, the uniaxial bending-axial force time histories for one of the most 
highly overstressed columns of the Newly Retrofit model subject to the 1985 SCT ground motions, 
Column A-3 of Story 2, were plotted against its uniaxial bending-axial load interaction diagrams. 
As shown in Fig. 9.9, overstress of Column A-3 of Story 2 was predicted for both bending axes, 
occurred only once or twice for each axis and was minor in amount. These findings suggest that 
either the concrete compressive strength was greater than that specified on the drawings or the 
column loadings were smaller than those predicted by time history analysis as structural damage was 
not observed for the column. Should Column A-3 have actually seen the loadings of Fig. 9.9, its 
ultimate performance would have depended upon the amount of member ductility present. 
Because tensile failures were ~o prevalent among the column failures predicted by dynamic 
analysis, and because their presence could not be discounted, dynamic analyses were conducted to 
check the effect of column cracks on the performance of the Newly Retrofit and Post-85 building 
models. In these analyses, the stiffnesses assigned to all column elements were reduced by a factor 
of two. This reduction in stiffness reflects a cracked column cross-section such that the cracked 
moment of inertia is one-half of the gross moment of inertia. 
The results from the two analyses with reduced column stiffnesses are compared to the results 
determined earlier for gross section column stiffnesses in Table 9.8. Period elongation is observed to 
have occurred with the cracking of the columns. However, the changes in peak spectral 
accelerations associated with these period elongations are minimal, a finding which can be 
attributed to the plateaued nature of the response spectra for the period range of concern (Fig. 
7.19). Because little change in peak spectral accelerations was experienced, the newly computed 
response quantities showed only minor variations from those determined earlier using gross column 
stiffnesses. One somewhat surprising result of the analyses was the small increase in shear carried by 
the diagonal steel cross-bracings. Although the shear and axial stiffnesses of the columns were 
reduced by a factor of two, the increases in percentage base shear carried by the PB story braces 
were only 7% for the Newly Retrofit model and 4.5% for the Post-85 model. The predicted modes 
of column failure for the Newly Retrofit and Post-85 models are shown in Figs. 9.10 and 9.11, 
respectively. These figures, when compared to Figs. 9.4 and 9.6 for the gross column stiffness 
models, show a decrease in the number of peripheral columns predicted to experience tensile-type 
failures: a 63% decrease for the Newly Retrofit model and a 29% decrease for the Post-85 model. 
Ironically, the Newly Retrofit model with cracked columns comes very close to predicting the limited 
amount of structural damage observed by Del Valle following the 1985 earthquake. 
The exact behavior of a cracked column subject to biaxial bending and axial tension is not 
readily known. The time history analyses performed using cracked column stiffnesses yielded only 
minor changes in calculated displacements, base shears, overturning moments and brace forces 
when compared to those determined from time history analyses using gross section column 
stiffnesses. This minimal change in behavior, given elastic analysis, suggests that the structure has 
adequate strength to withstand future earthquakes. However, due to the limitations of elastic 
analysis, the rate and manner in which the strength properties of the individual cracked columns 
deteriorate is unknown. 
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9.4.2 Properties of Ground Motion 
Up until now, all of the dynamic analyses discussed in Chapter 9 have been performed using the 
recorded SCT ground motions. These ground motions were used for the initial dynamic response 
analyses because the SCT recording station is the nearest station to the Park Espana building 
(approximately 3.7 km distant), and of all the Mexico City recording stations, has a soil profile most 
similar to that of the Park Espana building. The profiles are different, however, in that the Park 
Espana building is located near the edge of the transition zone of the lake region where the soft soil 
deposits are not as deep (32m instead of 39 m) and the water content is somewhat lower. 
The properties of the actual ground motions experienced at the Park Espana building site 
during the 1979 and 1985 earthquakes are probably the greatest unknown remaining within this 
study. Because instruments were not present within the building at the times of the earthquakes, the 
actual ground motions experienced by the building are unknown. Without knowledge of the actual 
ground motions, a high probability for error exists in the results of the dynamic analyses even if used 
is a well-tuned model such as that developed for the Park Espana building. 
In an effort to assess the effects ground motion can have on the dynamic response of the Park 
Espana building, dynamic analyses were conducted using a few different ground motions. The 
ground motions used, in addition to those recorded at the SCT recording site, were the 
accelerograms developed for the Park Espana building site using one-dimensional ground response 
analysis (SHAKE) (see Chapter 7). Comparisons of the results from these analyses show that 
ground motion does have a major effect on the dynamic response and predicted damages for the 
Park Espana building. 
(8) 1985 Ground Motions 
The ground motions considered as alternative base motions to SCT for the Newly Retrofit Park 
Espana building model were PE-CUMV (Section 7.4.1) and PE-SCT (Section 7.4.2). Table 9.9 
and Figs. 9.4, 9.12 and 9.13 summarize the results for the dynamic analyses conducted using these 
ground motions. Comparisons of the results show PE-CUMV to be the more damaging ground 
motion. Its higher NS and lower EW spectral accelerations alter the three-dimensional force 
distribution experienced by the model leading to higher NS displacements, base shear, overturning 
moment and brace forces and to an increased number and severity of predicted column failures. A 
comparison of the results for PE-SCT to those of SCT shows only marginal differences to exist. NS 
displacements, base shear, overturning moment and brace forces are only slightly higher for 
PE-SCT than SCT, as is the number of predicted column failures. This similarity in predicted 
response appears reasonable as the peak spectral accelerations for the two motions are 
approximately the same (Table 9.9). 
Because ~'1e n~"Ilber and severity of predicted column failures for PE-CUMV is substantially 
different from those observed following the 1985 earthquake, the conclusion can be drawn that a 
directional difference in orthogonal ground motions did exist at the Park Espana building site. That 
is, the EW component of motion was greater than the NS component of motion for the 1985 
earthquake in a fashion reminiscent to that shown by the recorded SCT motions. 
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(b) 1979 Ground Motions 
The two ground motions considered as potential base motions for the Original Park Espana 
building were scr and PE-SCT (Section 7.4.2). The results from the dynamic analyses using these 
two ground motions are summarized in Table 9.10 and Figs. 9.14 and 9.15. Comparisons of the 
results show PE-SCT to be the more damaging ground motion. SCT predicts no damage for the first 
five stories and tensile-type failures for a few columns of Stories 5, 6 and 7, while PE-SCT predicts 
damage for approximately 75% of the columns, many of which are compressive in nature. 
Comparison of the absolute acceleration response spectra for 5% damping for each of the ground 
motions provides an explanation for the differences in predicted column damages (Fig. 7.27). The 
PE-Scr accelerograms have greater peak spectral accelerations for all periods of concern. These 
higher peak spectral accelerations become manifest not only in the column damages predicted but 
also in the maximum displacements, base shears and overturning moments computed during time 
history analysis (Table 9.10). 
Comparisons of the column failures predicted by SCT and PE-SCT to the column damages 
observed by Del Valle following the 1979 earthquake show that SCT underestimates the observed 
damages for the lower stories and that PE-Scr overestimates the observed damages for all stories. 
The lack of predicted damage by scr may well be attributed to the fact that the analytical model 
does not incorporate the effects of pounding, whereas the overestimation of predicted damage by 
PE-Scr indicates that PE-SCT is stronger than the ground motion experienced by the Park Espana 
building during the 1979 earthquake. 
Concentrated efforts were made in this study to identify ground motions representative of those 
experienced by the Park Espana building during the 1979 and 1985 Mexico earthquakes, efforts 
much greater than those normally made during building design/analysis. These efforts were made in 
an attempt to reduce the degree of uncertainty associated with the ground motion parameter. 
Despite these efforts, however, none of the records considered as potential ground motions yielded 
column damages identical to those observed by Del Valle following the earthquakes. Therefore, no 
definitive statements can be made about the ground motions actually experienced by the Park 
Espana building during the 1979 and 1985 earthquakes. The ground motion time history analyses 
conducted herein are not a definitive test of the capability of SHAKE to predict site-specific ground 
motions because of the elastic nature of the analytical models .. However, the results do raise the 
question as to the ability of SHAKE and its one-dimensional response theory to predict accurate 
site-specific ground motions for Mexico City. Perhaps the adversaries of one-dimensional response 
theory are correct when they claim that the small local heterogenities in the lake bed soils and the 
constructive interference of trains of surface waves reflected from the edges of the Mexico valley 
prohibit the theory from being applicable to all areas of Mexico City (Esteva, 1988; Sanchez-Sesma 
et aI, 1988 and Bard et aI, 1988), or perhaps the generality with which the method predicts the 
average response for SCT is not specific enough. Recall, the theory underpredicted the response in 
the EW direction at SCT and overpredicted it in the NS direction. What can be concluded from the 
time history analyses performed using various ground motions is that local site conditions do indeed 
affect the shaking intensity and associated building damages experienced by a given building in 
Mexico City. 
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9.S Conclusions 
The time history analyses verified that the diagonal steel cross-bracings and RC infill walls used 
to retrofit the Park Espana building successfully strengthened and stiffened the structure and were 
essential to its survival during the 1985 earthquake. Without the retrofit elements, it is highly 
unlikely that the Park Espana building would have survived the 1985 earthquake. This conclusion is 
based upon the numbers and modes of column failures and the longitudinal base shear predicted for 
the Post-79 model, together with the level of damage experienced by the unretrofit building during 
the smaller 1979 earthquake. 
The analyses also vividly demonstrated the uncertainty involved when attempting to accurately 
predict the response of a building to an earthquake. Uncertainties arise because of the following: (1) 
limitations of the analytical building models, particularly when elastic models are used, (2) 
site-dependent nature of the ground motions, (3) degree of soil-structure interaction, and (4) 
amount of energy dissipation within the system. The results of the above analyses were reasonably 
good given the levels of uncertainty involved. The study also indicates that a good deal of 
engineering judgement is required when interpreting the results of such analyses. 
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CHAPTER 10 
SUMMARY AND CONCLUSIONS 
10.1 Summary 
Two RC buildings were severely damaged during the 14 March 1979 Mexico earthquake. The 
buildings were repaired and strengthened followirlg that earthquake using steel bracing systems and 
RC infill walls. During the 19 September 1985 Mexico earthquake, the buildings sustained 
little-ta-no structural damage even though the intensity of shaking was much greater than in 1979. 
The primary goal of this study was to interpret and evaluate the performance of the two RC buildings 
during the earthquakes. Both experimental and analytical studies were conducted to assist in the 
accomplishment of this goal. 
10.1.1 Experimental Results 
Geotechnical studies conducted after the 1985 earthquake confirmed the soft nature of the soils 
existing at the two building sites. The Durango building rests on about 41.5 m of soft, saturated clay 
characterized by blow counts of one or less and by a water content averaging over 300% over much 
of its depth. The Park Espana building rests on about 32 m of soft, saturated clay characterized by 
blow counts of one to two and by a water content in the 150% to 300% range over much of its depth. 
Forced vibration tests conducted in January 1987 determined the vibrational characteristics of 
the two retrofit buildings. In particular, the tests provided information on the vibrational 
characteristics (natural frequencies, mode shapes and damping values), story shear force 
distribution and soil-structure interaction exhibited by each building. 
For the Durango building, the forced vibration tests indicated fundamental EW and NS natural 
frequencies of 0.795 Hz and 1.01 Hz and system damping values of 2.7% and 4.8%. The 0.795 Hz 
fundamental EW frequency is less than the 0.875 Hz value determined by ambient vibration tests 
immediately following retrofit and indicates that the Durango building incurred a stiffness change 
(about 13%) sometime during the time between retrofit completion and the forced vibration tests, 
probably during the 1985 earthquake. The 2.7% fundamental EW damping value is low for RC 
structures and suggests that the steel braced frames dominate structural response in the EW 
direction. The detailed base motion measurements taken during the forced vibration tests revealed 
the presence of significant foundation compliance for the building. Over 50% of the measured roof 
motions was due to base translation and rotation. Results from the L VDT measurements taken 
during the forced vibration tests indicated that the steel braced frames carried approximately 74% of 
the induced lateral load at the first story level. Estimated weights before and after retrofit indicate 
that the average increase in typical story weight is approximately 8.7% and the overall increase in 
building weight is about 11.8%. 
For the Park Espana building, the forced vibration tests indicated fundamental NS and EW 
natural frequencies of 0.910 Hz and 1.105 Hz and system damping values of 3.6% and 6.9%. The 
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0.910 Hz fundamental NS frequency is less than the 1.25 Hz value determined by ambient vibration 
tests immediately following retrofit and indicates that the Park Espana building incurred a 
substantial stiffness change (approximately 47%) sometime during the time between retrofit 
completion and the forced vibration tests, probably during the 1985 earthquake. Reported damage 
following the 1985 earthquake included loosening of the brace attachments, spalling of some 
column plaster and cracking of fourth story transverse partition walls. Coupled translational and 
rotational response was observed during the tests and is attributed to both modal interference and 
modal coupling. The 3.6% fundamental NS damping value is midrange between the damping values 
recommended for steel and RC structures and suggests that both the diagonal steel cross-bracings 
and the RC moment resisting frame participate in NS structural response. The detailed base motion 
measurements taken during the forced vibration tests revealed the presence of significant 
foundation compliance for the building. Over 34% of the measured roof motions was due to base 
translation and rotation. Results from the L VDT measurements taken during the forced vibration 
tests indicated that the diagonal steel cross-bracings at the PB level carried only 17% of the induced 
lateral load. Estimated weights before and after retrofit indicate that the average increase in typical 
story weight is approximately 3.5% and the overall increase in building weight is about 3.0%. 
10.1.2 Analytical Results 
The results of the forced vibration tests facilitated the development of the 3D analytical models 
used to interpret and evaluate the performance of the two buildings. The test results served as 
benchmark values against which to calibrate the analytical models originally developed from the 
design drawings. The refined analytical models correlated well with the measured data: fundamental 
translational frequencies and mode shapes, soil-structure interaction and brace forces agreed well 
with their respective field-observed counterparts. Lesser degrees of correlation were attained for 
the higher vibratioral modes because the frequency independent soil spring constants were selected 
to match the observed base motions of the fundamental translational modes. The L VDT 
information was parucuarly valuable in developing the analytical model for the Park Espana 
building. Because of loose brace connections existing at the time of the forced vibration tests, the 
diagonal steel crou-bracmp in this building carried approximately 50% less force than predicted by 
the original model. 
Modal and dynarruc analyses were performed using the refined 3D analytical models. Both 
elastic response spectrUm and elastic time history dynamic analyses were conducted. The modal 
analyses provided anfo.rm.£tlOn on building stiffnesses, while the dynamic analyses provided 
information on the r~ pLayed by the steel bracing schemes during the 1985 earthquake and on 
anticipated mernb«r lUtua during the 1979 and 1985 earthquakes. In conducting the dynamic 
analyses, the recorded SCT accelerograms and ground motions developed for each building site 
were used as the anconun, base motions. Ground motion synthesis was necessary as no records 
existed for either bwldJ.ni ute for either earthquake. The computed ground motions were developed 
using SHAKE (Schrable ~ al. 1972), the soil profiles provided by the geotechnical investigations 
conducted for the two buildings following the 1985 earthquake, and the accelerograms recorded at 
SCT and CUMV. Comparisons of the resulting computed ground motion accelerograms and 
response spectra to those of the recorded SCT and CUMV ground motions show major differences 
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to exist and lead one to question which of the ground motions is most representative of the actual 
motions experienced at the building sites. Based upon predicted damage estimates, the dynamic 
analyses did not advocate anyone of the ground motions used as being more correct. Rather, the 
results verified the facts that the character of the incoming base motions profoundly affects 
structural dynamic response and that local site conditions affect shaking intensity. 
The results of the modal analyses conducted using the refined Post-85 models with fixed and 
flexible base indicated that soil-structure interaction decreased the effective transverse stiffnesses of 
the Durango and Park Espana buildings by 43% and 26% respectively. Similar decreases in effective 
stiffness of 48% and 33% were determined for the longitudinal directions of the buildings. Modal 
analyses of the Newly Retrofit and Post-79 models indicated that the steel bracing elements 
increased the transverse building stiffnesses of the Durango and Park Espana buildings by 167% and 
106% respectively. Increases in longitudinal building stiffnesses of 180% and 192% were 
determined for the RC infill walls. 
The most significant result of the time history dynamic analyses conducted for the two buildings 
was the verification of the need for the retrofit elements during the 1985 earthquake. Without the 
additional stiffness and strength provided by these elements, it is highly unlikely that either building 
would have survived the stronger ground motions experienced during the 1985 earthquake. This 
result and others specifically tailored to each building are addressed below. Results common to both 
buildings are discussed thereafter. 
(a) Durango Building 
Predicted Performance. The observed occurrence of no structural damage during the 1985 
earthquake for the Durango building during the 1985 earthquake can be attributed to the presence 
of the retrofit elements added following the 1979 earthquake. Time history analyses performed 
using the Newly Retrofit and Post-79 models and the 1985 SCT ground motions indicated that the 
RC infill walls decreased the peak NS roof displacement by a factor greater than 4 and that the steel 
braced frames decreased the peak EW roof displacement by a factor of almost 3. The retrofit 
elements also reduced the predicted maximum base shears and overturning moments by 
approximately 40% in the EW direction and by approximately 3.5% in the NS direction. These 
reductions in lateral deflection and dynamic load, together with the increased column strengths, led 
to the prediction of no structural damage for the Newly Retrofit model. This prediction is quite 
contrary to that determined for the Post-79 model. For the Post-79 model, structural damage was 
predicted for all of the spandrel and haunched beams examined (Floors PB-5) and all but 14 
columns. 
The reductions in base shear and overturning moment predicted for the EW direction of the 
Durango building reflect the shift in fundamental EW building period achieved by the steel braced 
frames. The 167% increase in transverse stiffness produced by these frames successfully shifted the 
fundamental EW building frequency away from the two second period danger zone (from 1.865 sec 
to 1.196 sec), and greatly reduced the peak EW spectral acceleration experienced by the Durango 
building during the 1985 earthquake. 
Comparison of the 0.091Wtransverse base shear calculated for the Post-79 model for the 1979 
earthquake and the 0.26W transverse base shear calculated for the Post-85 model for the 1985 
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earthquake, together with a comparison of the damages incurred by the Durango building during the 
two earthquakes, clearly demonstrates the value of the additional strength provided by the steel 
braced frames. Even though a base shear value three times greater than that calculated for the 
Post-79 model was computed for the Post-85 model, no visible structural damage was sustained by 
the Durango building during the 1985 earthquake. The change in observed damage performance 
can only be attributed to the presence of the retrofit elements. The steel braced frames successfully 
carried the additional dynamic forces experienced during the 1985 earthquake. 
Transyene Base Shear Stren&th. An ultimate transverse base shear strength of 0.14W was 
determined by limit analysis for the Original Durango building. The controlling mechanism in this 
analysis involved the formation of plastic hinges at the base of all basement story columns, the top of 
all fifth story columns, and either the beam-colurnn interface or the point of minimum haunched 
beam depth of all PB, 1-5 floor beams. Comparison of the 0.14W ultimate transverse base shear 
strength to the maximum O. 48W EW base shear value predicted by dynamic analysis for the Post-79 
model and the 1985 SCT ground motions shows that the Original Durango building had inadequate 
strength to withstand the lateral forces associated with the 1985 earthquake. This fact, together with 
t..he large lateral displacements which would have occurred during the 1985 earthquake and the 
minimal confining steel present in the RC columns, leads to the conclusion that the Durango 
building would have collapsed during the 1985 earthquake had it not been retrofit with the steel 
braced frames. 
Connection Elements. Preliminary static elastic analyses indicated that considerable 
interaction takes place between the original RC structure and the steel braced frames. The presence 
of this interaction was initially attributed to the eccentricity which exists between the original RC 
structure and the steel braced frames and to the innate variation in deflection response which exists 
between the original RC structure and the steel braced frames. The magnitude of the interaction was 
believed to be dependent upon the stiffnesses assigned to the connection elements. A parameter 
study was perfonned to determine the role the connection elements play in determining the lateral 
force distribution between the original RC structure and the steel braced frames. The analyses 
showed that softening the connections by a factor of 500 has minimal effect upon the percentage of 
base shear carried by the steel braced frames but a major effect upon the magnitude of the axial 
forces predicted for the RC columns. The softened connections were able to successfully transmit 
the majority (77%) of the seismic shear force from the RC frames to the steel braced frames and no 
net tension forces were predicted for the RC columns of the model with softened connections. Thus, 
softening the connections can be considered to be beneficial to the performance of the building. 
Braced Frame Forces. Elements of the steel braced frames were examined for shear, 
compression, tension, flexure and combined stress overstress. Analyses revealed that the most 
critically stressed members were the two-story diagonal braces, the columns of the basement and PB 
story levels; and Lhe one-story diagonal braces of Stories 1 and 8. Based upon the combined axial 
compression and bending stresses experienced by either the two-story diagonal braces or the 
one-story diagonal braces of Story 1 of the Newly Retrofit model subject to the 1985 SCT ground 
motions, a maximum transverse base shear of about 0.29W would be required to cause failure of 
either of these two sections. This value is only slightly larger than the 0.27W maximum transverse 
base shear value predicted for the model by time history analysis and indicates that the Durango 
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building may have been on the verge of experiencing some structural damage during the 1985 
earthquake. 
Predicted Damale. Observed structural damage for the 1979 earthquake for the Durango 
building was restricted to Stories 1, 2 and 3 where spandrel beam-column joints suffered severe 
cracking and spalling, spandrel beams and columns of the two exterior frames experienced diagonal 
cracking, and columns of the three interior transverse frames experienced some shear and flexural 
cracking (Section 2.2.2). No structural damage was observed for the 1985 earthquake. In an effort 
to establish greater credence for the analytical model, comparisons were made between the 
damages predicted by dynamic analyses and those observed following the 1979 and 1985 
earthquakes. Predicted damage was suspected whenever the elastic forces determined by dynamic 
analyses exceeded theoretical ultimate capacity. 
The results of the time history analyses seeking to resolve the issue of predicted versus observed 
damage were acceptable for all ground motions considered except 1985 D-SCT. No differences 
between predicted and observed damages were shown to exist for the 1985 ground motions (barring 
1985 D-SCT). Possible justification for the lack of predicted column damage for the lower stories of 
the Original building was provided by consideration of the shear force levels within the spandrel 
beam-column joint. The shear force ieveis within the ~pafidrel beam-colw."TU1 joi...~t exalnined 
exceeded the cracking strength and were just short of exceeding the ultimate shear strength of the 
iIlcorning upper~story column. 
It is interesting to note that increasing the energy absorption capability by a factor of two has 
little effect upon the number of RC columns and beams predicted to experience overstress for the 
Post-85 model. The decrease in peak spectral accelerations associated with the higher damping 
values is just not enough to alleviate the predicted overstress conditions. 
(b) Park Espana Building 
Predicted Performance. The observed occurrence of only minor structural damage during the 
1985 eanhq\ake for the Park Espana building during the 1985 earthquake can be attributed to the 
presence of the retrofit elements added following the 1979 earthquake. Time history analyses 
performed UWli the Newly Retrofit and Post-79 models and the 1985 SCT ground motions 
indicated t.h&t ~ RC infill walls decreased the peak EW roof displacement by a factor of almost 4 
and that the Ite"el da,onal cross-bracings decreased the peak NS roof displacement by a factor of 2. 
The Tetro!n eMl'Mnu also reduced the predicted maximum base shears and overturning moments 
by 3.5 -6. 1 ere ur,er reductions in base shear and overturning moment were not predicted because 
the mocal penocb for the Post-79 and Newly Retrofit models all lie within the flat region of the 1985 
SeT responM sprcU"Wu. The reductions in lateral deflection and dynamic load, together with the 
increased cohJ.rn.n strengths. profoundly affected the number of column failures predicted for the 
Newly Reuofu rnoc:kl. Column overstress was predicted for all but six columns of the Post-79 
model, whereas It was predicted for only 15% of the columns of the Newly Retrofit model. Thus, the 
retrofit elemenu both strengthened and stiffened the Park Espana building. 
Base Shear Stren~th. Estimates of base shear capacity considering both shear and flexural 
yielding of the PE story were calculated for both the Original and Newly Retrofit buildings. In each 
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instance, base shear strength was governed by the shear failure mode. The resulting estimates of 
longitudinal and transverse base shear capacity for the Original building were 0 .19W and 0 .17W, 
and for the Newly Retrofit building, 0.22W and 0.20W, respectively. The assumed first story 
collapse mechanisms are probably not the actual failure mechanisms for the two building models as 
the collapse mechanisms determined by other researchers for other RC waffle slab buildings in 
Mexico City have not been first story mechanisms. The lower base shear strengths associated with 
the actual failure mechanisms would probably be close to those determined for the shear failure 
mode. 
Comparison of the shear base shear strengths to the maximum base shear values predicted for 
Post-79 and Newly Retrofit by dynamic analyses shows that adequate strength was provided in all 
instances except for the longitudinal direction of Post-79. The maximum longitudinal base shear of 
O.24W predicted for the Post-79 model is 1.3 times greater than the estimated shear strength of 
O.19W determined for the Original building. This exceedence suggests that, had the unretrofit Park 
Espana building experienced the 1985 earthquake, a shear failure at the PB story level would have 
been likely. 
Poundio,. Pounding was reported to have occurred at the fourth story level during both the 
1979 and 1985 earthquakes. However, none of the dynamic analyses predicted transverse 
displacements of the fourth floor large enough to close the 80-100 mm interstice existing between 
the Park Espana building and its four-story neighbor to the north. The absence of predicted 
pounding was attributed to two factors: (1) the assumption of elasticity in the analyses, and (2) the 
contnbution of lateral displacement response of the adjacent building. 
Because the effects of pounding are not included in the analytical model, its effects cannot be 
directly assessed. However, based upon the localized nature of the damages observed follo"!ing the 
1979 and 1985, the occurrence of pounding may well have benefitted the Park Espana building. 
There are several effects that pounding would have that might lead to reductions in global response, 
including the effect that the impact force of pounding tends to interrupt resonant harmonic motion. 
This affect might well be beneficial to the Mexico City region as site resonance is thought to be one 
of the primary contributors to motion amplification in the Mexico earthquakes. 
Connections. The observed damage following the 1985 earthquake included the loosening of 
some of the brace attachments. In particular, the anchor bolts fastening the special steel collars of 
the latticed columns to the original concrete columns and adjoining slab capitals became loose and 
the intermediate grout cracked. Although efforts were made to locate and tighten all loose anchor 
bolts, it became apparent during forced vibration test data reduction that loose brace attachments 
must still exist since the PB level diagonal steel cross-bracings carried only 17% of the induced 
lateral load. Later analysis showed that had the brace connections been in an undamaged state, the 
diagonal steel cross-bracings would have carried over 40% of the induced lateral load. 
Because the presence of loose anchor bolts reduces the effectiveness of the diagonal steel 
cross-bracings, the use of a connection scheme void of loosening is desirable. One possibility which 
might assist in accomplishing this goal is the attachment of the special steel collars to the adjoining 
slab capitals by large bolts or threaded rods which pass through the capitals and which are tightly 
bolted on both sides of the slab, with the spaces between the bolts and drilled holes being filled with 
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epoxy resin. Such a connection scheme would provide greater vertical continuity to the 
strengthened columns and reduce the tendency of the bolts to loosen. 
Brace Forces. Comparisons made between the maximum tensile and compressive axial forces 
determined by the dynamic analyses for the diagonal steel cross-bracings and the ultimate tensile 
and compressive brace capacities showed that computed brace forces were always less than their 
ultimate capacities, and typically well within their allowable load limits. A maximum base shear of 
about O.32W would have been required to buckle any of the diagonal steel cross-bracings of the 
Newly Retrofit model. Because this value is greater than the estimated transverse base shear strength 
of 0.20W determined for the Newly Retrofit model, buckling of the braces prior to the occurrence 
of any other major structural damage is deemed unlikely. 
Predicted Damaee. The observed structural damage for the Park Espana building for the 1979 
earthquake was concentrated in the columns of the fourth story level, whereas for the 1985 
earthquake, the observed damage was limited to loosening of some brace attachments and 
superficial spalling of the column plaster at the fourth story level. In an effort to establish greater 
credence for the analytical model, comparisons were made between the damages predicted by 
dynamic analyses and those observed following the 1979 and 1985 earthquakes. Predicted damage 
was suspected whenever the elastic forces determined by dynamic analyses exceeded theoretical 
ultimate capacity. 
All of the dynamic analyses conducted for the Park Espana building predicted tensile behavior 
failures for some number of columns. However, none were observed by Del Valle during his on-site 
inspections of the building. Perhaps none were present, or perhaps they just went undetected during 
post-earthquake reconnaissance. Additional time history analyses were conducted of the retrofit 
building model to determine if the consideration of stiffness degradation, increased energy 
absorption capability, increased foundation flexibility or decreased column stiffnesses improved the 
accuracy of the resulting damage predictions. Although none of these additional analyses yielded 
damage predictions equivalent to those observed following the earthquake, they did provide some 
interesting results. First, due to the building periods of concern and the shape of the response 
spectrum. stiffness degradation of the retrofit Park Espana structure leads to increased peak 
spectral accelerations, larger lateral displacements and a greater number of overstressed columns. 
Second, increasing the energy absorption capability to 20% reduces the predicted number of 
overstressed columns. However, the prediction of limited structUral damage directly contradicts the 
level of damage required to justify the use of such a high damping value. Third, overestimation of 
the degree of soil-structure interaction for a building in Mexico City with vibrational periods less 
than the characteristic period of the soil upon which it sits leads to a conservative design. The lateral 
design forces are higher than for those of the fixed base case. And fourth, the use of cracked 
columns stiffnesses in conjunction with elastic analysis theory had little effect upon computed 
response quantities, including the amount of shear carried by the diagonal steel cross-bracings. 
Although the shear and axial stiffnesses of the columns were reduced by a factor of two, the 
increases in percentage base shear carried by the PB story braces ranged from 4.5% to 7%. 
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(c) Durango and Park Espana Buildings 
Foundation Flexibility. Foundation flexibility was shown to have a greater effect on the 
response of a stiff building than on that of a flexible building. In particular, the stiffer the building 
model, the greater the difference in fixed vs. flexible based periods and the greater the contributions 
of base translation and base rocking to total lateral displacements. 
For the periods of concern, the consideration of foundation flexibility typically led to lateral 
design forces higher than for those of the fixed base case. This situation is contrary to that 
experienced by stiff soil sites and can be attributed to the unique shape of the response spectrum for 
the soft soils of Mexico City. 
Response Spectrum ys. 3D Time History Analyses. Planar response spectrum analyses were 
performed for both buildings in an effort to assess the accuracy of the response estimates attained. 
Accuracy was assessed by comparing response spectrum analyses results to those obtained from time 
history analyses. Comparison of the results for the Durango building models shows the approximate 
planar response spectrum method to have estimated well (to within -3.7% to +11%) the results 
determined by the exact time history analysis method. Such a finding is not surprising as the 
Durango building is essentially symmetric in plan and exhibits little coupling between its individual 
modes. Comparison of the results for the Park Espana building models, however, shows the 
approximate planar response spectrum method to perform poorly. Percent differences range from 
-25% to +12%. This poor showing is attributed to the fact that the method does not account for the 
torsional effects of modal coupling and modai interference. Consideration of tI'ie third dimension in 
performing the response spectrum analyses yielded essentially the same results as did the planar 
analyses for the Durango building and yielded only conditional improvement over the planar 
analyses for the Park Espana building. Thus, the tI'-uee dimensional response spectrum analyses 
failed to capture the effects of torsional response present for the Park Espana building. 
10.2 Conclusions 
The following general conclusions have been drawn based upon the results of this study. 
1. Seismically deficient buildings represent serious hazards to their occupants and 
potentially large economic losses to their owners. The retrofit alternative for these 
buildings can be a highly successful and economical one, provided the designing 
engineer has a good understanding of the building deficiencies and seismic 
resistance. 
2. The most significant result of the time history dynamic analyses conducted for the 
two buildings was the verification of the need for the retrofit elements during the 
1985 earthquake. Without the additional stiffness and strength provided by the 
retrofit elements, it is highly unlikely that either building would have survived the 
stronger ground motions experienced during the 1985 earthquake. 
3. Soil-structure interaction can play an important role in affecting the maximum 
displacement, base shear and overturning moment values experienced by a 
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structure during an earthquake. Results from this study substantiate the need to 
incorporate the effects of soil-structure interaction into the design process of 
structures built in Mexico City. 
4. Without knowledge of the actual ground motions, a high probability for error exists 
in the results of the dynamic analyses even if a well-tuned model is used such as 
those developed for the Durango and Park Espana buildings. This is particularly 
true for Mexico City where local site conditions profoundly affect shaking intensity. 
5. Anticipation of the precise character of the ground motions likely to develop at a 
given site in Mexico City is extremely difficult. The one-dimensional theory for 
predicting site-specific motions appears to be inadequate in its ability to predict 
anything but the most general nature of the ground motion. In addition, the 
uncertainties associated with assigning material properties and selecting input 
motions lead to further inaccuracies. 
6. The occurrence of pounding may well lead to reductions in global response. 
Pounding represents a force always opposed to the direction of motion and tends to 
interrupt resonant harmonic motion. However, adequate strength must be present 
at the level of pounding to enable taking advantage of these affects. 
7. The planar response spectrum method is a simple means for estimating response 
quantities and provides acceptable estimates of displacement and base shear 
response quantities for regular buildings with well-separated frequencies. However, 
the method and its three-dimensional counterpart fail to consistently provide 
acceptable estimates of displacement and base shear response quantities if 
significant amounts of torsional response are present. In addition, the CQC method 
for combining modal maxima appears to provide only conditional improvement 
over the SRSS method when significant amounts of torsion are present. 
8. The assumption of Rayleigh damping for 3D structures prohibits the representation 
of all of the measured system damping values and can lead to the assignment of 
erroneously high or low damping values to some modes. Rayleigh damping allows 
the specification of only two distinct natural frequencies and their corresponding 
modal damping ratios. The damping ratios for all of the remaining modes are 
necessarily predetermined by the underlying theory. 
9. Forced vibration tests provide an effective means for detennining the linear 
vibrational characteristics, the degree of soil-structure interaction and the story 
force distribution between elements of an existing structure. This information can 
prove to be invaluable to the calibration of analytical models originally developed 
from the design drawl..ngs. In prepari_ng to conduct forced vibration tests. 
preliminary analytical investigations should be performed to determine the 
approximate natural frequencies and to locate the approximate centers of rigidity. 
This information can be used to verify the natural frequencies determined during 
field frequency sweeps and to advantageously locate the motion sensing 
instruments during mode shape measurements. While conducting the tests, efforts 
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should be made to perform data reduction, including A-D conversion, onsite. This 
effort insures that the information sought has been recorded and simplifies the data 
reduction process performed back in the office. Also, when seeking to determine 
story force distribution between elements, L VDT measurements should be 
performed at the same location for different force levels and at more than one story 
for a given force level. This repetition of measurement assists in determining 
whether the elements of interest are fully effective for all levels of force. Note that 
L VDT measurements should be performed with a series of L VDTs, not with just 
one instrument as was necessitated in this study. 
10.3 Design Implications 
The following design implications for the design of retrofit systems for RC structures have been 
determined based upon the experimental and analytical investigations performed for the two 
buildings. 
1. If stiffening of a structure is the primary effect sought from retrofit, the addition of 
massive elements such as RC shear walls is counterproductive since the increase in 
mass lessens the effect of the increased stiffness on the period of the bUilding. The 
use of steel bracing systems is particularly effective for stiffening buildings provided 
architectural and detailing requirements can be met. 
2. The interaction between the new steel bracing systems and the existing RC structure 
should be carefully examined for compatibility and for 3D effects leading to the 
development of large axial forces and transverse moments in the concrete columns. 
3. Because foundation flexibility can significantly influence overall building response 
for soft soil sites, its effects must be considered during analysis. This need is 
especially true whenever stiffening of a structure is the desired effect. 
4. Foundation flexibility does not have as much effect on a flexible frame structure as 
it does on a stiff, braced one. Hence, increasing the stiffness of the building 
enhances the rocking effects which act to lengthen the natural period of the 
structure. This influence on the change in period should be considered in the 
design of a retrofit scheme in which stiffening is the desired effect. 
S. Connections between the stiffening elements and the existing structure play an 
important role in determining the effectiveness of the retrofit scheme. If the 
connections are loose, the bracing members, although undamaged, will carry less 
force than anticipated at low levels of excitation. At higher levels of excitation, the 
effectiveness of the bracing system is in question because the amount of play 
present within the connection is unknown. Therefore, great care should be taken 
when desigring ~l}e cOIulectiop..5 between new and existing elements in a building. 
The connections should remain intact up to member failure. 
6. Forced vibration testing provides an effective method for the non-destructive 
testing of buildings for evaluation purposes. Forced vibration tests conducted after 
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a major earthquake can provide important information on the condition of the '. 
building and on the performance of the retrofit system. 
10.4 Concluding Remarks 
The analyses conducted within this study vividly demonstrated the uncertainty involved when 
attempting to accurately predict the response of a building to an earthquake. Uncertainties arise 
because of the following: (1) limitations of the analytical building models, particularly when elastic 
models are used, (2) site-dependent nature of the ground motions, (3) degree of soil-structure 
interaction, and (4) amount of energy dissipation within the system. The results of the analyses were 
reasonably good given the levels of uncertainty involved. The study also indicates that a good deal of 
engineering judgement is required when interpreting the results of such analyses. 
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Table 2.1 Column Reinforcement for the Durango Building 1 
Columns2 
A-t.A-5.C-l,C-5 C-2,C-3,C-4 A-2.A-3,A-4 B-2. B-4 B-3 
-
Type 1 Type 2 Type 2 Type 4 Type 5 
8 #8 Bars 8 #8 Bars 4 #8 Bars 4 #10 Bars 4 #8 Bars 
#3 Ties @ 300 mm #4 Ties @ 300 mm 4 #6 Bars 4 #8 Bars 4 #6 Bars 
#4 Ties @ 300 mm #4 Ties @ 400 mm #3 Ties @ 400 mm 
#3 Ties @ 400 mm 
Type t Type 2 Type 2 Type 4 Type 5 
8 #8 Bars 8 #8 Bars 4 #8 Bars 4 #10 Bars 4 #8 Bars 
#3 Ties @ 300 mm #4 Ties @ 300 mm 4 #6 Bars 4 #8 Bars 4 #6 Bars 
#4 Ties @ 300 mm #4 Ties @ 400 mm #3 Ties @ 400 mm 
#3 Ties @ 400 mm 
Type 1 Type 2 Type 2 Type 5 Type 5 
8 #8 Bars 8 #8 Bars 4 #8 Bars 8 #8 Bars 4 #8 Bars 
#3 Ties @ 300 mm #4 Ties @ 300 mm 4 #6 Bars #3 Ties @ 400 mm 4 #6 Bars 
#4 Ties @ 300 mm #3 Ties @ 400 mm 
Type 1 Type 2 Type 2 Type 5 Type 5 
4 #8 Bars 8 #8 Bars 4 #8 Bars 8 #8 Bars 4 #8 Bars 
4 #6 Bars #4 Ties @ 300 mm 4 #6 Bars #3 Ties @ 400 mm 4 #6 Bars 
#3 Ties @ 300 mm #4 Ties @ 300 mm #3 Ties @ 400 mm 
Type t Type 2 Type 2 Type 5 Type 5 
4 #8 Bars 4 #8 Bars 8 #6 Bars 4 #8 Bars 8 #6 Bars 
4 #6 Bars 4 #6 Bars #3 Ties @ 300 mm 4 #6 Bars #3 Ties @ 400 mm 
#3 Ties @ 300 mm #4 Ties @ 300 mm #3 Ties @ 400 mm 
Type 1 Type 2 Type 2 Type 5 Type 5 
4 #8 Bars 4 #8 Bars 8 #6 Bars 4 #8 Bars 8 #6 Bars 
4 #6 Bars 4 #6 Bars #3 Ties @ 300 mm 4 #6 Bars #3 Ties @ 400 mm 
#3 Ties @ 300 mm #4 Ties @ 300 mm #3 Ties @ 400 mm 
Type 1 Type: 2 Type 2 Type 5 Type 5 
4 #8 Bars 4 #8 Bars 8 #6 Bars 4 #8 Bars 8 #6 Bars 
4 #6 Bars 4 #6 Bars #3 Ties @ 300 mm 4 #6 Bars #3 Ties @ 400 mm 
#3 Ties @ 300 mm #4 Ties @ 300 mm #3 Ties @ 400 mm 
........ 
........ 
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Table 2.2 Reinforcement and Plastic Moment Capacity of Haunched Beams for the Durango Building (Frames 2 and 4) 
Beam Reinforcement/Plastic Moments at Location of Interest 1 
Floor Beam Width b 1 Location J AsJ 2 As22 As32 As4 2 Shear Positive Mp 4 Negative Mp5 
(mm) Reinforcement3 (kN-m) (kN-m) 
PB 300 M, 3 #R 2#8.1#6 3 #6 3 #8 #3 Ties @ 150 mm 618.8 668.6 
M2 3 #R 2 #8 2 #6 3 #8 #3 Ties @ 150 mm 330.2 346.9 
MJ 2 #8 2 #8 -- 3 #8 #3 Ties @ 150 mm 268.8 277.6 
M4 3 #8 2 #8 -- 3 #8 #3 Ties @ 150 mm 425.5 608.4 
M5 2 #8 -- -- 3 #8 #2.5 Ties @ 200 mm 245.9 154.0 
M6 3 #8 2 #6 2 #6 3 #8 #2.5 Ties @ 200 mm 330.2 296.8 
M7 3 #8 3 #6 2 #6 3 #8 #2.5 Ties @ 200 mm 543.1 573.8 
Ist-3rd 300 Ml 3 #8 2#6,1#8 3 #6 2 #8,1 #6 #3 Ties @ 150 mm 564.5 618.9 
M2 3 #8 2 #6 2 #6 2 #8,1 #6 #3 Ties @ 150 mm 298.0 294.8 
M3 2 #8 2 #6 -- 2 #8,1 #6 #3 Ties @ 150 mm 226.2 222.7 
M4 3 #8 2 #6,1 #8 -- 2#8,1#6 #3 Ties @ 150 mm 371.8 619.9 
M5 2 #8 -- -- 2 #8,1 #6 #2.5 Ties @ 200 mm 213.4 154.0 
M6 2 #8 -- 2 #6 2#8,1#6 #2.5 Ties @ 200 mm 285.3 161. 5 
M7 3 #8 3 #6 2 #6 2 #8,1 #6 #2.5 Ties @ 200 mm 496.6 571.8 
4th-6th 300 Ml 3 #8 3 #6 2 #8,1 #6 3 #6 #3 Ties @ 200 mm 543.3 566.1 
M2 2 #8 2 #6 2 #8,1 #6 3 #6 #3 Ties @ 200 mm 324.2 225.3 
M3 2 #8 2 #6 -- 3 #6 #3 Ties @ 200 mm 161. 4 223.1 
M4 2 #8 3 #6 -- 3 #6 #3 Ties @ 150 mm 256.1 448.7 
M5 2 #8 -- -- 3 #6 #2.5 Ties @ 200 mm 147.8 154.0 
M6 3 #8 -- 2 #8 3 #6 #2.5 Ties @ 200 mm 276.4 228.6 
M7 3 #8 3 #6 2 #8 3 #6 #2.5 Ties @ 200 mm 487.5 566.3 
7th-8th 300 Ml 3 #6 2 #6,1 #5 3 #5 3 #5 #3 Ties @ 200 mm 324.9 390.6 
M2 3 #6 -- 3 #5 3 #5 #3 Ties @ 200 mm 187.8 134.9 
M3 3 #6 -- -- 3 #5 #3 Ties @ 200 mm 107.7 131. 2 I 
M4 3 #6 3 #6 -- 3 #5 #3 Ties @ 200 mm 190.6 409.2 
M5 2 #6 -- -- 3 #5 #2.5 Ties @ 200 mm 104.6 89.8 
M6 2 #6 -- 3 #5 3 #5 #2.5 Ties @ 200 mm 183.4 99.4 
M7 3 #6 2 #6,1 #5 3 #5 3 #5 #2.5 Ties @ 200 mm 324.9 390.6 
------------
~ 
~ 
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Table 2.2 (cont.) Reinforcement and Plastic Moment Capacity of Haunched Beams for the Durango Building (Frames 2 and 4) 
Beam Reinforcement/Plastic Moments at Location of Interest I 
Floor Btam 'WIdth hi to(ation 1 A,1 2 A,2 2 A!\32 As4 2 
(rnnl) 
9th-10th 1 HI ~'·I 2 .~ , • ~ J 'S 2 'S 3 #5 M, 2 .ft -- 2 liS 3 #5 
M, 2 '6 -- -- 3 #5 
M. 3 #6 2#5,1#6 -- 3 #5 
Ms 2 #6 -- -- 3 #5 
M6 2 #6 -- 2 #5 3 #5 
M7 2#6,1#5 3 #5 2 #5 3 #5 
Roof 250 M} 2 #6 -- -- 3 #5 
M2 2 #6 -- 2 #5 3 #5 
M3 3 #6 -- -- 3 #5 
M .. 3 #6 3 #6 -- 3 #5 
Ms 2 #6 -- -- 2 #5 
M6 2 #6 -- 2 #5 3 #5 
M7 2 #6 -- -- 3 #5 
t For Locations of Moment Determination, see Fig. 2.11. 
2 #8 = Number 8 Bar (a one inch diameter rebar), #4 = Number 4 Bar (a one-half inch diameter rebar) 
3 "Tie" = Stirrup 
Shear 
Reinforcement3 
#2.5 Ties @ 200 mm 
#2.5 Ties @ 200 mm 
#2.5 Ties @ 200 mm 
#2.5 Ties @ 200 mm 
#2.5 Ties @ 200 mm 
#2.5 Ties @ 200 mm 
#2.5 Ties @ 200 mm 
#2.5 Ties @ 200 mm 
#2.5 Ties @ 200 mm 
#2.5 Ties @ 200 mm 
#2.5 Ties @ 150 mm 
#2.5 Ties @ 200 mm 
#2.5 Ties @ 200 mm 
#2.5 Ties @ 200 mm 
-- -------
.. Positive Plastic MomelI1t determined from beam section with effective flange width as defined by ACI 318M-83. 
s Negative Plastic Moment determined from beam section without any effective flange width. 
Positive Mp 4 
(kN-m) 
274.4 
157.4 
104.4 
185.6 
104.4 
157.4 
274.4 
165.6 
157.4 
107.3 
189.7 
73.4 
157.4 
165.6 
Negative Mp5 
(kN-m) 
329.5 
95.1 
88.6 
368.7 
88.6 
95.1 
329.5 
147.3 
95.1 
129.8 
405.7 
88.6 
95.1 
147.3 
..... 
..... 
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Table 2.2 (cont.) Reinforcement and Plastic Moment Capacity of Haunched Beams for the Durango Building (Frames 2 and 4) 
Beam Reinforcement/Plastic Moments at Location of Interest 1 
Floor Beam Widtlh b 1 Location 1 As12 As22 As32 As42 
(mm) 
9th-10th 250 M. 2 1t6. 1 ItS ) 115 2 115 3 #5 
Mz 2 116 -- 2 #5 3 #5 
M) 2 1t6 -- -- 3 #5 
M4 3 116 2#5.1#6 -- 3 #5 
Ms 2 #6 -- -- 3 #5 
M6 2 #6 -- 2 #5 3 #5 
M7 2#6.1#5 3 #5 2 #5 3 #5 
Roof 250 Ml 2 #6 -- -- 3 #5 
M2 2 #6 -- 2 #5 3 #5 
M3 3 #6 -- -- 3 #5 
M. 3 #6 3 #6 -- 3 #5 
Ms 2 #6 -- -- 2 #5 
M6 2 #6 -- 2 #5 3 #5 
M7 2 #6 -- -- 3 #5 
1 For Locations of Moment Determination, see Fig. 2.11. 
2 #8 = Number 8 Bar (a one inch diameter rebar), #4 = Number 4 Bar (a one-half inch diameter rebar) 
3 "Tie" = Stirrup 
Shear 
Reinforcement3 
#2.5 Ties @ 200 mm 
#2.5 Ties @ 200 mm 
#2.5 Ties @ 200 mm 
#2.5 Ties @ 200 mm 
#2.5 Ties @ 200 mm 
#2.5 Ties @ 200 mm 
#2.5 Ties @ 200 mm 
#2.5 Ties @ 200 mm 
#2.5 Ties @ 200 mm 
#2.5 Ties @ 200 mm 
#2.5 Ties @ 150 mm 
#2.5 Ties @ 200 mm 
#2.5 Ties @ 200 mm 
#2.5 Ties @ 200 mm 
Positive Plastic Moment determined from beam section with effective flange width as defined by ACI 318M-83. 
s Negative Plastic Moment determined from beam section without any effective flange width. 
Positive Mp 4 
(kN-m) 
274.4 
157.4 
104.4 
185.6 
104.4 
157.4 
274.4 
165.6 
157.4 
107.3 
189.7 
73.4 
157.4 
165.6 
Negative M p5 
(kN-m) I 
329.5 
95.1 
88.6 
368.7 
88.6 
95.1 
329.5 
147.3 
95.1 
129.8 
405.7 
88.6 
95.1 
147.3 
..... 
..... 
00 
Floor 
PO 
Ist-3rd 
4th-6th 
7th-8th 
Table 2.3 Reinforcement and Plastic Moment Capacity of Haunched Beams for the Durango Building (Frame 3) 
Beam Reinforcement/Plastic Moments at Location of Interest l 
R~am \\',dth hi location 1 A",2 As22 As32 As4 2 Shear Positive Mp 4 Negative M p5 (mm) Reinforcement3 (kN-m) (kN-m) 
\;;(' "~I '''' , '6 3 116 3 #8 #3 Ties @ 150 mm 614.9 573.8 
MJ J '" 2 116 2 #6 3 #8 #3 Ties @ 150 mm 329.9 296.8 
~1, 2 '/1 2 116 -- 3 #8 #3 Ties @ 150 mm 259. t 224.2 
M. 3 IIR 2 #6 -- 3 #8 #3 Ties @ 150 mm 415.8 511. 0 
Ms 2 #8 -- -- 3 #8 #2.5 Ties @ 200 mm 245.9 154.0 
M6 3 #8 -- 2 #6 3 #8 #2.5 Ties @ 200 mm 318.3 227.1 
M7 3 #8 3 #6 2 #6 3 #8 #2.5 Ties @ 200 mm 543.1 573.8 
300 Ml 3 #8 3 #6 3 #6 2 #8,1 #6 #3 Ties @ 150 mm 552.5 571.7 
Mz 3 #8 2 #6 3 #6 2#8,1#6 #3 Ties @ 150 mm 333.4 295.4 
M3 2 #8 2 #6 -- 2 #8,1 #6 #3 Ties @ 150 mm 226.2 222.7 
M4 3 #8 3 #6 -- 2 #8,1 #6 #3 Ties @ 150 mm 367.0 572.2 
Ms 2 #8 -- -- 2#8,1#6 #2.5 Ties @ 200 mm 213.4 154.0 
M6 2 #8 -- 2 #6 2 #8,1 #6 #2.5 Ties @ 200 mm 285.0 158.0 
M7 3 #8 2 #6 2 #6 2 #8,1 #6 #2.5 Ties @ 200 mm 490.6 510.6 
300 Ml 3 #8 2 #6 2#8,1#6 3 #6 #3 Ties @ 200 mm 546.1 506.2 
M2 2 #8 2 #6 2 #8 3 #6 #3 Ties @ 200 mm 288.9 225.0 
M3 2 #8 2 #6 -- 3 #6 #3 Ties @ 200 mm 161.4 223.1 
M4 2 #8 2 #6 -- 3 #6 #3 Ties @ 150 mm 249.5 386.2 
Ms 2 #8 -- -- 3 #6 #2.5 Ties @ 200 mm 147.8 154.0 
M6 3 #8 -- 2 #8 3 #6 #2.5 Ties @ 200 mm 276.4 228.6 
M7 3 #8 2 #6 2 #8 3 #6 #2.5 Ties @ 200 mm 481.5 506.3 
300 Ml 3 #6 3 #5 3 #5 3 #5 #3 Ties @ 200 mm 320.9 353.5 
M2 3 #6 -- 3 #5 3 #5 #3 Ties @ 200 mm 187.8 134.9 
M3 3 #6 -- -- 3 #5 #3 Ties @ 200 mm 107.7 131.2 
M4 3 #6 3 #6 -- 3 #5 #3 Ties @ 200 mm 190.6 409.2 
Ms 2 #6 -- -- 3 #5 #2.5 Ties @ 200 mm 104.6 89.8 
M6 2 #6 -- 3 #5 3 #5 #2.5 Ties @ 200 mm 183.4 99.4 
M7 3 #6 3 #5 3 #5 3 #5 #2.5 Ties @ 200 mm 320.9 353.5 
....... 
....... 
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Table 2.3 (cont.) Reinforcement and Plastic Moment Capacity of Haunched Beams for the Durango Building (Frame 3) 
Beam Reinforcement/Plastic Moments at Location of Interest 1 
Floor Beam Width b 1 Location l As12 As22 As32 As4 2 
(mm) 
9th-10th 250 M t 3 #5 3 #5 2 #5 3 #5 
M2 2 #5 -- 2 #5 3 #5 
M3 2 #5 -- -- 3 #5 
M. 2 #5,1 #6 2#5,1#6 -- 3 #5 
Mj 2 #5 -- -- 3 #5 
M6 2 #5 -- 2 #5 3 #5 
M7 3 #5 3 #5 2 #5 3 #5 
Roof 250 Mt 2 #6 -- -- 3 #5 
M2 2 #6 -- 2 #6 3 #5 
M3 2 #6 -- 2 #6 3 #5 
M4 3 #6 3 #6 -- 3 #5 
Mj 2 #6 -- -- 3 #5 
M6 2 #6 -- 2 #5 3 #5 
M7 2 #6 -- -- 3 #5 
t For Locations of Moment Determination, see Fig. 2.11. 
2 #8 = Number 8 Bar (a one inch diameter rebar), #4 = Number 4 Bar (a one-half inch diameter rebar) 
3 "Tie" = Stirrup 
Shear 
Reinforcement3 
#2.5 Ties @ 200 mm 
#2.5 Ties @ 200 mm 
#2.5 Ties @ 200 mm 
#2.5 Ties @ 200 mm 
#2.5 Ties @ 200 mm 
#2.5 Ties @ 200 mm 
#2.5 Ties @ 200 mm 
#3 Ties @ 200 mm 
#3 Ties @ 200 mm 
#3 Ties @ 200 mm 
#3 Ties @ 100 mm 
#2.5 Ties @ 200 mm 
#2.5 Ties @ 200 mm 
#2.5 Ties @ 200 mm 
4 Positive Plastic Moment determined from beam section with effective flange width as defined by ACI 318M-83. 
5 Negative Plastic Moment determined from beam section without any effective flange width. 
Positive Mp 4 
(kN-m) 
274.0 
155.7 
102.2 
185.1 
102.2 
155.7 
274.0 
165.6 
179.6 
179.6 
190.8 
104.4 
157.4 
165.6 
Negative M p5 
(kN-m) 
288.5 
71.5 
63.3 
327.3 
63.3 
71.5 
288.5 
147.3 
96.4 
94.1 
405.2 
88.6 
95.1 
147.3 
I 
I 
~ 
tv 
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Table 2.4 Reinforcement and Plastic Moment Capacity of Spandrel Beams for the Durango Building (Frames 1 and 5) 
Beam Reinforcement/Plastic Moments at Location of Interest 1 
Floor Location I A .. 12 As22 As32 As4 2 Shear 
Reinforcement3 
PB M i (Frame 5 only) 3 flP, 2 liP, 2 #5 3 #6 #3 Ties @ 300 mm 
M:~ (Frame 5 only) 3 fiR -- 3 #5 3 #6 #3 Ties @ 300 mm 
1 st MJ 3 #6 2 #8 2 #6 3 #6 #3 Ties @ 300 mm 
2nd-3rd MJ 3 #6 2 #8 2 #6 3 #6 #3 Ties @ 300 mm 
4th-6th Ml 3 #6 2 #8 2 #6 3 #6 #3 Ties @ 300 mm 
7th-8th Ml 3 #6 2 #6 2 #6 3 #6 #3 Ties @ 300 mm 
9th-10th Ml 3 #5 2 #6 -- 3 #6 #3 Ties @ 300 mm 
Roof Ml 3 #5 2 #5 -- 3 #5 #3 Ties @ 300 mm 
--- ----
1 For Locations of Moment Determination, see Fig. 2.10. 
2 #8 = Number 8 Bar (a one inch diameter rebar), #4 = Number 4 Bar (a one-half inch diameter rebar) 
3 "Tie" = Stirrup 
Positive Plastic Moment determined from beam section with effective flange width as defined by ACI 318M-83. 
Negative Plastic Moment determined from beam section without any effective flange widJh. 
Positive Mp 4 
(kN-m) 
479.2 
436.6 
725.4 
727.1 
727.1 
726.7 
450.4 
316.0 
Negative M p5 : 
(kN-m) 
861.0 
443.8 
938.6 
945.4 
945.4 
731. 7 
595.1 
514.5 
~ 
N 
~ 
Table 2,5 Reinforcement and Plastic Moment Capacity of Edge Beams for the Durango Building (Frames A and C) 
Beam Reinforcement/Plastic Moments at Location of Interest 1 
Floor Beam Width Beam Depth Location 1 ASl2 As22 As32 As42 
b1 (mm) h t (mm) 
PB 300 700 MI 3 #8 3 #8 2 #8,1 #6 3 #8 
M2 2 IIR, I 116 2 116 2 116 2 #8 
I sl-3rd 300 700 M, 3 ItR 3 #8 2 #8,1 #6 3 #8 
M2 2 ItR, I 116 2 #6 2 #6 2 #8 
4th-6th 300 700 M, 3 #8 2 #6, I #8 3 #6 3 #8 
M2 2 #8 2 #6 -- 2 #8,1 #6 
7th-8th 250 700 M\ 3 #6 2 #8,1 #6 2 #8 3 #6 
M2 2 #6 2 #6 -- 3 #6 
9th-10th 250 600 M\ 3 #6 3 #6 2 #6 3 #5 
M2 3 #6 -- -- 3 #5 
Roof 250 500 Ml 3 #4 2 #4 2 #4 2 #4 
M2 2 #4 2 #4 -- 2 #4 
1 For Locations of Moment Determination, see Fig. 2.12. 
2 #8 = Number 8 Bar (a one inch diameter rebar), #4 = Number 4 Bar (a one-half inch diameter rebar) 
3 "Tie" = Stirrup 
4 Positive Plastic Moment determined from beam section with effective flange width as defined by ACI 318M-83. 
5 Negative Plastic Moment determined from beam section without any effective flange width. 
Shear Positive Mp 4 
Reinforcement3 (kN-m) 
#3 Ties @ 300 mm 668.0 
#3 Ties @ 300 mm 390.3 
#3 Ties @ 300 mm 668.0 
#3 Ties @ 300 mm 390.3 
#3 Ties @ 300 mm 571.8 
#3 Ties @ 300 mm 332.9 
#3 Ties @ 300 mm 441. 6 
#3 Ties @ 300 mm 220.0 
#2.5 Ties @ 250 mm 238.2 
#2.5 Ties @ 250 mm 128.8 
#2.5 Ties @ 250 mm 89.9 
#2.5 Ties @ 250 mm 53.4 
Negative M p5 
(kN-m) 
715.1 
456.1 
715.1 
456.1 
621. 3 
387.1 
501.8 
276.0 
334.9 
182.7 
109.5 
84.8 
! 
Table 2.6 RC Infill Wall Reinforcement Ratios 
for the Durango Building 
Story Reinforcement 1,2 Reinforcement Ratio2 
(%) 
1st-4th 2x2 - W6xW6 1.27 
5th-7th 4x4 - W6xW6 0.64 
8th-10th 6x6 - W6xW6 0.42 
1 4x4 - W6xW6 = W6xW6 Welded Wire Fabric on 4x4 inch centers. 
2 The reinforcement provided in the horizontal and vertical directions 
was the same. 
Table 2.7 Story Weights Before and After Retrofit 
for the Durango Building 
Floor Before After 
(kN) (kN) 
Penthouse 281.5 281.5 
Roof 2085.3 2156.9 
10 1720.5 1873.1 
9 1729.3 1881.9 
8 1780.8 1934.7 
7 1786.0 1943.8 
6 1826.7 1984.5 
5 1835.4 1995.1 
4 1840.6 2014.5 
3 1849.6 2036.3 
2 1859.0 2046.1 
1 1864.1 2090.7 
PB 1580.9 1672.9 
Base 5348.8 6710.5 
Total 27388.5 30622.5 
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Table 2.8 Column Dimensions and Reinforcement for the Park Espana Building 
Columns1,2 
A-2,B-l,C-3a, B-3,C-l, A-l,A-3, 
Story D-l,D-3 C-3,D-2 D-4,DD-4 B-2,C-2 
PB b (mm) 350 400 300 500 
h (mm) 500 500 500 600 
A, 4 #8 Bars 8 #8 Bars 4 #8 Bars 8 #8 Bars 
1 b (mm) 300 400 300 400 
h (mm) 500 500 500 600 
As 4 #8 Bars 8 #8 Bars 4 #8 Bars 8 #8 Bars 
2 b (mm) 300 300 300 400 
h (mm) 500 500 400 600 
As 4 #6 Bars 8 #8 Bars 4 #6 Bars 8 #8 Bars 
3 b (mm) 300 300 300 400 
h (mm) 400 500 400 500 
As 4 #6 Bars 4 #8 Bars 4 #6 Bars 8 #8 Bars 
4 b (mm) 300 300 300 400 
h (mm) 400 400 400 500 
As 4 #6 Bars 4 #8 Bars 4 #6 Bars 4 #8 Bars 
5 b (mm) 300 300 300 300 
h (mm) 300 400 300 500 
As 4 #4 Bars 4 #6 Bars 4 #4 Bars 4 #8 Bars 
6 b (mm) 300 300 300 300 
h (mm) 300 300 300 500 
As 4 #4 Bars 4 #4 Bars 4 #4 Bars 4 #6 Bars 
7 b (mm) 300 300 300 300 
h (mm) 300 300 300 400 
As 4 #4 Bars 4 #4 Bars 4 #4 Bars 4 #6 Bars 
8 b (mm) 300 300 300 300 
h (mm) 300 300 300 400 
As 4 #4 Bars 4 #4 Bars 4 #4 Bars 4 #4 Bars 
Penthouse3 b (mm) -- 300 -- 300 
h (rnm) -- 300 -- 400 
As -- 4 #4 Bars -- 4 #4 Bars 
1 A-l,A-2,A-3, B-1, B-2, B-3,C-l,C-2,C-3,C-3a,D-l,D-2,D-3,D-4,DD-4 = Column Designations 
as shown below. 
2 No Shear Reinforcement (Stirrup) information provided on Architectural Drawings. However, during the 
repair and retrofit following the 1979 earthquake, the presence of shear reinforcement was ascertained. It 
was minimal in quantity, however, i.e. #2 ties at approximately 300 mm. 
3 Only Columns B-2,B-3,C-2,C-3,D-2,D-3 exist for Penthouse Story. 
I 
Typical Column Orientation 
, 
.. 
.. 
, 
.------
... 
, 
, 
I 
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Floor 
1st 
2nd 
Table 2.9 Girder Dimensions and Reinforcement at Columns .. 
for the Park Espana Building 
Girder Depth 
hI 
Frame2 Location3 
(mm) 
400 1 Ml 
Ml 
M3 
M4 
Ms 
M6 
2 Ml 
Ml 
M3 
M4 
Ms 
M6 
3 Ml 
Ml 
M3 
M4 
Ms 
DO-4 to C-3a6 
M6 
OD-4 
C-3a 
D Mi 
Ml 
M3 
M4 
C Ml 
M2 
M3 
M4 
B Ml 
M2 
A Ml 
M2 
350 1 Ml 
M2 
M3 
M4 
Ms 
M6 
2 Ml 
M2 
M3 
M4 
Ms 
M6 
3 Ml 
M2 
M3 
M4 
Ms 
00-4 to C-3a6 
M6 
DD-4 
C-3a 
D Ml 
Ml 
M3 
M4 
C Ml 
~l 
B 
A 
124 
Top 
Reinforcement 
AsI 4 ,S 
12 #3 
13 #3 
13 #3 
11 #3 
11 #3 
8 #3 
15 #3 
20 #3 
20 #3 
18 #3 
18 #3 
14 #3 
14 #3 
14 #3 
14 #3 
14 #3 
14 #3 
12 #3 
10 #3 
10 #3 
4 #4, 6 #3 
2 #8, 6 #3 
4 #4, 6 #3 
4 #4, 6 #3 
6 #4,10 #3 
8 #4,10 #3 
6 #4,10 #3 
4 #4,10 #3 
4 #4,10 #3 
6 #4,10 #3 
4 #4, 6 #3 
4 #4, 6 #3 
12 #3 
13 #3 
13 #3 
11 #3 
11 #3 
8 #3 
15 #3 
20 #3 
20 #3 
18 #3 
18 #3 
14 #3 
14 #3 
14 #3 
14 #3 
14 #3 
14 #3 
12 #3 
10 #3 
10 #3 
4 #4, 6 #3 
2 #8, 6 #3 
4 #4, 6 #3 
4 #4, 6 #3 
6 #4,10 #3 
8 #4,10 #3 
, .l.J ~ .. _ ~J"" 
o R'4, IU R':j 
A ~A 1n ~'l 
.,. ""'''',.AU 'Pf"..J 
4 #4,10 #3 
6 #4,10 #3 
4 #4, 6 #3 
4 #4, 6 #3 
Bottom 
Reinforcement 
As24 ,5 
8 #3 
8 #3 
8 #3 
8 #3 
8 #3 
8 #3 
8 #3 
8 #3 
10 #3 
10 #3 
10 #3 
10 #3 
10 #3 
10 #3 
10 #3 
10 #3 
8 #3 
8 #3 
8 #3 
8 #3 
2 #8 
2 #8 
2 #8 
2 #4, 6 #3 
3 #4,10 #3 
3 #4,10 #3 
3 #4,10 #3 
3 #4,10 #3 
3 #4,10 #3 
3 #4,10 #3 
2 #4, 6 #3 
2 #4, 6 #3 
8 #3 
8 #3 
8 #3 
8 #3 
8 #3 
8 #3 
8 #3 
8 #3 
10 #3 
10 #3 
10 #3 
10 #3 
10 #3 
10 #3 
10 #3 
10 #3 
8 #3 
8 #3 
8 #3 
8 #3 
2 #8 
2 #8 
2 #8 
2 #4, 6 #3 
3 #4,10 #3 
3 #4,10 #3 
_ LL.a .. _ ..I. ...... 
:j R'~, IU R':j 
'l ~A 1n ~'l 
J 'W'"'t,.£U.".wI 
3 #4,10 #3 
3 #4,10 #3 
2 #4, 6 #3 
2 #4, 6 #3 
Table 2.9 (cont.) Girder Dimensions and Reinforcement at Columns 
for the Park Espana Building 
Floor Girder Depth Frame2 Location3 Top Bottom 
hI Reinforcement Reinforcement 
(nun) As14 ,5 As24 ,5 
3rd 350 1 Ml 11 #3 8 #3 
Mz 12 #3 8 #3 
M3 12 #3 8 #3 
M4 9 #3 8 #3 
Ms :; #3 o ~~ o ~,;) 
M6 8 #3 8 #3 
2 Ml 14 #3 8 #3 
Mz 18 #3 8 #3 
M3 18 #3 10 #3 
M4 16 #3 10 #3 
Ms 16 #3 10 #3 
M6 12 #3 10 #3 
3 Ml 12 #3 10 #3 
Mz 12 #3 10 #3 
M3 12 #3 10 #3 
M4 12 #3 10 #3 
Ms 12 #3 8 #3 
M6 10 #3 8 #3 
DD-4 to C-3a6 DD-4 8 #3 8 #3 
C-3a 8 #3 8 #3 
D Ml 4 #4, 6 #3 2 #8 
Mz 2 #8, 4 #3 2 #8 
M3 4 #4, 6 #3 2 #8 
M4 4 #4, 6 #3 2 #4, 6 #3 
C Ml 6 #4,10 #3 3 #4,10 #3 
Mz 8 #4,10 #3 3 #4,10 #3 
~,L ~ :lH. 1n:lt~ 3 #4,10 #3 .... ;; 'fJ IT..,.,""" rr_ 
M4 3 #4,10 #3 3 #4,10 #3 
B Ml 3 #4,10 #3 3 #4,10 #3 
Mz 6 #4,10 #3 3 #4,10 #3 
A Ml 4 #4, 6 #3 2 #4, 6 #3 
Mz 4 #4, 6 #3 2 #4, 6 #3 
4th 350 1 Ml 10 #3 8 #3 
Mz 10 #3 8 #3 
I I M3 iO #3 8 #3 I M4 8 #3 8 #3 
Ms 8 #3 8 #3 
M6 8 #3 8 #3 
2 Ml 12 #3 8 #3 
Mz 16 #3 8 #3 
M3 16 #3 10 #3 
M4 14 #3 10 #3 
Ms 14 #3 10 #3 
M6 10 #3 10 #3 
3 Ml 10 #3 10 #3 
Mz 10 #3 10 #3 
M3 10 #3 10 #3 
M4 10 #3 10 #3 
Ms 10 #3 8 #3 
M6 10 #3 8 #3 
DD-4 to C-3a6 DD-4 8 #3 8 #3 
C-3a 8 #3 8 #3 
D Ml 2 #4, 6 #3 2 #8 
Mz 2 #8,2 #3 2 #8 
M3 2 #4, 6 #3 2 #8 
M4 2 #4, 6 #3 2 #4, 6 #3 
C Ml 4#4,10#3 3 #4,10 #3 
Mz 6 #4,10 #3 3 #4,10 #3 
M3 4 #4,10 #3 3 #4,10 #3 
M4 3 #4,10 #3 3 #4,10 #3 
B Ml 3 #4,10 #3 3 #4,10 #3 
Mz 4 #4,10 #3 3 #4,10 #3 
A Ml 2 #4, 6 #3 2 #4, 6 #3 
Mz 2 #4, 6 #3 2 #4, 6 #3 
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Table 2.9 (cant.) Girder Dimensions and Reinforcement at Columns 
for the Park Espana Building 
Floor Girder Depth Frame2 Location3 Top Bottom 
hI Reinforcement Reinforcement 
(mm) ASI 4 ,5 As24 ,5 
5th 350 1 Ml 8 #3 8 #3 
Mz 8 #3 8 #3 
M3 8 #3 8 #3 
M4 8 #3 8 #3 
Ms 8 #3 8 #3 
M6 8 #3 8 #3 
2 Ml 10 #3 8 #3 
Mz 14 #3 8 #3 
M3 14 #3 10 #3 
M4 12 #3 10 #3 
Ms 12 #3 10 #3 
M6 10 #3 10 #3 
3 Ml 10 #3 10 #3 
M2 10 #3 10 #3 
M3 10 #3 10 #3 
M4 10 #3 10 #3 
Ms 10 #3 8 #3 
M6 8 #3 8 #3 
DD-4 to C-3a6 DD-4 8 #3 8 #3 
C-3a 8 #3 8 #3 
D Ml 2 #4, 6 #3 2 #8 
Mz 2 #8 2 #8 
M3 2 #4, 6 #3 2 #8 
M4 2 #4, 6 #3 2 #4, 6 #3 
C Ml 4 #4,10 #3 3 #4,10 #3 
Mz 4 #4,10 #3 3#4,10#3 
M3 4 #4,10 #3 3 #4,10 #3 
M4 3 #4,10 #3 3 #4,10 #3 
B Ml 3 #4,10 #3 3 #4,10 #3 
Mz 4 #4,10 #3 3 #4,10 #3 
A Ml 2 #4, 6 #3 2 #4, 6 #3 
Mz 2 #4, 6 #3 2 #4, 6 #3 
6th 350 1 Ml 8 #3 8 #3 
M2 8 #3 8 #3 
M3 8 #3 8 #3 
M4 8 #3 8 #3 
MS 8 #3 8 #3 
M6 8 #3 8 #3 
2 Ml 8 #3 8 #3 
M2 12 #3 8 #3 
M3 12 #3 10 #3 
M4 10 #3 10 #3 
Ms 10 #3 10 #3 
M6 10 #3 10 #3 
3 Ml 10 #3 10 #3 
M2 10 #3 10 #3 
M3 10 #3 10 #3 
M4 10 #3 10 #3 
Ms 10 #3 8 #3 
M6 8 #3 8 #3 
DD-4 to C-3a6 DD-4 8 #3 8 #3 
C-3a 8 #3 8 #3 
D Ml 2 #4, 6 #3 2 #8 
M2 2 #8 2 #8 
M3 2 #4, 6 #3 2 #8 
M4 2 #4, 6 #3 2 #4, 6 #3 
C Ml 3 #4,10 #3 3 #4,10 #3 
M2 3 #4,10 #3 3 #4.10 #3 
M3 3 #4,10 #3 3 #4,10 #3 
M4 3 #4,10 #3 3 #4,10 #3 
B Ml 3 #4,10 #3 3 #4,10 #3 
M2 3 #4,10 #3 3 #4,10 #3 
A Ml 2 #4, 6 #3 2 #4, 6 #3 
Mz 2 #4. 6 #3 2 #4, 6 #3 
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Table 2.9 (cont.) 
Floor 
7th, Sth,Roof 
Girder Depth 
hI 
(nun) 
350 
Girder Dimensions and Reinforcement at Columns 
for the Park Espana Building 
Frame2 
1 
2 
3 
DD-4 to C-3a6 
D 
C 
B 
A 
Location3 Top Bottom 
Ml 
Mz 
M3 
M4 
Ms 
M6 
Ml 
Mz 
M3 
M4 
Ms 
M6 
Ml 
Mz 
M3 
M4 
Ms 
M6 
DD-4 
C-3a 
Ml 
Mz 
M3 
M4 
Ml 
Mz 
M3 
M4 
Ml 
Mz 
Ml 
Mz 
Reinforcement Reinforcement 
}\s14 ,5 }\s24 ,5 
8 #3 
8 #3 
8 #3 
8 #3 
8 #3 
8 #3 
8 #3 
10 #3 
10 #3 
10 #3 
10 #3 
10 #3 
10 #3 
10 #3 
10 #3 
10 #3 
10 #3 
8 #3 
8 #3 
2 #4, 6 #3 
2 #8 
2 #4, 6 #3 
2 #4, 6 #3 
3 #4,10 #3 
3 #4,10 #3 
3 #4,10 #3 
3 #4,10 #3 
3 #4,10 #3 
3 #4,10 #3 
2 #4, 6 #3 
2 #4, 6 #3 
8 #3 
8 #3 
8 #3 
8 #3 
8 #3 
8 #3 
8 #3 
8 #3 
10 #3 
10 #3 
10 #3 
10 #3 
10 #3 
10 #3 
10 #3 
10 #3 
8 #3 
8 #3 
8 #3 
8 #3 
2 #8 
2 #8 
2 #8 
2 #4, 6 #3 
3 #4,10 #3 
3 #4,10 #3 
3 #4,10 #3 
3 #4,10 #3 
3 #4,10 #3 
3 #4,10 #3 
2 #4, 6 #3 
2 #4, 6 #3 
1 See Fig. 2.26 for Cross-Section defining Girder Depth. 
Z See Fig. 2.25 for Plan View Designating Frame (Column Line). 
3 See Fig. 2.27 for Schematic Diagram Showing Locations of Ml,Mz,etc. 
4 #8 == Number 8 Bar (a one inch diameter rebar), #4 = Number 4 Bar (a one-half inch diameter reba!) 
S Shear Reinforcement for Floor Girders not included on Architectural Sketches. 
6 DD-4 to C-3a == Girder running diagonally between Columns DD-4 and C-3a (See Fig. 2.25 
for Column Designations). 
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Table 2.10 Foundation Beam Dimensions and Reinforcement for the Park Espana Building 
Foundation Beam Width b2 Beam Depth h2 As12 ,3 As22,3 As32,3,4 Shear 
Beaml (mm) (mm) ReinforcementS 
O-a to C-a, 300 700 -- -- -- --
O-la to C-la, 
0-2a to C-2a, 
C-a to C-l, 
O-a to 0-1 
0-1 to C-l, 400 1400 2 #8 2 #8 4 #8 6 #4 Ties 
0-2 to C-2, 
0-3 to C-3, 
B-2 to A-2 
B-1 to A-I, 400 1400 2 #8 2 #8 1 #8 6 #4 Ties 
B-3 to A-3 
0-1100-2, 300 1400 2 #8 2 #8 2 #8 11 #4 Ties 
0-2 to D-3, 
C-1 to C-2, 
C-2 10 C-3 
C-l to B-1, 400 1400 2 #8 2 #8 2 #8 10 #4 Ties 
C-2 to B-2, 
C-3 to B-3 
B-1 to B-2, 300 1400 2 #6 2 #6 1 #6 #4 Tie @ SOO mm 
A-I to A-2, 
B-2 to B-3, 
A-2 to A-3, 
D-3 to D-4, 
C-3 to C-3a 
D-4 to DD-4, 300 1400 -- -- -- --
DD-4 to C-3a 
1 Beam Designation: Beam runs between two Points Indicated (See Fig. 2.28 for Centerline Lines). 
2 See Fig. 2.28 for Beam Cross-Section showing b, h, Asl, As2 and As3. 
3 #8 = Number 8 Bar (a one inch diameter rebar), #6 = Number 6 Bar (a three-quarter inch diameter rebar) 
-- = Reinforcement Information not included on Architectural Sketches. 
<4 As3 represents bent rebars. In region of positive bending moment, the rebars are located at beam bottom. In regions 
of negative bending moment, the rebars are located at beam top (See Fig. 2.28). 
S "Tie" = Stirrup 
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Table 2.11 RC Infill Wall Reinforcement Ratios 
for the Park Espana Building 
Frame Story Reinforcement 1,2 Reinforcement Ratio2 
(%) 
A PB-2nd 4x4 - W6xW6 0.95 
3rd-5th 6x6 - W6xW6 0.64 
6th-8th 8x8 - W6xW6 0.48 
D PB-1st 4x4 - W6xW6 0.95 
2nd-4th 6x6 - W6xW6 0.64 
5th-8th 8x8 - W6xW6 0.48 
1 4x4 - W6xW6 = W6xW6 Welded Wire Fabric on 4x4 inch centers. 
:2 The reinforcement provided in the horizontal and vertical directions was the same. 
Table 2.12 Story Weights Before and After Retrofit 
for the Park Espana Building 
Floor Before After 
(kN) (kN) 
Penthouse 416.2 416.2 
Roof 1602.2 1628.5 
8 1554.7 1607.3 
7 1556.4 1609.1 
6 1561.2 1615.3 
5 1574.5 1630.0 
4 1590.2 1646.1 
3 1599.6 1656.7 
2 1614.5 1672.7 
1 1733.5 1790.3 
PB 1885.0 1912.7 
Total 16688.0 17184.9 
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Table 3.1 Constant WR for Each Weight Combination (lbf-in) 
(After Foutch, 1976) 
Small Weights 
SO S1 S2 S3 84 
LO 520 947 1374 1801 2228 
Large L1 1935 2362 2789 3216 3643 
Weights L2 3350 3777 4204 4631 5058 
L3 4765 5192 5619 6046 6473 
L4 6180 6607 7034 7461 7888 
8 = small weight (center section) 
L = large weight (side section) 
The number following 8 and L refers to the number of lead weights of that 
size placed in each section of each basket of each vibration generator. 
where f 
WR 
Force = 0.4537 x (WR) x f 2 
= excitation frequency (Hz) 
= constant dependent upon the combination of lead 
weights in each basket (lbf-in) 
Force= sinusoidal force generated by one eccentric mass 
vibration generator (N) 
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Table 3.2 Summary of Testing -- Durango Building 
Baskct Weights I Force/jl 2 Frcquency Range 
Instrument Locations and Orientations3 ,4,5,6,7 Date Purpose of Test Master Slave (N) (Hz) 
1- 8-87 1 st EW Frequency Sweep L4S4 L4S4 7158 0.699-0.890 A I: Roof@B-4,A2:F8@B-3,A3:F6@B-3,A4:F4@B-3, 
Sl: Base@B-3,S2:PB@8-3 
1st EW Mode Shape L4S4 L4S4 7158 0.795 At: Roof@B-4,A2:F8@B-3,A3:F6@8-3,A4:F4@B-3, 
AS: F2@B-3,S1:Base@B-3,S2:P8@B-3 
t- 9-87 Mag Tape Recorder Calibration 
1 st EW Frequency Sweep L2S2 L2S2 3815 0.742-0.880 A 1: Roof@B-4,A2:F8@8-3,A3: F6@8-3,A4:F4@B-3, 
S 1: Base@B-3 
2nd EW Frequency Sweep LOSO LOSO 472 3.200-5.000 Al :Roof@B-4,A2:F8@B-3,A3:F6@B-3,A4:F4@B-3, 
S 1: 8ase@8-3 
2nd EW Mode Shape LOSO LOSO 472 3.570 AI: Roof@B-4,A2:F8@B-3,A3:F6@B-3,A4:F4@B-3, 
A5: F2@B-3,Sl:Base@B-3 
1-10-87 In~;trument Calibration LOSO LOSO 472 3.410-3.700 Al,A2: Roof@B-4,A3,A4,A5,Sl,S2:F2@B-3 
L4S4 L4S4 7158 0.700-1.500 
~ 
w Instrument Calibration L4S4 L4S4 7158 0.752-0.785 Al,A2:Roof@B-4,A3,A4,A5,Sl,S2:Base@B-3 
~ 
Is11 EW Detailed Basement Motion L4S4 L4S4 7158 0.795 A2:Roof@C-3,A5:Base@B-3 for all settings. 
and Detailed Roof Motion A1:Various Roof Locations (See Fig. 3.4) 
S1,S2,A3,A4:Various Base Locations (See Fig. 3.5) 
1-11-87 Soil-Structure Interaction - Outside L4S4 L4S4 7158 0.795 A2: Roof@B-4 
Ground Motions Sl,S2,A3,A4,A5:Various Base and Outside Ground 
Locations (See Fig. 3.7) 
Islt EW LVDT Measurements L4S4 L4S4 7158 0.795 (See Fig. 3.8 for measurement locations) 
Completion of 1st EW Mode Shape, L4S4 L4S4 7158 0.795 A2: Roof@B-4,S1:Fl@B-3,S2:F1@B-l for all settings. 
Torsion and NS Motion 1st Setting: AI: F8@B-3,A3:F3@B-3,A5:F3@B-l 
Components of 1 st EW Excitation 2nd Setting: Al :F10@B-4,A3:F7@B-4,A5:F5@B-4 
3rd Setting: AI: FI0@B-4-->N,A3: F7@B-4-->N, 
A5: F5@B-4-->N 
4th Setting: AI: F9@B-4 
Ambient Vibration Study A2: Roof@B-4-->E,SI:Fl@B-3-->E,S2:Base@B-3-->E 
Frequency Sweep to Detect Soll- L4S4 L4S4 7158 0.400-0.620 A2: Roof@B-4-->E, S 1: F 1 @B-3-->E, S2: Base@B-3-->E 
Column Response 
1st Torsion Frequency Sweep L2S2 L2S2 3815 1.910-2.393 AI: Roof@B-S-->E,A2: Roof@B-l-->E 
...... 
V> 
tJ 
Table 3.2 (Conl.) Summary of Testing -- Durango Building 
Raskel Weighls I Force/j'2 2 Frequency Range 
Instrument Locations and Orienta lionsl, 4 ,5 ,6,7 Date Purpo!:e of Te!lt 
1-11-87 1st Tor!:ion Mode Shape 
Cont. 
1st NS Frequency Sweep 
1st NS Mode Shape 
1-13-87 1st NS Detailed Basement Motion 
Instrument Calibration 
2nd NS Frequency Sweep 
2nd NS Mode Shape 
1 L4S4 = Full Baskets, LOSO = Empty Baskets 
2 f = Excitation frequency in cycles/sec 
Ma!:ler Slave 
L2S2 L2S2 
L4S4 L4S4 
L4S4 L4S4 
L4S4 L4S4 
L4S4 L4S4 
LOSO LOSO 
LOSO LOSO 
LOSO LOSO 
3 Al,A2,A3,A4,A5 = FBA Accelerometers: S1,S2 = Ranger Seismometers 
4 F = Floor Level; PB = Planta Baja Level; Base = Basement Level 
5 B-3 = Designation of column nearest instrument location (See Fig. 3.3) 
(N) (Hz) 
3815 2.069-2.130 A 1: Roof@B-5-->E for all settings. 
1st Setting: A4:F3@B-5-->E,A5:F3@B-l-->E 
A2: F9@B-5-->E,A3:F9@B-l-->E 
2nd Setting: A4: PB@B-5-->E,A5:PB@E\-1-->E 
A2: F6@B-5-->E,A3:F6@B-l-->E 
7158 0.850-1. 400 AI: Roof@B-4,A2: F9@B-3,A3: F6@B-3,A4:F3@B-3, 
A5: PB@B-3,S2:Base@B-3 
7158 1.0tO A 1: Roof@B-4,A2:F9@B-3,A3:F6@B-:I,A4:F3@B-3, 
A5: PB@B-3,S2:Base@B-3 
7158 1.0tO A1:Roof@B-4,A5:Base@B-3 for all settings. 
S2,A4:Various Base Locations(See Fig. 3.6) 
7158 0.923-1.099 AI: Roof@B-4,A4,A5,SI,S2:PB@B-3 
472 3.000-4.800 
472 3.709-5.875 AI: Roof@B-4,A2:F8@B-3,A3:F6@B-3,A4:F4@B-3, 
AS: F2@B-3,Sl :Base@B-3,S2:PB@8-3 
472 4.700 AI: Roof@B-4,A2:F8@B-3,A3:F6@B-3,A4:F4@B-3, 
A5: F2@B-3,Sl:Base@B-3,S2:PB@B-3 
---------- ----.-----.- .. --.~----
---- ------
6 Instruments pointed in direction of excitation unless otherwise noted (EW --> E and NS --> N). --> = Direction in which instrument pointed 
7 All instruments orientated to measure horizontal accelerations unless otherwise noted 
..... 
t".) 
t".) 
Date 
1-15-87 
1-16-87 
1-17-87 
Table 3.3 Summary of Testing -- Park Espana Building 
Basket Weights I Force/jl 2 Frequency Range 
Instrument Locations and Orientations3 .... .5,6.7 Purpose of Test Master Slave (N) (Hz) 
1st NS Frequency Sweep L2S2 L2S2 3815 0.700-1.200 AI: Roof@D-2,A2:F8@D-2,A3:F6@D-2,A4:F4@D-2, 
A5: F2@D-2,S2:F2@D-2 
1st NS Mode Shape L2S2 L2S2 3815 0.910-0.920 A I : Roof@D-2 for all settings. 
1st Setting: A2:F8@D-2,A3:F6@D-2,A4:F4@D-2, 
AS: F2@D-2,S2: P8@C-2 
2nd Setting: A2: F8@D-2,A3:F7@D-2,A4:F5@D-2, 
AS: F3@D-2,S2:Fl@D-2 
1st NS Frequency Sweep L2S2 L2S2 3815 0.890-0.915 Al :Roof@D-2,A5,S2:PB@C-2 
1st NS Detailed P8 Motion L2S2 L2S2 3815 0.902-0.904 AI: Roof@D-2 for all settings. 
AS,S2:Various PB Locations (See Fig. 3.11) 
1st NS LVDT Measurements L2S2 L2S2 3815 0.901-0.904 (See 3.13 for measurement locations) 
Torsion and EW Motion L2S2 L2S2 3815 0.901-0.902 AI: Roof@D-2 for all settings. 
Components for Roof given 1st NS A2:Various Roof Locations (See Fig. 3.10) 
Excitation 
1st NS Frequency Sweep L2S2 L2S2 3815 0.893-0.902 AI: Roof@D-2,A2:F8@D-2,A3:F6@D--2,A4:F4@D-2, 
A5: F2@D-2,S2:PB@C-2 
Completion of 1st NS LVDT L2S2 L2S2 3815 0.893-0.894 (See Fig. 3.13 for measurement locations) 
Measurements 
Torsion and EW Motion L2S2 L2S2 3815 0.893-0.896 AI: Roof@D-2 for all settings. 
Components of 1st NS Excitation 1st Setting: A4:PB@BC-l,A5:PB@BC-·3 
2nd Setting: A4: PB@D-2-->W,A5: PB@A-2-->W 
3rd Setting: A4:F3@BC-l,A5:F3@BC-3 
4th Setting: A4:F3@D-2-->W,A5:F3@A-2-->W 
5th Setting: A4:F7@BC-l,A5:F7@8C-3 
6th Setting: A4:F7@D-2-->W,A5:F7@A-2-->W 
1a Setting: A1:Roof@BC-1,A2:Roof@BC-3 
Ib Setting: A1:Roof@D-2-->W,A2:Roof@A-2-->W 
Instrument Calibration L2S2 L2S2 3815 0.880-0.910 Al ,A2,A3,A4,A5: F8@D-2 
2nd NS Frequency Sweep and L2S2 L2S2 3815 3.001-3.800 Al ,A2,A3,A4,A5: F8@D-2 
Instrument Calibration 
2nd NS Mode Shape L2S2 L2S2 3815 3.450 A 1: Roof@BC-l,A2:Roof@BC-3,A3: FB@D-2, 
A4: F4@D-2,A5:F2@D-2 
--- -- ---------.--~-.---- - ---_._--------
~ 
VJ 
..J:>,. 
Date 
1-17-87 
Cont. 
)-19-87 
1-20-87 
Table 3.3 (Cont.) 
Basket Weights I 
Purpose of Test Master Slave 
Torsion and EW Motion L2S2 L2S2 
Components of 2nd NS Excitalion 
Completion of 2nd NS Mode Shape, L2S2 L2S2 
2nd NS PB Motion 
1 st EW Frequency Sweep L4S4 
1st EW Mode Shape L4S4 
1st EW Detailed PB Motion L4S4 
2nd EW Frequency Sweep LISt 
2nd EW Mode Shape L1S1 
Torsion and NS Motion Components L1S1 
of 2nd EW Excitation 
1st Torsion Frequency Sweep L2S2 L2S2 
Summary of Testing -- Park Espana Building 
Forcelf 2 Frequency Range 
(N) (Hz) Instrument Locations and Orientations3.4.5.6.7 
3815 3.448-3.500 Al:Roof@BC-l,A2:Roof@BC-3,A3:F8@D-2 for all 
settings. 
1st Selting: A4: F4@BC-l,A5:F4@BC-3 
2nd Selling: A4: F4@D-2-->W,A5:F4@A-2-->W 
3rd Setting: A4:F7@BC-1,A5:F7@BC-3 
4th Setting: A4: F7@D-2-->W,A5: F7@A-2-->W 
3815 3.448-3.451 AI: Roof@D-2-->W,A2:Roof@A-2-->W,A3:F8@D-2, 
A4:F4@D-2"A5:F2@D-2 for all settings. 
lSi Selling: S2:PB@C-2 
2nd Selling: S2: PB@B-2-->Verl 
3rd Setting: S2:PB@A-2-->Verl 
3579 0.800-1. 400 AI: Roof@D-2,A2:Roof@A-2,A3:F8@D-2,A4:F4@D-2, 
A5:F2@D-2 
3579 1. 104-1. 106 Al:Roof@D-2,A2:Roof@A-2 for all settings. 
1st Setting: A3:F8@D-2,A4:F4@D-2,A5:F2@D-2, 
S2:PB@C-2 
2nd Setting: A3: F7@D-2,A4:F5@D-2,A5:F3@D-2, 
S2:F1@D-2 
3579 1.108-1. 109 Al:Roof@D-2,A4:F5@D-2 for all settings. 
A5,S2:Various PB Locations (See Fig. 3.12) 
1072 3.000-5.007 AI: Roof@D-2,A2:Roof@A-2,A4: F5@D-2, 
AS: F2@D-2,S2:F2@D-2 
1072 4.230 Al:Roof@D-2,A2:Roof@A-2 for all settings. 
1st Setting: A3:F7@D-2,A4:F5@D-2,A5:F2@D-2, 
S2:F2@D-2 
2nd Setting: A3: F8@D-2,A4:F6@D-2,A5:Fl@D-2, 
S2:PB@C-2 
3rd Setting: A4:F4@D-2,A5:F3@D-2 
1072 4.230 Al:Roof@D-2,A2:Roof@A-2 for all settings. 
lSi Selling: A4:F3@A-2,A5:F3@D-2 
2nd Selling: A4: F3@BC-l-->N,AS: F3@BC-3-->N 
3rd Setting: A4: F7@A-2,A5: F7@D-2 
4th Setting: A4:F7@BC-l-->N,A5:F7@BC-3-->N 
AI: Roof@BC-l-->N,A2: Roof@BC-3-->N 
3815 1.399-2.000 AI: Roof@D-2-->W,A2:Roof@A-2-->W 
..... 
w 
Vl 
Table 3.3 (Cont.) Summary of Testing -- Park Espana Building 
8asket Weights I Force/fl 2 Frequency Range 
Date Purpose of Test Master Slave (N) 
1-20-87 1st Torsion Mode Shape L2S2 L2S2 3815 
Cont. 
Instrument Calibration L2S2 L2S2 381S 
I L4S4 = Full Baskets; LOSO = Empty Baskets; -- = Master Vibration Generator turned orf 
2 f = Excitation frequency in cycles/sec 
3 At ,A2,A3,A4,A5 = FBA Accelerometers: S2 = Ranger Seismometers 
4 F = Floor Level; PB = Plant a Baja Level 
(Hz) 
1. 506-1. 508 
1.100 
Instrument Locations and Orientations3.4.~.6.7 
AI: Roof@D-2-->W,A2:Roof@A-2-->W, 
A3:Roof@BC-l-->N for all settings. 
1st Setting: A4:F7@BC-l-->N,AS:F7@BC-3-->N 
2nd Setting: A4: F7@A-2-->W,AS:F7@D-2-->W 
3rd Setting: A4:F8@BC-l-->N,AS:F8@BC-3-->N 
4th Setting: A4: F8@A-2-->W,AS: F8@D-2-->W 
Sth Setting: A4:FS@BC-t-->N,AS:FS@8C-3-->N 
6th Setting: A4: F5@A-2-->W,A5:FS@D-2-->W 
7th Setting: A4: F4@BC-l-->N.AS: F4@BC-3-->N 
8th Setting: A4: F4@A-2-->W,A5:F4@D-2-->W 
9th Setting: A4: F2@BC-l-->N,AS:F2@8C-3-->N 
10th Selling: A4:F2@A-2-->W,AS:F2@D-2-->W 
11th Setting: A4:PB@BC-t-->N,AS:PB@8C-3-->N 
12th Setting: A4:PB@A-2-->W,AS:PB@D-2-->W 
Al,A2,A3,A4,AS:Roof@D-2-->W 
.5 D-2 = Designation of column nearest instrument location (See Fig. 3.9); 8C-l = Location midway between columns 8-1 and C-l 
6 Instruments pointed in direction of excitation unless otherwise noted (EW --> Wand NS --> N). --> = Direction in which instrument pointed 
7 All instruments orientated to measure horizontal accelerations unless otherwise noted 
Table 4.1 Dynamic Properties of the Durango Building 
Mode FVT Model 
Number Predominant Natural Ratio System Natural 
i 
1 
2 
1 
2 
1 
j Direction Frequency fijlflj Damping Frequency 
(Hz) (% Critical) (Hz) 
1 EW 0.795 1.0 2.7 0.792 
1 EW 3.571 4.5 4.3 2.554 
2 NS 1.010 1.0 4.8 1.015 
2 NS 4.700 4.7 8.7 3.702 
3 Torsion 2.130 1.0 5.5 1.686 
Table 4.2 Softening Dynamic System Characteristics 
of the Durango Building 
Mode Ambient Vibration FVT 
Number Direction Dominant Natural Excitation 
i Frequency Frequency Force l 
(Hz) (Hz) 
1 EW 0.815 0.805 
0.795 
2 EW 3.65 3.571 
3 EW 7.787 --
I NS 1.12 1.010 
2 NS 6.08? 4.700 
1 Torsion -2 2.130 
2 Torsion 6.58? >5~875 
1 Force = 0.4537 x (WR) x F as discussed in Section 3.2. 
2 L2S2 Basket Weights used during excitation. 
3 L4S4 Basket Weights used during excitation. 
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(N) 
24722 
45243 
6019 
--
7302 
10426 
17308 
--
Ratio 
fijlflj 
1.0 
3.2 
1.0 
3.6 
1.0 
Table 4.3 Axial Strains, Stresses, and Forces During 1st EW Shaking 
for Selected Members of Frame 1 of the Durango Building (0.795 Hz) 
Station 1 Location Axial Strain 3 Axial Stress2 ,3 
(x 10-6) (MPa) 
A North Face 4.07 0.814 
Steel Column 
B North Face 7.14 1.428 
Steel Brace 
C North Face 7.42 1.484 
Steel Brace 
D North Face 5.81 1.162 
Steel Column 
E South Face 6.25 0.097 
Concrete Column 
F North Face 5.27 1.054 
Steel Column 
G North Face 6.60 1.320 
Steel Brace 
H Top Face 12.60 2.519 
Steel Brace 
I Top Face 15.36 3.071 
Steel Brace 
J Top Face 14.01 2.801 
Steel Brace 
K Top Face 9.73 1.945 
Steel Brace 
1 See Fig. 3.8 for schematic diagram showing locations of LVDT test stations. 
l.Axial stress calculated according to Hooke's law ()' = Ee: ESteel = 200000 MPa 
ERe = 15500 MPa 
3 See Section 3.3 for discussion of axial nature of these values. 
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Axial Force3 
(kN) 
16.1 
28.4 
29.5 
23.0 
30.9 
20.8 
26.2 
11.0 
13.4 
12.2 
8.5 
Table 4.4 Modified Elastic Moduli for Refined Durango Model 
Story/ EMasonry Infill Walls1 ERC huill Walls2 EConnections 3 
Floor (MPa) (MPa) (MPa) 
Basement 
__ 4 
47404 --
PB 5.9 10342 --
1 5.9 10342 40 
2 5.9 10342 40 
3 5.9 12066 40 
4 5.9 12066 160 
5 586 12066 160 
6 586 12066 160 
7 586 13790 160 
8 586 13790 160 
9 586 13790 500 
10 586 13790 500 
Roof 500 
1 Original masonry infill wall elastic modulus: EMasonry = 586 MPa. 
2 Original retrofit RC infill wall elastic modulus: ERC = 13790 MPa. 
3 Original steel braced frame-RC frame connection elastic modulus: EConnec:tion = 200000 MPa. 
4 Original RC basement infill wall elastic modulus: ERC = 15500 MPa. 
Table 4.5 Total Braced Frame Shear Forces During 1st EW Shaking 
for the Durango Building (0.795 Hz) 
Story FVT Model 
Braced Frame % Story Braced Frame 
Shear Force (kN) Shear Shear Force (kN) 
1 78.8 74.2 78.9 
PB 54.0 49.4 77.5 
Basement 59.6 53.8 77.5 
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Table 5.1 Dynamic Properties of the Park Espana Building 
Mode FVT Model 
Number Predominant Natural Ratio System Natural Ratio 
i j Direction Frequency iij/flj Damping Frequency iij/flj 
(Hz) (% Critical) (Hz) 
1 1 EW 1.105 1.0 6.9 1.068 1.0 
2 1 EW 4.168 3.8 11.3 3.512 3.3 
1 2 NS 0.910 1.0 3.6 0.881 1.0 
2 2 NS 3.521 3.9 5.9 2.919 3.3 
1 3 Torsion 1. 510 1.0 3.1 1.468 1.0 
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Table 5.2 Axial Strains, Stresses, and Forces During 1st NS Shaking 
for Selected Members of the Park Espana Building (0.910 Hz) 
Column Station 1 Location Axial Strain 4 Axial Stress2 , 4 Axial Force4 
Line 1 Description (x 10-6) (MPa) (kN) 
1 A West Face 1.452 0.291 1.031 
Steel Brace 
Midlength 
A West Face 1.491 0.298 1.057 
Steel Brace 
Midlength 
B West Face 0.797 0.159 0.566 
Steel Brace 
Midlength 
C West Face 0.822 0.164 0.584 
Steel Brace 
Midlength 
D West Face 1.388 0.278 0.985 
Steel Brace 
Midlength 
E West Face 4.254 0.051 15.0553 
Concrete Column 
1.42 m above PB Slab 
F East Face 6.233 0.075 11.298 
Concrete Column 
1.45 m above PB Slab 
2 A West Face 2.352 0.471 1.670 
Steel Brace 
Midlength 
B West Face 1.966 0.393 1.396 
Steel Brace 
Midlength 
E West Face 7.788 0.094 39.3273 
Concrete Column 
0.91 m above PB Slab 
F West Face 1.439 0.017 3.044 
Concrete Column 
1.14 m above PB Slab 
3 A West Face 4.415 0.883 3.134 
Steel Brace 
Midlength 
B West Face 4.087 0.818 2.902 
Steel Brace 
Midlength 
B Top Face 4.138 0.828 2.938 
Steel Brace 
Midlength 
E North Face 2.841 0.034 10.9103 
Concrete Column 
0.84 m above PB Slab 
1 See Fig. 3.13 for schematic diagrams showing locations of column lines and LVDT test stations. 
2 Axial stress calculated according to Hooke's law CT = EE: ESteel = 200000 MPa 
ERe = 12100 MPa 
3 Equivalent concrete area via transformed steel section used to determine axial force. 
~ See Section 3.3 ior discussion of axial nature of these values. 
140 
Table 6.3 Rayleigh Modal Damping Ratios Determined by Weighted Least Squares Analysis 
for the Durango Building Model 
Case 1 Case 2 Case 3 Case 4 
Measured Weight Damping Weight Damping Weight Damping Weight Damping 
Damping Factor Ratio Factor Ratio Factor Ratio Factor Ratio 
Mode Ratio (%) Wi (%) Wi (%) Wi (%) Wi (%) 
lEW 2.7 0.40 3.4 0.25 3.6 0.50 3.1 0.20 3.7 
2EW 4.3 0.40 8.4 0.25 6.1 0.30 6.5 0.20 5.9 
INS 4.8 0.10 3.9 0.20 3.7 0.001 3.4 0.20 3.7 
2NS 8.7 0.05 12.0 0.15 8.5 0.001 9.1 0.20 8.1 
1Tors 5.5 0.05 5.8 0.15 4.6 0.198 4.6 0.20 4.5 
Table 6.4 Rayleigh Modal Damping Ratios Determined by Weighted Least Squares Analysis 
for the Park Espana Building Model 
Case 1 Case 2 Case 3 Case 4 
Measured Weight Damping Weight Damping Weight Damping Weight Damping 
Damping Factor Ratio Factor Ratio Factor Ratio Factor Ratio 
Mode Ratio (%) w, (%) Wi (%) Wi (%) Wi (%) 
lEW 6.9 0.50 4.2 0.35 4.1 0.30 3.9 0.20 4.4 
2EW 11.3 0.45 9.7 0.20 7.2 0.15 7.6 0.20 9.4 
INS 3.6 0.01 4.0 0.15 4.2 0.20 3.9 0.20 4.3 
2NS 5.9 0.03 8.2 0.25 6.2 0.25 6.5 0.20 8.0 
1Tors 3,1 0.01 4.9 0.05 4.2 ,0.10 4.2 0.20 5.0 
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Table 6.1 Rayleigh Modal Damping Ratios for the Durango Building Model 
------...-- "-"- -J -- £ 
Ravleigh Modal Damning Ratio (%) 1 
Damping Ratio Modes with Prescribed Damping (ao and a])2 
Mode (%) lEW, iNS I lEW,2EW I INS, 2NS 
lEW 2.7 2.7- 2.7- 5.1 
2EW 4.3 16.5 4.3- 6.5 
INS 4.8 4.8- 2.7 4.8· 
2NS 8.7 24.6 5.9 8.7-
lTors 5.5 10.2 3.2 5.2 
1 ~n calculated as per Eqn. (6.13). 
2 ao and a1 calculated as per Eqns. (6.11) and (6.12). 
Table 6.2 Rayleigh Modal Damping Ratios for the Park Espana Building Model 
Measured Rayleigh Modal Damping Ratio (%) 1 
Damping Ratio Modes with Prescribed Damping (ao and aJ)2 
~1ode (%) lEW, INS I lEW,2EW I INS, 2NS 
I lEV. 6.9 6.9- 6.9· 3.5 
: Ev- 11.3 38.7 11. 3'" 6.8 
l"""S 3.6 3.6- 7.2 3.6'" 
=,,",,5 5.9 31.6 9.8 5.9-
110n 3.1 13.0 7.0 3.6 
4.. Ul'wl~\~d as per Eqn. (6.13). 
; "c &n~ liJ/ ,~iculated as per Eqns. (6.11) and (6.12) .. 
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Table 7. t Significant Characteristics of Ground Motions Used in Dynamic Analyses of the Durango Building 
Ground Motion 
Characteristic 85 SCT I 85 D-CUMyl I 85 D-SCT 79 SCT I 79 D-SCT 
Accelerogram Duration (stc) 180 60 180 90 90 
Duration Strong Shaking (ste)2 SO 40 80 15 40 
Peak Ground Acceleration (g)--
EW 0.17 0.097 0.26 0.031 0.050 
NS 0.10 0.097 0.15 0.034 0.057 
5% Peak Spectral Acceleration (g)--
EW 1.00 0.36 1.8 0.12 0.32 
NS 0.66 0.36 01.92 0.17 0.26 
Characteristic Period(s) (sec)--
EW 2.0 0.9,2.1 2.6 2.0 0.9,2.6 
NS 2.0 0.9,2.1 2.6 2.0 0.9,2.6 
------- ----------- --------- - --- -----
1 EW and NS characteristic values are shown to be equal because D-CUMV was applied in both the EW and NS directions of the building. 
2 Strong shaking was considered to be any acceleration greater than 0.03g. 
Table 7.2 Significant Characteristics of Ground Motions Used in Dynamic Analyses of the Park Espana Building 
Ground Motion 
Characteristic 85 SCT \85 PE-CUMyl \ 85 PE-SCT 79 SCT \ 79 PE-SCT 
Accelerogram Duration (sec) 180 60 180 90 90 
Duration Strong Shaking (sec)2 50 30 60 15 30 
Peak Ground Acceleration (g)--
EW 0.17 0.095 0.14 0.031 0.038 
NS 0.10 0.095 0.086 0.034 0.048 
5% Peak Spectral Acceleration (g)--
EW 1.0 0.47 0.56 0.12 0.15 
NS 0.66 0.47 0.40 0.17 0.31 
Characteristic Period(s) (sec)--
EW 2.0 0.6,1.8 2.0 2.0 1.8 
NS 2.0 0.6,1.8 1.7 2.0 1.6 
1 EW and NS characteristic values are shown to be equal because PE-CUMV was applied in both the EW and NS directions of the building. 
2 Strong shaking was considered to be any acceleration greater than 0.03g. 
i 
Table 8.1 Results of Time History Analyses Examining Effect of Retrofit 
Elements on Dynamic Response of Flexible Based, Durango 
Building Model Subject to the 1985 SCT Records 
Post-79 Newly Retrofit 
ti = 0.10 ti = tiFVT 
Computed Period (sec) 
lEW 1.865 1.196 
2EW 0.542 0.309 
INS 1.518 0.958 
2NS 0.417 0.254 
ITors 1.178 0.532 
Peak Spectral Acceleration (g) 
lEW 0.59 0.31 
2EW 0.24 0.25 
INS 0.21 0.18 
2NS 0.13 0.11 
ITors -- EWSCT 0.25 0.27 
NSSCT 0.17 0.14 
Maximum Displacement (m) 1 
Roor - EW 0.653 (0.018H) 0.146 (0.0040H) 
NS 0.150 (0.0041H) 0.056 (0.0015H) 
Floor 5 - EW 0.398 0.081 
NS 0.101 0.032 
founc1ation - EW 0.013 0.0083 
NS 0.0043 0.0044 
Maximum 8.u« Shear (kN)2 
EW 10600 (0.48W) 6480 (0.27W) 
NS 3820 (0.17W) 3680 (0.15W) 
Maximum ~muuing Moment (kN-m) 
EW 260000 143800 
NS 91400 88500 
1 Valuft Ul ,.,...tbnCS are the maximum roof displacements expressed as mean drifts 
(H • )6 •• 1 
2 V &lues Us ,. .... tbncs are the maximum base shears expressed as a decimal fraction of total 
bu.ild.iIl .... ,,,;lu abcwc foundation slab (Wori,inal = 22040 kN, Wretrofit = 23912 kN) 
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Table 8.2 Results of Time History Analyses Examining Effect of Connection Stiffness on Dynamic Response of Flexiblle Based, 
Newly Retrofit Durango Building Model Subject to the 1985 SeT EW Record (~i = ~iFVT) 
Connection Modulus of Elasticity 
1/500xENewly Retroflt l !1I50XENewIY Retrofit1 ! lxENewly Retrofit l I 500xENewly Retrofit1 
Computed Period (sec) 
lEW 1.249 1.207 1.196 1.19~i I 
2EW 0.346 0.317 0.309 0.30S1 
INS 0.968 0.961 0.958 0.958 
I 2NS 0.255 0.254 0.254 0.25~1 
ITors 0.575 0.541 0.532 0.532 
Peak Spectral Acceleration (g) 
lEW 0.32 0.31 0.31 0.31 
2EW 0.24 0.25 0.25 0.25 
1 Tors -- EW SCT 0.28 0.27 0.27 0.27 
Maximum Displacement (m)l 
Roof -- EW 0.147 0.148 0.146 0.146 
Floor 5 -- EW 0.079 0.081 0.081 0.08:1 
Foundation -- EW 0.0072 0.0081 0.0083 0.00133 
Maximum Base Shear (JcN)3 
EW 5720 (0.24W) 6400 (0. 27W) 6480 (0.27W) 6480 (0.27W) 
Maximum Overturning Moment (kN-In) 
EW 132400 142800 143800 143800 
Braced Frame Shear Force (kN)4 
Basement Story 4430 (77.4%) 5170 (80.7%) 5300 (81.8%) 5300 (81.8%) 
PB Story 4430 (77.4%) 5170 (80.7%) 5300 (81.8%~ 5300 (81..8%) 
Story 1 4060 (71.0%) 4560 (71.3%) 4440 (68.6% 4430 (6~1.4%) 
-~-
1 Modulus of elasticity for connections of Newly Retrofit model E = 200000MPa 
2 Values In parentheses are the maximum roof displacements expressed as mean drifts (H = 36.4m) 
3 Values in parentheses are the maximum base shears expressed as a decimal fraction of total building weight above foundation slab (Wretroflt = 23912 leN) 
4 Values in parentheses are the braced frame story shears expressed as a percentage of total EW base shear 
Table 8.3 Results of Time History Analyses Examining Effect of Foundation Flexibility on Dynamic Response of Durango Building Models 
Original Post-85 Newly Retrofit 
fl = 0.05. t 979 SeT Records tl = fIPVT. 1985 SeT Records fl = tlFvT, 1985 SeT Records 
Fixed Base Flexible Base 1 Fixed Base Flexible Base 1 Fixed Base Flexible Base 1 
(KFVT Springs) (KFVT Springs) (KFVT Springs) 
Computed Period (sec) 
lEW 1.399 1.644 0.890 1.272 0.780 1.196 
2EW 0.487 0.502 0.359 0.390 0.264 0.309 
INS 1.095 1.302 0.670 0.986 0.627 0.958 
2NS 0.357 0.376 0.249 0.258 0.184 0.254 
1 Tors 0.961 0.989 0.535 0.604 0.446 0.532 
Peak Spectral Acceleration (g) 
lEW 0.077 0.080 0.28 0.32 0.33 0.31 
2EW 0.062 0.060 0.23 0.22 0.22 0.25 
INS 0.079 0.090 0.18 0.19 0.16 0.18 
2NS 0.049 0.047 0.11 0.11 0.11 0.11 
1 Tors --EW SCT 0.065 0.066 0.27 0.27 0.23 0.27 
NS SCT 0.072 0.067 0.14 0.15 0.14 0.14 
..... 
Max Displacement (m)2 
.t>- Roof -- EW 0.050 (0.0014H) 0.068 (0.0019H) 0.072 (0.0020H) 0.161 (0.0044H) 0.068 (0.0019H) 0.146 (0.0040H) 
.....:] NS 0.030 (0.0008H) 0.050 (0.0014H) 0.026 (0.0007H) 0.060 (0.0016H) 0.020 (0.0005H) 0.056 (0.0015H) 
Floor 5 -- EW 0.028 0.039 0.041 0.090 0.035 0.081 
NS 0.017 0.028 0.015 0.035 0.012 10.032 
Foundation --EW 0.0 0.0017 0.0 0.0076 0.0 0.0083 
NS 0.0 0.0018 0.0 0.0045 0.0 0.0044 
Base Motion Contributions to 
Roof Dlsplacement3 
EW-- Base Translation 0% 2.5% 0% 4.7% 0% 5.6% 
Base Rocking 0% 25.0% 0% 42.3% 0% 47.6% 
NS -- Base Translation 0% 3.6% 0% 7.5% 0% 7.8% 
Base Rocking 0% 26.3% 0% 47.4% 0% 49.8% 
Max Base Shear (kN)3 
EW 1330 (0.060W) 1420 (0.06SW) I 5720 (0.24W) 6170 (0.26W) I 6100 (0.26W) 6480 (0.27W) 
NS 1360 (0.062W) 1600 (0.073W) 3300 (0. 14W) 3800 (0. 16W) 3130 (0. 13W) 3680 (O.15W) 
Max Overturning Moment (kN-m) 
EW 34300 33900 130000 141300 155000 143800 
NS 33100 40200 84500 89900 72100 88500 
See Figure 4.6 for KFVJ' Sprln'l 
1 Values In parentheses are the maximum roof displacements expressed as mean drifts (H = 36.4m) 
3 Values in parentheses are the maximum base shears expressed as a decimal fraction of total building weight above foundation slab (Worl,lna. = 22040 kN t 
(Wretroflt = 23912 tN) 
Table 8.4 Comparison of Planar Response Spectrum vs. 3D Time History 
Transverse (EW) Response Values 
Roof Displacement Floor 5 Displacement Base Shear! 
Model (mm) (nun) 
Base Motion, Response 3D Time Response 3D Time Response 
Damping Spectrum2 History Spectrum2 History Spectrum 2 
Original 69 68 38 39 O.063W 
1979 SCT, 5% 
Post-79 125 123 75 75 0.091W 
1979 SCT, 5% 
Post-79 642 653 383 398 0.47W 
1985 SCT, 10% 
Newly Retrofit 156 146 82 81 0.26W 
1985 SCT, FVT 
Post-85 179 161 96 90 0.26W 
1985 SCT, FVT 
1 Base shears expressed as decimal fraction of total building weight above foundation slab 
(Wori&inal = 22040 kN, Wretrofil = 23912 kN) 
Z Values for first and second modes combined using SRSS 
Table 8.5 Comparison of 3D SRSS and CQC Response Spectrum 
Transverse (EW) Response Values 
3D Time 
History 
0.065W 
0.091W 
O.48W 
0.27W 
0.26W 
Model Roof Displacement Floor 5 Displacement Base Shear1 
Base Motion, (mm) (mm) 
Damping SRSS , CQC SRSS I CQC SRSS 
Original 70 70 39 39 0.063W 
1979 SeT, 5% 
Post-79 124 123 75 75 0.092W 
1979 SCT, 5% 
Post-79 636 633 383 383 0.47W 
1985 SCT, 10% 
Newly Retrofit 156 156 82 82 O.27W 
1985 SCT, FVT 
Post-85 179 179 96 96 O.27W 
1985 SCT, FVT 
1 Base shears expressed as decimal fraction of total building weight above foundation siab 
(WoriPnal = 22040 kN, Wretrofit = 23912 kN) 
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I CQC 
0.063W 
O.092W 
0.47W 
O.27W 
0.27W 
I-' 
,J::.. 
\0 
Table 8.6 Results of Time History Analyses Examining Effect of Stiffness Degradation and Increased Energy Absorption 
Capability on Dynamic Response of Retrofit Durango Building Model Subject to the 1985 SeT Records 
Flexible Based Model 
Newly Retrofit Post-85 Post-85 
Ei = EIFVT ~i = ~iFVT ~i = 2(tiFVT) 
Computed Period (sec) 
lEW 1.196 1.272 1.272 
2EW 0.309 0.390 0.390 
lNS 0.958 0.986 0.986 
2NS 0.254 0.258 0.258 
ITon 0.532 0.604 0.604 
Peak Spectral Accelerallon (8) 
lEW 0.31 0.32 0.29 
2EW 0.25 0.22 0.21 
INS 0.18 0.19 0.16 
2NS 0.11 0.11 0.11 
ITors --EW SCT 0.27 0.27 0.24 
NS SCT 0.14 0.15 0.14 
Maximum Displacement (m) 1 
Roof -- EW 0.146 (0.0040H) 0.161 (0.0044H) 0.153 (0.0042H) 
NS 0.056 (O.OOlSH) 0.060 (0.0016H) 0.053 (0.0015H) 
Floor 5 -- EW 0.081 0.090 0.087 
NS 0.032 0.035 0.031 
Foundation -- EW 0.0083 0.0076 0.0075 
NS 0.0044 0.0045 0.0041 
Maximum Base Shear (kN)2 
EW 6480 (0.27W) 6170 (0.26W) 6080 (0.25W) 
NS 3680 (0.15W) 3800 (0.16W) 3420 (0.14W) 
Maximum Overturning Moment (kN-m) 
EW 143800 141300 134800 
NS 88500 89900 80100 
Maximum Axial Brace Forces 
Two-Story Diagonal Braces--
Compression (kN ) 2710 2050 2020 
Tension (kN) 2350 2000 1950 
Diagonal Braces of Stories 1-7 --
Compression (kN) 751 660 651 
Tension (kN) 598 638 616 
Diagonal Braces of Stories 8-10 --
Compression (kN) 256 237 209 
Tension (kN) 228 251 223 
1 Values In parentheses are the maximum roof displacements expressed as mean drifts (H = 36.4m) 
2 Values in parentheses are the maximum base shears expressed as a decimal fraction of total building weight above foundation slab 
(Wretrofh = 23912 kN) 
I 
I 
Table 8.7 Results of Time History Analyses Examining Effect of Different Ground 
Motions on Dynamic Response of Flexible Based, Newly Retrofit Durango 
Building Model (~i = ~iFVT) 
1985 scr1 
Computed Period (sec) 
lEW 1.196 
2EW 0.309 
INS 0.958 
2NS 0.254 
1 Tors 0.532 
Peak Spectral Acceleration (g) 
lEW 0.31 
2EW 0.25 
INS 0.18 
2NS 0.11 
ITors - EW Motion 0.27 
NS Motion 0.14 
Maximum Displacement (m)4 
Roof -- EW 0.146 (0.0040H) 
NS 0.056 (0.0015H) 
Floor S- Ew 0.081 
NS 0.032 
Foundation -- EW 0.0083 
NS 0.0044 
Maximum Base Shear (kN) S 
EW 6480 (0.27W) 
NS 3680 (O.ISW) 
Maximum Ovenuming Moment (kN-m) 
EW 143800 
NS 88500 
Maximum Axial Brace Forces 
Two-Story Diagonal Braces -
Compression (kN) 2710 
Tension (kN) 2350 
Diagonal Braces of Stories 1-7 --
Compression (kN) 751 
Tension (kN) 598 
Diagonal Braces of Stories 8-10 --
Compression (kN) 256 
Tension (kN) 228 
1 For discussion of 1985 SCT Ground Motions, see Section 7.3 
l For discussion of 1985 D-CUMV Ground Motions, see Section 7.4.1 
3 For discussion of 1985 D-SCT Ground Motions, see Section 7.4.2 
Ground Motion 
I 1985 D-CUMV2 
1.196 
0.309 
0.958 
0.254 
0.532 
0.22 
0.11 
0.23 
0.11 
0.15 
0.14 
0.113 (0.OO31H) 
0.070 (0.OOI9H) 
0.060 
0.039 
0.0054 
0.0051 
4410 (0.18W) 
4430 (0.19W) 
111200 
111900 
1930 
1620 
596 
424 
227 
200 
4 Values in parentheses are the maximum roof displacements expressed as mean drifts (H = 36.4m) 
I 1985 D-SCT3 
1.196 
0.309 
0.958 
0.254 
0.532 
0.44 
0.28 
0.36 
0.15 
0.40 
0.18 
0.219 (0.0060H) 
0.111 (0.0031H) 
0.119 
0.063 
0.011 
0.0084 
9160 (0.38W) 
7180 (0.30W) 
215700 
177800 
3790 
3440 
1040 
893 
362 
342 
5 Values in parentheses are the maximum base shears expressed as a decimal fraction of total building weight above 
foundation slab (W = 23912 kN) 
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Table 8.8 Results of Time History Analyses Examining Effect of Different 
Ground Motions on Dynamic Response of Flexible Based, Original 
Durango Building Model (£i = 0.05) 
Ground Motion 
1979 seTl I 1979 D-Scr2 
Computed Period (sec) 
lEW 1.644 1.644 
2EW 0.502 0.502 
INS 1.302 1.302 
2NS 0.376 0.376 
ITors 0.989 0.989 
5% Peak Spectral Acceleration (g) 
lEW 0.080 0.085 
2EW 0.060 0.090 
INS 0.090 0.10 
2NS 0.047 0.065 
ITors -EW Motion 0.066 0.15 
NS Motion 0.067 0.16 
Maximum Displacement (m)3 
Roof- EW 0.068 (0.0019H) 0.074 (0.0020H) 
NS 0.050 (0.0014H) 0.056 (0.0015H) 
Floor 5- EW 0.039 0.043 
NS 0.028 0.030 
Foundation - EW 0.0017 0.0019 
NS 0.0018 0.0019 
Maximum Base Shear (kN)" 
EW 1420 (0.06SW) 1550 (0.071W) 
NS 1600 (0.073W) 1670 (0.076W) 
Maximum Overturning Moment (kN-m) 
EW 33900 37150 
NS 40200 44200 
1 For discussion of 1979 SCT Ground Motions, see Section 7.3 
2 For discussion of 1979 D-SCT Ground Motions, see Section 7.4.2. 
3 Values in parentheses are the maximum roof displacements expressed as mean drifts (H = 36.4m) 
.. Values in parentheses are the maximum base shears expressed as a decimal fraction of total building 
weight above foundation slab (W = 22040 kN) 
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Table 9.1 Results of Time History Analyses Examining Effect of Retrofit Elements 
on Dynamic Response of Flexible Based, Park Espana Building Model 
Subject to 1985 SCT EW and NS Records 
Post-79 Newly Retrofit 
fi = 0.10 fi = SiFVT 
Computed Period (sec) 
lEW 1.34 0.795 
2EW 0.464 0.251 
INS 1.48 1.04 
2NS 0.482 0.304 
ITors 1.19 0.515 
Peak Spectral Acceleration (g) 
lEW 0.28 0.26 
2EW 0.21 0.19 
INS 0.18 0.19 
2NS 0.13 0.13 
ITors -- EW SCT 0.25 0.31 
NSSCT 0.18 0.15 
Maximum Displacement (m) 1 
Roof -- EW 0.197 (0.0082H) 0.052 (0.0022H) 
NS 0.138 (0.0058H) 0.066 (0.0028H) 
Floor 4 - EW 0.079 0.026 
NS 0.058 0.031 
Foundation -- EW 0.0089 0.0084 
NS 0.0053 0.0058 
Maximum Base Shear (kN)2. 
EW 3610 (0.24W) 3390 (0.22W) 
NS 2280 (O.ISW) 2360 (0. 15W) 
Maximum Overturning Moment (kN-m) 
EW 58100 55800 
NS 37700 36000 
Number of TImes Axial Force of Column A-3 of 
Story 2 Exceeds Ultimate Tensile Capacity 0 1 
1 Values in parentheses are the maximum roof displacements expressed as mean drifts (H = 23.9m) 
2. Values in parentheses are the maximum base shears expressed as a decimal fraction of total building 
weight above foundation slab (Worilinal = 14803 kN, Wretrofit = 15272 kN) 
- ~:. ' : :. ...- ~ 4. ~ 
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Table 9.2 Results of Time History Analyses Examining Effect of Foundation Flexibility 
on Dynamic Response of Original Park Espana Building Model Subject to 
1979 scr EW and NS Records (Gi = 0.05) 
Fixed Base Flexible Base 1 
(K FVT Springs) 
Computed Period (sec) 
lEW 1.15 1.33 
2EW 0.411 0.440 
INS 0.974 1.15 
2NS 0.340 0.373 
1Tors 0.810 0.877 
5% Peak Spectral Acceleration (g) 
lEW 0.065 0.082 
2EW 0.055 0.070 
INS 0.070 0.092 
2NS 0.045 0.049 
1Tors -- EWSCT 0.080 0.070 
NS SCT 0.090 0.095 
Maximum Displacement (m)2 
Roof -- EW 0.038 (0.0016H) 0.054 (0.0023H) 
NS 0.025 (O.OOllH) 0.051 (0.0021H) 
Floor 4- EW 0.014 0.023 
NS 0.011 0.024 
Foundation - EW 0.0 0.0025 
NS 0.0 0.0027 
Base Motion Contnoutions to Roof Displacement3 
EW- Base Translation 0% 4.6% 
Base Rocking 0% 16.0% 
NS- Base Translation 0% 5.3% 
Base Rocking 0% 23.9% 
Maximum Base Shear (kN)3 
EW 743 (0.050W) 993 (0.067W) 
NS 840 (0.057W) 1170 (0.079W) 
Maximum Overturning Moment (kN-m) 
EW 13300 . 16300 
NS 14100 19600 
Number of Times Axial Force of Column A-3 of 
Story 2 Exceeds Ultimate Tensile Capacity 0 0 
1 See Figure S. 10 for KfVr Sprinp 
l Values in parentheses are the maximum roof displacements expressed as mean drifts (H = 23.9m) 
3 Values in parentheses are the maximum base shears expressed as a decimal fraction of total building weight 
above foundation slab (W orilinal = 14803 kN) 
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Table 9.3 Results of Time History Analyses Examining Effect of Foundation Flexibility 
on Dynamic Response of Newly Retrofit Park Espana Building Model Subject 
to 1985 SCT EW and NS Records (~i = ~iFVT) 
Fixed Base Flexible Base 1 
(KFVT Springs) 
Computed Period (sec) 
lEW 0.498 0.795 
2EW 0.153 0.251 
INS 0.778 1.04 
2NS 0.246 0.304 
1 Tors 0.378 0.515 
Peak Spectral Acceleration (g) 
lEW 0.25 0.26 
2EW 0.17 0.19 
INS 0.17 0.19 
2NS 0.11 0.13 
ITors -EW SCT 0.24 0.31 
NS SCT 0.14 0.15 
Maximum Displacement (m) 1 
Roof -- EW 0.014 (0.0006H) 0.052 (0.0022H) 
NS 0.034 (0.0014H) 0.066 (0.0028H) 
Floor .. - EW 0.0052 0.026 
NS 0.013 0.031 
Foundation -- EW 0.0 0.0084 
NS 0.0 0.0058 
Base Motion ContnDutions to Roof Displacement3 
EW- Base Translation 0% 16.1% 
Base Rocking 0% 53.0% 
NS- Base Translation 0% 8.8% 
Base Rocking 0% 35.2% 
Maximum SaM Shear (kN)2 
EW 2770 (0. 18W) 3390 (0.22W) 
NS 2020 (0.13W) 2360 (O.lSW) 
Maximum o..1'NI'DJnl Moment (kN-m) 
EW 45400 55800 
NS 32900 . 36000 
Numb«r ot TUDft Axi&l Force of Column A-3 of 
Story 2 u,"4, l"ltlmalt Tensile Capacity 0 1 
1 See FiFUC , 10 for ~1'V1' Sprinp 
2 Values Ul "~BtMwt an the maximum roof displacements expressed as mean drifts (H = 23.9m) 
3 Values tis ,.,.fttM~ an the maximum base shears expressed as a decimal fraction of total building weight 
above foua4.auoe ~b ~'Nlro[it = 15272 kN) 
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Table 9.4 
Computed Pelrlo 
Peale Spectral A 
Maximum Dlsp 
Roof _ .• 
Floor 4 -
Foundsltio 
Base Motion C( 
EW --
NS --
Maximum Bllse 
Maximum Ovel 
Number of Tbrl 
Story 2 Exceed!1 
Results of Time History Analyses Examining Effect of Foundation Flexibility on Dynamic Response of Post-85 Park 
Espana Building Model Subject to 1985 seT EW and NS Records (~i = fiFVT) 
Fixed Base Flexible Base 1 Flexible Base 1 Flexible Base 1 
(KFVT Springs) (O.5KFVT Springs) (O.25KFVT Springs) 
:I (sec) 
lEW 0.702 0.936 1.12 1.43 
2EW 0.223 0.285 0.349 0.453 
INS 0.898 1.14 1.34 1.68 
2NS 0.296 0.343 0.391 0.478 
ITon 0.611 0.681 0.746 0.870 
cceleratlon (g) 
lEW 0.31 0.23 0.27 0.34 
2EW O. IS 0.21 0.21 0.20 
INS 0.20 0.20 0.21 0.37 
2NS 0.12 0.13 0.12 0.13 
1 Tors -- EW SCT 0.28 0.34 0.39 0.25 
NS SCT 0.16 0.22 O.lS 0.19 
acement (m)l 
EW 0.043 (0.0018H) 0.072 (0.0030H) 0.113 (0.0047H) 0.267 (0.0112H) 
NS 0.052 (0.0022H) 0.096 (0.0040H) 0.137 (0.00S7H) 0.325 (0.0136H) 
I 
EW O.OlS 0.037 0.061 0.145 
NS 0.019 0.041 0.064 0.160 
n -- EW 0.0 0.0082 O.OlS 0.049 
NS 0.0 0.006S 0.015 0.042 
>ntrlbutions to Roof Displacement) 
Base Translation 0% 11.4% 16.3% lS.3% 
Base Rocking 0% 3S.4% 47.6% 59.S% 
Base Translation 0% 6.8% 10.6% 12.9% I 
Base Roctlng 0% 30.6% 43.1% 57.4% I 
Shear (leN)4 
EW 3300 (0.22W) 32S0 (0.21W') 35S0 (0.23W) 4770 (0.31W) 
NS 2360 (O.lSW) 26S0 (O.lSW) 3000 (0.20W) 4280 (0.2SW) 
turning Moment (kN-m) 
EW S8300 49600 52800 76600 
NS 39S00 43600 47700 69500 
es AxIal Force of Column A-3 of 
Ultimate Tensile Capacity 0 0 0 8 
----
..... 
V\ 
0\ 
Table 9 ..4 (Cont.) Results of Time History Analyses Examining Effect of Foundation Flexibility on Dynamic Response of Post-85 
Park Espana Building Model Subject to 1985 SeT EW and NS Records (~i = ~iFVT) 
Fixed Base Flexible Base 1 
(KFVT Springs) 
Maximum B :race Forces 
Stories PB, 1 or 2 --
Compression (kN) 385 414 
Tension (kN) 230 267 
Stories 3, 4 or 5 --
Compression (kN) 152 150 
Tension (kN) 125 125 
Stories 6. 7 or 8 --
Compression (kN) 83.9 89.1 
Tension (kN) 70.6 77.4 
--.-----------~ -
1 See Fig. S.10 for KFVT Sprln'l 
2 Values in I'uentheses are the maximum roof displacements expressed as mean drifts (H = 23.9m) 
3 Values are expressed as a percentage of the total EW INS roof displacement. 
Flexible Base 1 
(O.5KFVT Springs) 
455 
291 
164 
134 
93.7 
81.5 
Flexible Base 1 
(O.25KFVT Springs) 
605 
462 
226 
203 
139 
127 
4 Values in I,uentheses are the maximum base shears expressed as a decimal fraction of total building weight above foundation slab (W retrofit = 15272 kN) 
--
Table 9.S 
Model 
Base Motion, 
Damping 
Original 
1979 SCT, S% 
Post-79 
1979 SCT, S% 
Post-79 
1985 SCT, 10% 
Newly Retrofit 
1985 SCT i FVT 
Post-85 
1985 SCT, FVT 
Comparison of Planar Response Spectrum vs. 3D Time History 
Transverse (NS) Response Values 
Roof Displacement Floor 4 Displacement Base Shear1 
(nun) (mm) 
Response 3D Time Response 3D Time Response 3D Time 
Spectrum2 History Spectrum2 History Spectrum2 History 
38 SI 18 24 0.069W 0.079W 
94 83 37 33 0.09SW 0.086W 
144 138 57 58 O.ISW 0.15W 
76 66 33 31 0.16W O.ISW 
89 96 37 41 0.16W 0.18W 
1 Base shears expressed as decimal fraction of total building weight above foundation slab (Woriginal = 14803 kN, 
Wretrofit = 15272 kN) 
2 Values for first and second modes combined using SRSS 
Table 9.6 Comparison of 3D SRSS and CQC Response Spectrum 
Transverse (NS) Response Values 
Model Roof Displacement Floor 4 Displacement Base Shear l 
Base Motion, (mm) (mm) 
Damping SRSS J CQC SRSS I CQC SRSS I CQC 
Original 33 38 15 18 0.053W 0.060W 
1979 SCT. , .. 
Post-79 79 68 31 ·27 0.083W 0.070W 
1979 SCT. " 
Post-79 1)6 102 55 41 O.ISW O.l1W 
1985 SCT. l~ 
New]y R~trorJl 73 72 32 32 0.16W 0.16W 
1985 SCT. FVT 
Post-!' .. 81 35 34 O.16W O.ISW 
1985 SCT. FVT 
1 Base shears CX'J'"'UM as acim&l fraction of total building weight above foundation slab (Woriginal = 14803 kN. 
Wretront = 1.5272 tN) 
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Table 9.7 Results of Time History Analyses Examining Effect of Stiffness Degradation and Increased Energy Absorption Capability 
on Dynamic Response of Retrofit Park Espana Building Model Subject to 1985 SeT EW and NS Records 
Flexible Based Model 
Newly Retrofit Post-8S Post-8S Post-8S 
EI = EIFVT EI = f,IFVT Ei = 0.10 Ei = 0.20 
Computed Period (sec) 
lEW 0.795 0.9:36 0.936 0.936 
2EW 0.251 0.2135 0.285 0.285 
INS 1.04 1.14 1.14 1.14 
2NS 0.304 0.343 0.343 0.343 
ITolrS 0.515 0.681 0.681 0.681 
Peak Spectral Acceleration (g) 
lEW 0.26 0.2:3 0.22 0.21 
2E\V 0.19 0.21 0.21 0.19 
I INS 0.19 0.20 0.18 0.17 
2NS 0.13 0.1.3 0.12 0.11 
ITors --EW SCT 0.31 0.3·4 0.24 0.19 
NS SCT 0.15 0.2:Z 0.15 0.13 
Maximum Disphlcement (m) 1 
Roof -- EW 0.052 (0.0022H) 0.072 (O.0030H) 0.066 (0.0028H) 0.062 (0.0026H) 
NS 0.066 (0.0028H) 0.096 (O.0040H) 0.078 (0.0033H) 0.068 (0.0029H) 
Floor" -- EW 0.026 0.037 0.034 0.032 
NS 0.031 0.041 0.034 0.030 
Foundation -- EW 0.0084 0.0082 0.0078 0.0074 
NS 0.0058 0.0065 0.0054 0.0048 
Maximum Base Shear (kN)2 
EW 3390 (0.22W) 3250 (0.21W) 3080 (0.20W) 2920 (0.19W) 
NS 2360 (0.15W) 2680 (0.18W) 2220 (0.15W) 1970 (O.13W) 
Maximum Overturning Moment (kN-m) 
EW 55800 49600 46800 43800 
NS 36000 43600 35200 30800 
Number of Times AxIal Force of Column A-3 of 
Story 2 Exceeds Ultimate Tensile Capacity 1 0 0 0 
Int.) Table 9.7 (COl Results of Time History Analyses Examining Effect of Stiffness Degradation and Increased Energy Absorption Capability 
on Dynamic Response of Retrofit Park Espana Building Model Subject to 1985 SCT EW and NS Records 
Flexible Based Model 
Newly Retrofit Post-85 Post-85 Post-85 
tl = tiFvT tl = tlFvT ti = 0.10 ti = 0.20 
Maximum Bl'ac e Forces 
Stories PB, 1 or 2 --
Compression (tN) 347 414 357 326 
Tension (kN) 204 267 216 188 
Stories 3, 4 or 5 --
Compression (tN) 273 150 124 ttl 
Tension (kN) 180 125 99.4 86.3 
Stories 6, 7 or 8 --
Compression (tN) 160 89.1 71.6 62.4 
Tension (kN) tt6 77.4 60.3 S1.7 
ried by PB Story Braces (kN) 1000 (42%) 456 (17%) 377 (17%) 337 (17%) 
--~ .. ---.-.------- --~ ... ----
~ Base Shear ea 
\0 
1 Values in par'lmtheses are the maximum roof displacements expressed as mean drifts (H = 23.9m) 
Z Values in puen1.heses are the maximum base shears expressed as a decimal fraction of total building weight above foundation slab (Wretroflt = 15272 kN) 
...... 
0\ 
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Table 9.8 Results of Time History Analyses Examining Effect of Cracked Column Stiffnesses on Dynamic Response 
of Retrofit Park Espana Building Model Subject to 1985 SCT EW and NS Records 
Flexible Based Model 
Newly Retrofit, Post-85, 
Newly Retrofit Cracked Columns Post-85 Cracked Columns 
EI = EIFVT EI = 0.10 Ei = 0.10 Ei = 0.10 
Computed Period (sec) 
lEW 0.795 0.854 0.936 1.00 
2EW 0.251 0.268 0.285 0.304 
INS 1.04 1.14 1.14 1.25 
2NS 0.304 0.330 0.343 0.376 
ITors 0.515 0.555 0.681 0.734 
Peak Spectral Acceleration (g) 
. 
lEW 0.26 0.22 0.22 0.22 
2EW 0.19 0.20 0.21 0.22 
INS 0.19 0.18 0.18 0.18 
2NS 0.13 0.13 0.12 0.12 
ITors --EW SCT 0.31 0.24 0.24 0.25 
NSSCT 0.15 0.13 0.15 0.15 
Maximum Displacement (m) 1 
Roof -- EW 0.052 (0.0022H) 0.051 (0.0021H) 0.066 (0.0028H) 0.076 (0.0032H) 
NS 0.066 (0.0028H) 0.081 (0.0034H) 0.078 (0.0033H) 0.090 (0.0038H) 
Floor 4 -- EW 0.026 0.025 0.034 0.038 
NS 0.031 0.035 0.034 0.038 
Foundation -- EW 0.0084 0.0076 0.0078 0.0080 
NS 0.0058 0.0055 0.0054 0.0052 
Maximum Base Shear (kN)2 
EW 3390 (0.22W) 2980 (0.20W) 3080 (0.20W) 3150 (0.21W) 
NS 2360 (0.15W) 2260 (0.15W) 2220 (0.15W) 2140 (0.14W) 
Maximum Overturning Moment (kN-m) 
EW 55800 45400 46800 46400 
NS 36000 35500 35200 33400 
Number of Times Axial Force of Column A-3 of 
Story 2 Exceeds Ultimate Tensile Capacity 1 0 0 0 
..... 
0\ 
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Table 9.8 (Cont.) Results of Time History Analyses Examining Effect of Cracked Column Stiffnesses on Dynamic Response 
I of Retrofit Park Espafia Building Model Subject to 1985 SCT EW and NS Records 
Flexible Based Model 
Newly Retrofit, Post-S5, 
Newly Retrofit Cracked Columns Post-8S Cracked Columns 
ti = tlFVT ti = 0.10 ti = 0.10 ti :: 0.10 
Maximum Brace Forces 
Stories PB I 1 or 2 --
Compression (kN) 347 411 357 408 
Tension (kN) 204 202 216 212 
Stories 3, 4 or 5 --
Compression (kN) 273 306 124 145 
Tension (kN) 180 183 99.4 11()7 
Stories 6, 7 or 8 --
Compression (kN) 160 167 71.6 80.1 
Tension (kN) 116 118 60.3 63.9 
'---_ Base Shear Carned by PB Story Braces (kN) 1000 (42%) 1110 (49%) 377 (17%) 460 (21.5%} 
1 Values in parentheses are the maximum roof displacements expressed as mean drifts (H = 23.9m) 
2 Values in parentheses are the maximum base shears expressed as a decimal fraction of total building weight above foundation slab (Wretroflt = 15272 kN) 
Table 9.9 Results of Time History Analyses Examining Effect of Different Ground 
Motions on Dynamic Response of Flexible Based, Newly Retrofit Park 
Espana Building Model (Gi = GiFVT) 
Ground Motion 
1985 scr1 11985 PE-CUMy2 11985 PE-SCT3 
Computed Period (sec) 
lEW 0.795 
2EW 0.251 
INS 1.04 
2NS 0.304 
1 Tors 0.515 
Peak Spectral Acceleration (g) 
lEW 0.26 
2EW 0.19 
INS 0.19 
2NS 0.13 
1 Tors - EW Motion 0.31 
NS Motion 0.15 
Maximum Displacement (m)4 
Roof -- EW 0.052 (0.0022H) 
NS 0.066 (0.0028H) 
Floor 4 -- EW 0.026 
NS 0.031 
Foundation -- EW 0.0084 
NS 0.0058 
Maximum Base Shear (kN)5 
EW 3390 (0.22W) 
NS 2360 (0.15W) 
Maximum Overturning Moment (kN-m) 
EW 55800 
NS 36000 
Number of Times Axial Force of Column A-3 
of Story 2 Exceeds Ultimate Tensile Capacity 1 
M~um Brace Forces 
Stories PB, 1 or 2 --
Compression (kN) 347 
Tension (kN) 204 
Stories 3, 4 or 5 --
Compression (kN) 273 
Tension (kN) 180 
Stories 6, 7 or 8 -
Compression (kN) 160 
Tension (kN) H6 
1 For discussion of 1985 SCT Ground Motions, see Section 7.3 
2 For discussion of 1985 PE-CUMV Ground Motions, see Section 7.4.1 
3 For discussion of 1985 PE-SCT Ground Motions, see Section 7.4.2 
0.795 0.795 
0.251 0.251 
1.04 1.04 
0.304 0.304 
0.515 0.515 
0.15 0.27 
0.12 0.17 
0.21 0.19 
0.13 0.14 
0.18 0.34 
0.18 0.13 
0.036 (0.0015H) 0.052 (0.0022H) 
0.101 (0.0042H) 0.071 (0.0030H) 
0.018 0.026 
0.046 0.032 
0.0057 0.0083 
0.0085 0.0061 
2250 (O.lSW) 3360 (0.22W) 
3500 (0.23W) 2570 (0.17W) 
34850 56700 
55600 41700 
1 1 
469 416 
345 267 
377 335 
297 230 
220 191 
189 lAA .... 
4 Values in parentheses are the maximum roof displacements expressed as mean drifts (H = 23.9m) 
5 Values in parentheses are the maximum base shears expressed as a decimal fraction of total building weight above 
foundation slab (W = 15272 kN) 
162 
Table 9.10 Results of Time History Analyses Examining Effect of Different 
Ground Motions on Dynamic Response of Flexible Based, Original 
Park Espana Building Model (~i = 0.05) 
Ground Motion 
1979 scr1 I 1979 PE-SCT2 
Computed Period (sec) 
lEW 1.33 1.33 
2EW 0.440 0.440 
INS 1.15 1.15 
2NS 0.373 0.373 
1 Tors 0.877 0.877 
S% Peak Spectral Acceleration (g) 
lEW 0.082 0.140 
2EW 0.070 0.085 
INS 0.092 0.155 
2NS 0.049 0.066 
ITors -- EW Motion 0.070 0.090 
NS Motion 0.095 0.130 
Maximum Displacement (m)3 
Roof -- EW 0.054 (0.0023H) 0.120 (0.0050H) 
NS 0.051 (0.0021H) 0.096 (0.0040H) 
Floor 4- EW 0.023 0.049 
NS 0.024 0.044 
Foundation -- EW 0.0025 0.0051 
NS 0.0027 0.0048 
Maximum Base Shear (kN) 4 
EW 990 (0.067W) 2100 (0. 14W) 
NS 1170 (0.079W) 2040 (0.14W) 
Maximum Overturning Moment (kN-m) 
EW 16300 36000 
NS 19600 34000 
Number of Times Axial Force of Column A-3 
of Story 2 Exceeds Ultimate Tensile Capacity 0 0 
1 For discussion of 1979 SCT Ground Motions, see Section 7.3 
2 For discussion of 1979 PE-SCT Ground Motions, see Section 7.4.2 
3 Vaiues in parentheses are the maximum roof displacements expressed as mean drifts (H = 23.9m) 
... Values in parentheses are the maximum base shears expressed as a decimal fraction of total building 
weight above foundation slab (W = 14803 kN) 
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FIGURES 
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Fig. 1.1 Photograph of the Retrofit Durango Building 
165 
...... 
0'1 
0'1 
.-
....... < 
• ! 
}:~' 
.) 
(a) Front View Showing Limited Interstice 
Between Adjacent Buildings 
(b) Rear View Showing Interior Diagonal 
Steel Cross-Br?cings 
Fig. 1.2 Photographs of the Retrofit Park Espana Building 
Fig. 2. J 
__ - .Heavy damQ;Je zone 
e Loco lions of stronQ -motion 
o cceleroQ ro,phs 
. - - -. 
Cotos • • ft m 
Mexico City Map Showing Building Locations. 1985 Earthquake Area of Heaviest 
Dal1l~ge, tltlc.l Deplh of Soft Soil Contours (After Romo. et a1. 1987; Resendiz, 
et al. 1970) 
167 
0-
cp cp qJ cp cp 
4.775 
@-
----T-i , -----_. 
I I I 
7.125 I I I 
I I I 
@- I I I 
I. • 1. • 1 • .1 • J 6.15 4.00 4.60 6.15 
Dimensions in meters 
--.N 
Fig. 2.2 Typical Floor Plan for the Durango Building Prior to Retrofit 
168 
, 
,Roof 
--------------
J10th 
9th 
--------------
J 
8th 
--------------
J 
7th 
--------------
J 
6th 
--------------
J 
I 5th 
--------------
J 
Typical 4th Story Height 
--------------
J 
• I 
170 I 3rd 
, .35 
--------------
J 
2nd I 
.J 
--------------
1 st 
--------------
J 
I I 
, PB 
- -
.- /' / I I '" ·~~·"B's~fu'~'t 
_J 11 11 Jl~ I 
.. 
11.90 
Dimensions in meters 
.. I 
1 1 ~ 3.05 = 33.55 
1.35 
1.50 
2.12 
Fig. 2.3 Elevation of the Durango Building Prior to Retrofit (Frame 5) 
169 
B c 
y PH Roof 
penthouse" 
4.50 
yRoOf 
--
....... ,.....- ......... 
J 10th 
~ ........... ~ .......... , 
.J 9th 
..-- ........... ~ ......... 
, J 8th 
..-- ......... ~ ......... 
J 7th 
-......- .......... ~ ....... 
, 
I J 6th 
--
......... 1-- ......... J 5th 
I 1 1 @ 3.05 = 33.55 
~ """""- .............. ............ 
J 4th 
..-- .......... ~ -...., , , 
J 3rd 
..-- ........... ~ .......... 
I I 
I J 2nd 
.....- .......... ~ ......... 
J 1 st 
.....- ........... ~ -....... , , , 
, PB 
.,.,- ............ ~ ......... 1.35 
.r ~". .rrl' J/' .l' ./ .Ii .irt'" 
, ./ ~·.g·a~,ri(eht~~ , 1.50 
~1I U!lI JI ~ ___ r 2.12 
4.775 7.125 
Dimensions in meters 
Fig. 2.4 Elevation of the Durango Building (Frames 2,3 and 4) 
170 
...... 
......:J 
...... 
ase 
r- II --- U I 
.-ill2S.2..Q.Q. 
.,'T77777-
.-~QQ. 
~ ~ 530 530 ~ 1.-. 
Frames 1 and 5 
34.90 m 
Dimensions In nnm 
unless otherwise noted 
C? 300~a= 
300--1r-
I' ~ :=; ~~ 300~x400 I ;10ilb350X350 II 
[al I [al I 
~E400X4ool [a [a 1;:::=======;1 
~E450X4501 
~I I , 
~00X500 I 
, , 
1[ ___ .~ 
~ 325x400 
~ 354x400 
~ 376x400 
~ 401x400 
.. 426x400 
~ 451x400 
~ 476x400 
~ 501x400 
~ 527x400 
~ 552x400 
~ 577x400 
} i 6' ..... ", ~ 6 Ox400 
600 ~ ~ ~ ~ 500~ I.- 600 
Frames 2,3 and 4 
Fig. 2.5 Schematic Diagrams Showing Column Dimensions (Tapering) for the Durango Building 
...... 
--.l 
tv 
I.. 600 .1 
#4 Ties 
@40em 
#3 Ties 
@40em 
Type 1 
Ver. 
14 500 .1 
Type 4 
Fig. 2.6 
1 #4 Bar 
Additional 
~~ ~ 
Type 2 
~ Var. 
Type 5 
Dimensions In mm 
---.N 
Var. 
Var. 
~ 
I.. 400 ~ 
Type 3 
IDI I Var. 
I 
14 Var. .1 
Type 6 
Various Column Cross-Sectional Types for the Durango Building 
Var. 
...... 
-l 
W 
8 #8 Bars 
#3 Ties @ 300 mm 
530 (Var.) 
I. 600 .1 
Columns: A-1, A-5, C-1, C-5 
4 #10 Bars 
4 #8 Bars 
#4 Ties @ 400 mm 
#3 Ties @ 400 mm 
I. 500 (Var.) .1 
Columns: 8-2, 8-4 
4 #8 Bara 
4 #6 Barl 
'4 Ties @ 300 mm 
I. 400 .1 
Columns: A-2, A-3, A-4 
SOD (Var.) 
Dimensions In mm 
--..N 
8 #8 Barl 
#4 Ties @ 300 mm 
: , 
600 (Var.) 600 (Var.) 
I. 400 .1 
Columns: C-2, C-3, C-4 
4 #8 Bars 
4 #6 Bars 
#3 Ties @ 400 mm 
~ 500 (Var.) .1 
Column: 8-3 
SOD (Var.) 
Fig. 2.7 Column Cross-Sections at Basement Level for the Durango Building 
...... 
-....J 
.to. 
Q--
4.775 
cv-
7.125 
@-
cp ~ cp 
+ 
II I 
'I i 
II I 
III : 
I I ~ I ,I I 
+ ~ ! 
lb! ==~ 
BB BB 
AA AA 
DO 
I~ .1...1 ~ ~14 .1 
6.15 4.00 4.60 6.15 
Dimensions In meters 
---..N 
Fig. 2.8 Plan View of Floor System for the Durango Building 
~ 
-....J 
U. 
cp 
1000 
M 
C¥ 
1000 1000 1000 1000 I· ., •• , •• , •• , 
2 #3--; 
~ 
1200 1200 
r' .,. ., 
cy ~ 
1000 1300 1000 1000 1000 
r'T1 .,. .,. ·1 Ii 
2 #3 1#2~ I" , r-- -
" 
2//3~r-~ "' , 
2#2.5~ 
I 
~ 7 1112.5 
, 2//3.:3!" " , lj 
I, 2#37, I 2 #2.5 --7 I ' , " 2113-::7.. ,11 
..It. I~ .1 I. .1 
500 1500 1500 
(a) Section AA-AA of Fig. 2.B 
#2 Ties @ 130 mm Welded Wire Fabric I L.1 8x8 - W6,xWS L ~ 5 
Fig. 2.9 
SOO 
(b) Cross-Section of Floor SI;ab 
Dimensions In mm 
~I~ ---. 
100 
50 
}so 
Details of Typical Floor Joist for the Durango Building (Floors PB through Roof) 
..II. 
500 
~ 
-l 
0\ 
~ 
~ II 
a 
1 
, 
I ______J 
1350 I IIII .. f ..... _____ .... 
lItrf.= J ---
-, 
I 2000 1M2 
'M1 (a) Section CC-CC of Fig. 2.8 
800 
6#3~ 
300 
550 
(b) Cross-Section of Spandrel Beam (Section a-a) 
Dimensions In mm 
I 
I 
..J 
a 
Ci> 
AS27 -'J 
A.
,
-. . --: ~ 
I , 
:J 
I 
J 
I 
I 
...... 
A AS47 : I 53, , 
. , 
Fig. 2.10 Details of Spandrel Beam for the Durango Building (Frames 1 and 5) 
...... 
--.l 
-....) 
cp 
700 I 450 I IIIII : 
• 1300 
IMl 
As1 -
-
-
A As4 53, 
I 
1M2 
450 
50 
~ 
..... , .r-
I 1550 I 
1M3 M41 
I 
'M4 
2350 
(a) Section DO-DO of Fig. 2.8 
20 50 
• 
'M5 
20 
a 
As1 
As2 
• 
'MS 
2100 
700 
---- 1 #8 to separate 
b1 (Var.) 
Section a-a 
b1 (Var.) 
Section b-b 
(b) Cross-Sections of Haunched 8eam 
Dimensions In mm 
layers of reinforcement 
Fig. 2.11 Details of Haunched Beam for the Durango Building (Frames 2,3 and 4) 
cp 
--Jr-
I 
M7 1 
1;"· 
...... 
~." ' 
, 
.:' 
"/ -'"t-. 
..., ~ 
l ' • :.~ ; .. 
--~ :-~: ~:.: ~ 
I' 
,:'.'. ,.: 
...... 
-...J 
00 
CP. 
• 
T 
A "--;7 
'M1 
Fig. 2.12 
~ ~ 
• • 
, , 
I I 
, , , I 
'I' I' 
M2' 'M2 M2' • M2 
(a) Section BB-BB of Fig. 2.8 
~ 
, I 
I 
, , 
I , 
I I' 
M2' 1M2 
As2 
AS1--Z7 
h1 (Var.) ,._--- 1 #8 to separate layers of reinforcement 
b1 (Var.) 
(b) Cross-Section of Edge Beam 
Dimensions In mm 
Details of Edge Beam for the Durango Building (Frames A and C) 
,~ 
h1 (Var., 
I M1 
- -
- . 
- -
Concrete 
4.775 
@-+---
7.125 
, , , Friction , , 
I Piles" I 
, 
- - -
, 
I 
.-'. 
I 
, , , I 
I I I I a I a 
I I I I I 
@-.a-_ ~ 
- - - -
"", 
I. 6,15 .1. 4.00 1 4.60 .L 6.15 .1 •• 
--...N 
(a) Foundation Plan 
Dimensions in meters 
Basement Slab ~ 
120 
)-4#5 2.00 m 
3 #10 
(b) Cross-Section of Typical Foundation Mat Rib Beam (Section a-a) 
Dimensions in mm unless otherwise noted 
Fig. 2.13 Foundation Plan for the Durango Building Prior to Retrofit 
179 
}lets Reference P.oom 
University of Dlinois 
BI06 Newmark CE Lab 
205 North Mathews Avenue 
UrbNlal Illinois 61801 
ClassICI cation 
Granular CIII oC lilly IDnd, 
sravels, and construction waste 
CJayed lilt, brown 
Gray &and 
Highly plastic clay, lOCt 
with fossils 
Highly plastic clay, .0Ct 
Highly plastic clay, lOCt 
with fossils and volcanic 
glass 
Volcanic sand lens 
Highly plastic clay, loft 
with COHils 
Clay with Cossils 
Highly plastic clay, soCt 
Highly plastic clay, lOCt 
with [ossils 
Highly plastic clay, JoCt 
Highly plastic clay, 10Ct 
with &and 
Volcanic slass 
Highly plastic clay, lOft 
with fossils 
HI,hly plulic clay, loft 
to mcdlum wilh lind 
Volcanic ,I .. s 
HIghly plastiC clay. soCt 
'With /oulls 
S.ndy 1111. densc 
·tTDrI-~ 
9.8lm/s2 
UglK~ 
9.Em s2 
Depth SI'T Blow 
(m) Count 
Water Content 
(%) 
t 4 
I 
--;~ 
I--+--f-+:--+-- 4 ~T 
--+-:---
~~.-
I 
-1---:--. (!l , 
._ i _ _ ~ __ 
I : ~- .. -
I 
I 
l-~l .. _~_ 
d t 0 1 I ~ · .. 1· ~ .. ~®- .-. -i 
~. -·~":i 
I i 
l 
r- t 
"-- t-
I,·n 
.1.s1 
.~ 
~ 
! 
•. I 
-+. 
Fig. 2.14 Soil Boring from Geotechnical Investigation for the Durango Building 
180 
Damage Zones After 
Q 
T 
@ 
I 
--------------
--------------
--------------
--------------
--------------
--------------
1979 EarthQuake~ /:r------------~ 
~I ~ 
"::.i ------------~ 
""", ""::"'~ ------------~ 
""", ","'",) 
.' ~ ,~,~ \ """ 
--------------r 
--------------
11.90 
Dimensions in meters 
10th 
9th 
8th 
7th 
6th 
5th 33.55 
4th 
3rd 
2nd 
1 st 
PB 
Basement 1.35 
1.50 
2.12 
Fig. 2.15 Damage Zones of the Durango Building After the 1979 Earthquake 
(Frame 1) 
181 
Added RC Infill Wall 
4.775 
@-+---
7.125 
@-
Solid Concrete Slab 
Reinforcement 
6.15 
i 
, 
I 
, 
I 
4.00 4.60 6.15 
Dimensions in meters 
--.N 
Fig. 2.16 Typical Floor Plan for the Durango Building Depicting Retrofit Elements 
RC Extension (1) ~ (2) (3) 
to Foundatio~ + y y y 
®- '\ ,~"", U· 
~'Q" 
4.775 ~;:: 
@--t----
7.125 ~"'".,," 
@-. /'~~-­j/ I. 6.15 
New Steel 
Piles 
• 1. 4.00 I •• 
Dimensions in meters 
--.N 
~,o'7 
i~~ ] 3.53 
4.60 
.1 • 6.15 .1 
Fig. 2.17 Foundation Plan for the Durango Building Depicting Retrofit Elements 
182 
New Steel 
Frame 
RC Extension 
to Foundation 
Fig. 2.18 
,10th 
11 @ 3.05 = 33.55 
1.35 
1.50 
2.12 
11.90 
Dimension in meters 
Elevation of the Durango Building Showing New Steel Frame 
and RC Extensions to Foundation (Frame 5) 
183 
Elevation 
Concrete Column 
Concrete Beom 
Sleel Column 
Fig. 2.19 
Section 
Dimensions In mm unless otherwise Indicated 
Typical Detail for Attachment of New Steel Frame to Existing Concrete Frame 
of the Durango Building (Frames 1 and 5) 
184 
Existing New Concrete 
#2 Ties @ 130 mm #4 Bars @ 100 mm 
Existing Welded Wire 
Fabric Reinforcement 
8x8 - W6xW6 
1 ~""""':';:~-~-L! 
20 
20.i 
Jl..------ ....... ----.-t.1 ... ~-------.....c 
'00 600 
Fig. 2.20 
600 100 600 
Cross-Section of Floor Slab 
Dimensions in mm 
600 
Detail of Typical Slab Reinforcement at Locations of Steel Frame 
Attachment for the Durango Building 
185 
50 
I· 
Fig. 2.21 
6.15 ·1· 4.00 + 4.60 ·1· 
Dimensions in meters 
~N 
6.15 ·1 
EXisting 150 mm Thick 
Masonry Infill Walls 
Elevation of the Durango Building Showing New RC Infill Walls (Frame C) 
186 
Welded Wire Fabric 
Reinforcement 
New 60 mm Thick 
RC Infill Wall 
Gap Filled with Mortar on 
3 Sides of Infill Wall 
Nails 
Existing 150 mm Thick 
Masonry Infill Wall 
Fig. 2.22 Wall Reinforcement Detail for the Durango Building 
? ~ ~ 3a 4 0-
3.45 I 
®- ---~-----J. I 
3.45 I 
@-- ----
----t---
3.065 
~ o 0.835 ~ + ~. ~. + ., 
, .65 5.40 5.25 3.20 , .95 
Dimensions in meters 
N 
f 
Fig. 2.23 Typical Floor Plan for the Park Espana Building Prior to Retrofit 
187 
~ cr ~ ~ 
-r---- r-===::;"1 * I I "","=1 ~ 1.80 PH Roof -+-____ L 
2.50 Roof 
~ ____ L 
8 @ 2.65 = 21.20 
8th 
L 
7thL 
6th 
L 
5th 
L 
4th 
L 
3rd 
L 
2nd 
L 
1 st 
-+-____ L 
2.70 
1.00 
DD ,---1------, 
ODD ODD ODD 
nnn 
I II " , 
DOD 00D}2.65 
DOD 
DOD 
Typical Story 
Height 
, .40 .- Foundation Beams 
Fig. 2.24 
4 Concrete Piles 
r 3.90 + 3.45 + 3.45 -I 
Dimensions in meters 
Elevation of the Park Espana Building Prior to Retrofit (Frame 2) 
188 
8~-------------
~ V1 d£]1 •• 1 ~ 
0-----~1 • IIIII 
dlllilllllllll... ~ 
t 11111111.111111 .0 ~ 
0- ;::1· ==== • :::: i 
1111111111111111.111 ~ 
111111111111111111... ~ 
bill [ill) Lill [2] IE] [2] lliiI [ill] Eill (ill] [£] EiI [ill). IiliJ Wi Ei] [ill] ~ ~ .E 
I1I11I (:::- I 11.111111 i ~ 
1I1111 :::::11:<111111 ~ ~ 
1I11 II 1.1 i ~ 
0- 11111111. II· .•• I • !lUI.. 8 j 
(E] [±) [B1 LillIE] [2] : { []J [ill] ::: IE] IililJ Illil. [ill [Jill] [Jill] (ill] 
111111:: ~ I,~ II. 
11111111111111. 
[2] [2] Gill [E] 121 lid IE] [illHlliJ [2] liliHz) IE] Ei] 
1111111111111._,---
1111111111111.1 •• 1 
.1. ~I 
189 
~ 
\0 
o 
~o r Hollow. light-weight 
-f-:f-- Concrete Block <P L RC Girder 
a-. 
I . • ~ ~:J I I,---j I I ll::~:~w::11 II::::::::::':":::,::::::,::]I I[J . 
14--1-" .1. .14 .I.~. .1. .1. .1. .1 
150 400 150 600 300 600 150 600 150 
(a) Section a-a of Fig. 2.25 
<P 
Column 8-2 
30 
AS1 
wi ····::-::::::::::::::::::::::::::::::::::~AS2 
Hollow, Light-weight 
Concrete Block 
ij~.:.:.:.:.:.:.:.;.:.:.:-:.:.:.:.:.:.:.:.:.:.:.:.:.:.:.:.:.:.:.:.:.:.:.:.:.:.:.:.:.:.:\: 
14--1114. ..... _I~ .1.... .1. .1. _,. _, 
150 400 150 
Fig. 2.26 
600 300 600 
(b) Section b-b of Fig. 2.25 
Dimensions In mm 
150 600 
Cross-Sections of Typical Floor System for the Park Espana Building 
150 
h (Var.) 
h (Var.) 
cr. 
I 
I 
I 
M1 
cp 
I: 
M, 
cp 
I: 
" 
I: 
M, 
cp 
I: 
. , 
I: 
M, 
Fig. 2.27 
r AS1 ~ ~ ~ 
II' II' I h IVar.}  I  I I I I I 1'1 1'1 
III III 
,As2. I I I I II 
I I I I I 
I I I I 
I I I I I 
M2 M3 M4 M5 Ms 
(a) Frames 1, 2 and 3 
r AS1 ~ ~ 
II' I h {Var.}  I I I 1'1 
III 
,As2. I I 
, I 
I I I 
I I I 
M2 M2 M2 
(b) Frames A and B 
,r-AS1 ~ P. ~ 
II' 'I' : I I h {Var.}  I I I I , I I 1'1 1'1 I' 
'II III : I r:_ As2. I I I I 
I I I I I 
I , , , , 
I I I I , 
M2 M2 M3 Ms M4 
(c) Frame C 
,rAs, ~ P. P 
II' II' I h IVar.} , , , I , I I I I' , , 'I 
'I' 'II J"A$2 I , I I 
I I I I 
I I I , I 
I , , , I 
M2 M2 M3 M4 M4 
(d) Frame D 
Schematic Diagrams of Typical Floor Girders for the Park Espana Building 
Showing Locations of Reinforcement and M" M2. etc. 
191 
:.: 
;.: 
N 
t 
concrete 
plies, Grade Beams 
#4 Tie 
(a) Foundation Plan 
Dimensions in meters 
0.300 m wide 
1.400 m deep 
0.400 m wide 
1.400 m deep 
0.300 m wide 
0.700 m deep 
h (Var.) 
4 As3 
.. As2 
~ b (Var.) .. I 
(t) Cross-Section of Typical Foundation Beam (Section a-a) 
Dimensions in mm 
Fig. 2.28 Foundation Plan for the Park Espana Building 
192 
Class lOcation 
Granular (ill of c\ayed silt 
with construction waste 
Hi!hly pia. tic lilt, loft 
with {oSlils 
Gray sand 
m,hly plastic lilt, loft 
Highly pIal tic clay, soft 
with volcanic land 
Highly pial tic lilt, loft 
Fine land with .lIt 
lII,hly plastic clay, loCt 
Highly plastic lilt, lOft 
with {ouill 
Silty.and 
HI,hly plaltlc clay, loft 
Clay with volcanic ,llIu 
and foull. 
Highly plaatic lilt, .0Ct 
Claycd highly plastic sill 
firm with aand 
Silty clay, firm 
Volcanic ,lass 
Highly plaatlc clay 
Claycd aand, firm 
Hi,hly plaulc clay 
Clayed land, firm 
Depth 
(m) 
8PT Dlow 
Count 
Water Content 
(%) 
Unit 
Weight 
(TIm')" 
o 0"0 040 . 8:) 120 ISO 28:) 2IJ 5C 2 I." O~ T 
Fig. 2.29 Soil Boring from Geotechnical Investigation for the Park Espana Building 
193 
Added RC Infill Wall 
3.45 
®---+---
3.45 
3.065 
~ ~5 
1.65 
3a 4 
N 
t 
5.40 5.25 3.20 1.95 
Dimensions in meters 
Fig. 2.30 Typical Floor Plan for the Park Espana Building Depicting Retrofit Elements 
194 
1.80 PH Roof 
-+-____ L 
2.50 Roof 
-+-____ L 
,~ 
8 @ 2.65 = 21.20 
8th 
L 
7thL 
6th 
L. 
4th 
L 
3rd 
L 
2nd 
L 
1st 
-+-____ L 
2.70 
PB~ 
, .40, 
....... _-----
I '~I ===-' DD f 
1X136.5. 
~~~T-~~--~~~~~--TT~ 
1.00 
Typical Story 
Height 
+- Foundation Beams 
4----- Concrete Piles 
-
3.90 + 3.45 + 3.45 , 
Dimensions in meters 
Fig. 2.31 Elevation of the Park Espana Building Showing Braced Bays (Frame 2) 
195 
Connection Detail 
D&o;onol Bracing 
I 127 , 
1'271 h 
13.L. 
.. I 
I , 
Co lurnn Re Inforclno 
Dimensions In mm unless otherwise Indicated 
Fig. 2.32 Column Reinforcing Details for the Park Espana Building 
196 
Welded Wire Fabric 
Reinforcement 
New 40 mm Thick 
RC Infill Wall Existing 125 mm Thick 
Siporex Infill Wall 
Nails 
Fig. 2.33 Wall Reinforcement Detail for the Park Espana Building 
197 
(a) On Roof of the Durango Building 
(b) On Roof of the Park Espana Building 
Fig. 3.1 Photographs of the Eccentric Mass Vibration Generator 
198 
~ 
'" 
'" 
::-':;;;:±:: ~::::~--=::::-_~:-:::i=..!: :: I 
-Sii, 
. j.,.01: __ 
.- -:;:--=±--::i~l :~::~~~:'~ 
--!~-
~ 
I ::':"';-.E-::: 
'-:-. -
.\._._- ,,- =,:-ry~_:L_.;::.::. 
:::±::::L:==-g 7~;:-'-'-
.-~~~ 
_~_-=~_:~~.? :t-~i;~_~-~~-~~~ :~~--.- -~ 
_ .. -=- -:.:=-....:-~~~-.:-=-.=-.. :... --
:=:S+==TT-~:l-=~~~:- -:Ei=}=?~~"--==-~~;- --:::=::~==-~~.N 
~. 
=~ ~ 
-
=:::r::=77~~~~=-~~~=~~~~g-= '-S 
.. 
-...;.;;", 
-~ 
~ .-/ .--. 
.., 
-:;;---
====t - ~ 
':'~. ~=::.=:=-c l' 
-_. 
.. -
-:::-.:..-:-==~.:._:-:-:-::--~ .. ;r:; .•• -_~ 
:~~: . 
. . ;-.'" "--'-::::-=~-:-, 
[j~~= ~~~~~::.-:-~~ ., .. ~--
i . :~:::-:r~.:::::::-- ·1::.::----· ~ -::.:--::.::~:: 7----· .. -.. - . 
:J: =f _ .u-::T~L~~~~~~~~~~;:P",~~o.31:~~~:r~~.p~= 
Fig. 3.2 Typical Record for HP Thermal Tip Recorder 
--~ 
- ._---
'-;:'-'-'-. -"--i-~' 
~ J==: 
......, 
~~-
~ 
~ 
-i--.-' ~---
~----
~ 
--"~A~ 
~---.--- .--
:-,::i::~-r~:::~:.::::\::::::..::; 
o 
Machine Room 
and Water Tanks ~ cv ~~--~~~~--~--~~----~ 
Reference 
4.775 
@--+---
7.125 
;FBA 
-10ff---r--Fr1®1-
~i ~ 
~~~~~--~--~--~~----~ 
.1. 4.00 .1. 4.60 .1. 6.15 .1 Eccentric Mass 
Vibration Generators 
6.15 
~N 
Dimensions in meters 
Fig. 3.3 Roof Plan for Durango Building Showing Location of Vibration Generators 
A2 Reference. 
Pointing East 
®- I I -~-~----~----~---'----ClIm I I I I I 
I I I I I 
II A 1 Painting East 
• A 1 Pointing North -+---1---t----t---t--
Fig. 3.4 
i i 6 iii 
~N 
Schematic Showing Instrument Locations at Roof Level 
During 1st EW Excitation of Durango Building (0.795 Hz) 
200 
a AS Reference, 
Pointing East 
• S 1 Vertical, A3 Pointing East 
II S2 Vertical, 
A4 Pointing East 
Fig. 3.5 
a AS Reference, Pointing North 
II S2 Vertical. 
A4 Pointing North 
Fig. 3.6 
cp 
0-
cp ~ ~ ~ 
®-
-+--f---t---t---T-
I I I I I 
-+---1---t----rft----+-
@-
~N 
Schematic Showing Instrument Locations at Basement Level 
During 1st EW Excitation of Durango Building (0.795 Hz) 
®- -+-~---~--. -t--i-
I I I I I 
-+--t---+----r--+--
@-~~~--~--~~~ 
~N 
Schematic Showing Instrument Locations at Basement Level 
During 1st NS Excitation of Durango Building (1.010 Hz) 
201 
tv 
o 
tv 
X AS Pointing North 
o A5 Reference. Pointing EII9t 
• S1 VertIcil'. A3 PointIng EII9t 
II S2 Verticil'. A4 Pointing EII9t 
• S1 HorIzontal. PoInting West 
• S2 Horizontal. Pointing West 
0 A3 Pointing North 
C S2 Vertical 
Brick Wall of 
Nearby Building 
Dimensions In meters 
Roadway 
III 
III 
I III 17.62 
I ffl1 
7.62 
7.62 
Concrete Parklnlg Lot 
slab elev: sarne as 
basement slab 
6.86 
.+., ml 
I 
,.K> - • - ''b. .-L.------
Dirt Parking Lot 
elev: 0.305 m above • I 10.97 
1 basement slab 
- ~ 
~ .14 .1 
10.15 10.75 
Fig. 3.7 Instrument Locations During the Soil-Structure Interaction Test for the Durango Building (0.795 Hz) 
34.90 
Fig. 3.8 
11.90 
Dimensions in meters 
LVDT to 
Measure Steel 
Element Strain 
LVDT to 
Measure RC 
Column Strain 
South Elevation (Frame 1) of Durango Building 
Showing L VDT Measurement Locations 
203 
@-
@-
@-
3.90 Reference ~ 
FBA ~ 
+ 
5.40 5.25 
Dimensions in meters 
+ 3.20 
4 
N 
f 
Fig. 3.9 Roof Plan of Park Espana Building Showing Location of Vibration Generators 
cp 
0-
cp cp 
o A 1 Refef'ence 
PointtnQ ~~'1~ 
®- ------
iii A2 p()tI"It~ v. •• , 
• A2 Pont n; ~ort'" @)-
Fig 3.10 Schematic Showing Instrument Locations at Roof Level 
During 1st NS Excitation of Park Espana Building (0.902 Hz) 
204 
4 
N 
f 
,_ 4.70 _I' 4.70 CJ) cp cp 0-r-- --, -- -- __ ----1.....---__. 
I I 
I I @-r----1----
I 
----L---~ I I 
4 
N 
t 
• I I I 
®-~ ___ ~2:_...--II1St-__ _ ~ _____ ~ ____ , 
I I I I 
I I 
®--L---l------I----' 1'1 52 Vertical 
Fig. 3.11 
AS Pointing North 
Dimensions in meters 
Schematic Showing Instrument Locations at PB Level 
During 1st NS Excitation of Park Espana Building (0.902 Hz) 
• I 
@- ----L---~ 
II 52 Vertical I I 
AS POinting West " 
0-~---~-----.l.---\::::,J- • I 
I I 
• 
I ®--~----------~----~ 
Fig. 3.12 Schematic Showing Instrument Locations at PB Level 
During 1st EW Excitation of Park Espana Building (1.10 8 Hz) 
205 
N 
t 
~N 
~ <? <r ~ 
- -- -- -
~90 I 3.45
1
3.45
1 
1.65 + ~_ I. lip ,-{D 
5.40 
5.25 
3.20 
I I 
i i 
---;G-,-I I 
--~-J-
I 
I 
--~-------------QD 
1 st Story Plan View 
I Ii ~ 1.00 
DDT DrzJD DrzJD DrzJD ~.65 typ 
28.20 26.40 DrzJD DIZlD 
Fig. 3.13 
DIZlD DIZlD DIZlD 
I- -I- -I- -I 3.90 3.45 3.45 
West Elevation 
Dimensions in meters 
.. LVDr to 
Measure Steel 
Element Strain 
• LVDr to 
Measure RC 
Column Strain 
Views of Park Espana Building Showing L VDT Measurement Locations 
206 
, - Four Channel HP 3960 Analog Tape Recorder 
2 - Four Individual Channel Attenuators 
3 - Four Model 3500 DANA Adjustable Amplifiers 
equipped with Variable-Cutoff Low-Pass 100 Hz Filters 
4 - Type 564 Tektronix Storage Oscilloscope 
5 - IBM Portable PC with A-D Board and ACQDA T A program 
Fig. 3.14 Schematic Diagram Showing A-D Conversion Instrumentation 
207 
I 
PARK ESPANA BUILDING PARK ESPANA BUILDING 
Roof FBA Response - Windowed Record 
6.0 6.0 
~ 
., 4.0 
~ 
~ 
'7 4.0 
~ 
• 2.0 i :::~--~~--~--~----+---~----~--~~ I 0 0 t-r---+--+--~-+---+---\--7" 
i-2 . 0 
1~·0 
-6.0 
0.0 1.0 2.0 3.0 4.0 5.0 
Time (sec) 
PARK ESPANA BUILDING 
FFT of Roof FBA Response - Unfiltered Record 
4.0~~----____ -r-. ______ ~ __ ~.~'-____ --__ ~ 
j 3.0 
t 
z 2.0 . 
" Lo . 
i -2.0 
1~·0 
-6.0 
0.0 
j 3.0 ~ 
I 
li 2.0 
'Ii 
I 
1 
:. 1.0 
1.0 2.0 3.0 4.0 5.0 
Time (sec) 
PARK ESPANA BUILDING 
FFT of Roof FBA Response - Filtered Record 
. 
. 
o.oU ~ 
0.0 5.0 10.0 15.0 
J O.o~~~~--~~~--~~~~------~--~ 
0.0 5.0 10.0 
Fig. 3.15 
Frequency (Hz) Frequency (Hz) 
PARK ESPANA BUILDING 
Roof FBA Response - Filtered Record 
6.0 
-~ 
7
0 
I 
1 -4.0 
-6.0 
0.0 1.0 2.0 3.0 4.0 5.0 
Time (sec) 
Digital Filtering Procedure for the Roof Response of the Park Espana 
Building at the Fundamental NS Frequency (0.910 Hz) 
208 
15.0 
Acceleration 
Response 
Excitation 
Force 
Fig. 3.16 
Time 
90 0 Out-of-Phase 
Component (Double Amplitude) 
Graphical Method for Determining 90 0 Out-of-Phase Component 
of Response (After Jennings, et al. 1971) 
209 
~ 
os 
...... 
.., 
I 
0 
--
... 
w 
0 
E 
....J 
[l. 
~ 
< 
Z 
0 
~ 
W 
....J 
I.iJ 
0 
~ 
6.0 
5.0 
4.0 
3.0 
2.0 
1.0 
(\ (\ 
v.v~ 
~l.J 
-2.0 
-3.0 
PARK ESPANA BUILDING 
1 ST NS FREQUENCY SWEEP -- ROOF FBA 
I 
, 
~ 
-TOTAL. RESPONSE 
eiN-PHASE COY'Ot£NT 
Awl OUT -<F-PHASE CONPOHEHT 
_. 
j 
-4.0~~~~~~~~~~~~~~~~~~~~~~~ 
0.65 0.75 0.85 0.95 1.05 1.15 1.25 
FREQUENCY (HZ) 
Fig. 3.17 1st NS Frequency Sweep for Park Espana Building 
210 
... 
c 
., 
c 
C 
D-
E 
0 (.) 
c 
0 
~ 
~ 
., 
-.; 
u 
~ 1~lmax 
Co' 
., 
c 
.s:. 
D... 
I 
~ 
0 
I 
... 
::::s 
0 
'b 
en 
Fig. 3.18 
Fig. 3.19 
1 I .. I 
'2 Xj max 
I ~ 
w 
WI Wk W2 
Determination of Damping From 90° Out-of-Phase 
Component of Acceleration (After Jennings, et al. 1971) 
0.272 0.664 
Roof-
8-
6-
5-
• FVT Values 
II1II Base Translation 
1=::::;;:::::::::::::1 Base Rotation 
c::J Distortional Motion 
First NS Mode Shape of the Park Espana Building 
Showing Distonional and Rigid Body Motions 
211 
I 
2.0 
1.5 
v 
"0 
:J 
~ 
Ci 
E 
c( 
L-
V 
·c 
:J 
0 
LL 1.0 
v 
..c: 
..., 
tv 
~ \to-
tv 0 
ft) 
:J 
"'5 
"'0 
0 
:i 
0.5 
0.0 
0.0 2.0 4.0 6.0 8.0 10.0 
Frequency (Hz) 
Fig. 3.20 Smoothed Fourier Amplitude Spectrum of Floor 1 EW Response of 1lhe Durango Building During Ambient Vibration 
-C7\ 
-to) 
I 
0 
• 
GJ 
-0 
:::s 
~ 
Ci. 
~ 
c:: 
0 
:;:; 
0 
L-
C) 
'ii 
0 
0 
-<: 
1 st EW Frequency Sweep -- 90 0 Out-of-Phase Roof Response 
9.0r-----r---~~--~~--~~----~----~----~~~~--~~ 
7.0 
5.0 
4.0 
3.0 
2.0 
, 1.0 
0.77 0.79 
Frequency (Hz) 
• L2S2: Force = 3815f2 
• L4S4: Force = 7158f2 
0.81 0.83 
(a) 1st EW Frequency Sweeps for Two Different Levels of Excitation (L2S2 and L4S4) 
10.0r-~------~------~--~--~--~----~------~-----------
-0'1 (4524. 8.05) L4S4 
---,., 
I 
0 
• 
C) 6.0 
-0 
::s 
~ 
0.. 
~ 
c:: 4.0 
0 
:;:; 
0 
L-
eu 
Qi 
0 2.0 ~ 
5000 
Excitation Force (N) 
(b) Force-Roof Acceieration Relationship for Two Different Levels of Excitation 
(L2S2 and L4S4) 
7500 
Fig. 4.1 Softening Dynamic System Characteristics of the Durango Building 
213 
N 
.-. 
~ 
Roof -
lO-
g-
8-
7-
6-
5-
4-
3-
2-
1-
PB-
-. 
1 st EW Mode Shape 
Fig. 4.2 
0.067 ~II 0.486 I 0.447 f 
.., 4 ~ ~ • 
Roof -
lO-
g-
8-
7-
6-
5-
4-
3-
2-
1-
PB-
lO-
g-
8-
0 
7- 1 1 , , 
6-1 , 
1 5-
4-
3-
2-
1-
1st NS Mode Shape 1 st Torsion Mode Shape 
.. Base Translation 
I:::::::::;::::::::::) Base Rotation 
c::J Distortional Motion 
.- - .. FVT Values 
Model 
Measured and Computed Primary Component Mode Shapes for the Durango Building 
(Distortional and Rigid Body Motions Shown for 1st EW and 1st NS Modes) 
-.t 
, 
L.. 1 .000 I 1 .000 I 
r' •• • 
4' , 
i-Roof -~~ 
1- 10 
I 4' 
I-:~ 
.... 1'. 
I......- 1.000 I 1.000 
r- .4 .1 
• , 
i-Roof 
1- 10 
I 1_ .04' 
;.:: 
-6 
-5 
-4 
2nd EW Mode Shape 2nd NS Mode Shape 
Fig. 4.3 
• - -... FVT Values 
Model 
Measured and Computed Primary Component Mode Shapes for the Durango Building 
tv 
~ 
0\ 
teN 
Fig. 4.4 
• Measured 
H 
1000 mm 
Plan Scale 
H 
0.32 mm 
Deformation Scale 
Defonnation of the Basement Slab of the Durango Building During 1st EW Excitation (0.795 Hz) 
t-.> 
~ 
-.l 
Lw 
Fig,. 4.5 
, 
I 
, 
I 
, 
J 
I 
---_ .. ------
• Measured 
_ ........ -----
---------------
, 
, 
I 
, 
H 
1000 mm 
Plan sea\e 
H 
0.14 mm 
Deformat\on sea\e 
Deformation of the Basement Slab of the Durango Building During 1st NS EJ{citatio
n 
(1.010 lIz) 
x 
Fig. 4.6 
x 
Fig. 4.7 
· ~ .~ .~ . ~ . 
L ~ 
• """'J 
• 
• 
· ...... , 
~ ~ ~ J 
"''' 
J" J" 
• 
• 
J" J" 
'" 
SRrioQ5 
l Ksx = 121000. kN/m 
• Ksy1 = 2. kN/m 
X Ksy2 = 210000. kN/m 
...... Ksz = 457000. kN/m 
Locations and Magnitudes of 1D Linear Elastic Springs Used in Finite 
Element Model of the Durango Building to Simulate Observed Soil-Structure 
Interaction (Basement Level) 
-- Truss Elements 
- Structural Beam Elements 
• Nodal Points 
Plan View of Typical Floor of Finite Element Model for the Durango Building 
218 
t--> 
...... 
\0 
Fr,ame 1 
y 
Lx 
-- Truss Elements Frame A 
- Structural Beam Elements i Spring Elements 
Fig. 4.8 Elevation Views of Finite Element Moden for the Durango Building 
y 
z--1 
Isometric View 
1tt::I::1 ::1·:::1 
........... oo.. ""oo I I 
EW Elevation NS Elevation Plan View 
Fig. 4.9 Refined Durango Model Modal Analysis -- Mode 1 
220 
Isometric View 
• EW Elevation NS Elevation Plan View 
Fig. 4.10 Refined Durango Model Modal Analysis -- Mode 2 
221 
Isometric View 
EW Elevation NS Elevation Plan View 
Fig. 4.11 Refined Durango Model Modal Analysis -- Mode 3 
222 
Isometric View 
. .---:"" 
--I It--__ 
EW E!evat!Qn NS Elevation Plan View 
Fig. 4.12 Refined Durango Model Modal Analysis -- Mode 4 
223 
Isometric View 
~ 
~ ...... :>c~ 
~:.....:: ~ 
----
....... 
...-
I ./ 
EW Elevation NS Elevation Plan View 
Fig. 4.13 Refined Durango Model Modal Analysis -- Mode 5 
224 
N 
N 
lit 
1st NS Mode Shape 
Fig. 5.1 
_ Base Translation 
':::;:;:::::::::::d Base Rotation 
CJ Distortional Motion 
1 st EW Mode Shape 
O.5B2 
e- - -e FVT Values 
Model 
B-
7-
6-
5-
4-
3-
2-
1-
1 st Torsion Mode Shape 
Measured and Computed Primary Component Mode Shapes for the Park Espana Building 
(Distortional and Rigid Body Motions Shown for 1st NS and 1st EW Modes) 
tv 
tv 
0\ 
J4 1. 000 .~ 1. 000 ~ ~ 1.000 _,... 1.000 _I 
Fig. 5.2 
" , 
Roof -, 
I 
, 
8- 1 I 
5-
4-
3-
2-
", 1-
" !.-1 7," • 
Roof -I 
I 
8-1 
I 
5-
4-
3-
2-
, 
1 81 -
2nd NS Mode Shape 2nd EW Mode Shape 
.- - -. FVT Values 
Model 
Measured and Computed Primary Component Mode Shapes for the Park Espana Building 
N 
N 
-...J 
0.000 1.000 
~ ~I 
1 st NS Mode Shape 
0.910 Hz 
Fig. 5.3 
x 
-.1042 
-
-.0355 
-
-
-
-.0215 
-
-
-.0061 
y 
1.000 
-
.7581 
-
-
-
.2900 
-
-
.0583 
5,o74mI~ t 
R9 
.3751 
-
.2242 
-
-
-
.0650 
-
-
-.O~40 
t----f 
7.606 m 
R ~ 9.761 m 
Roof 
8 
7 
6 
5 
4 
3 
2 
PB 
o y 
o x 
6 R9 
x 
-.0319 
-.0311 
-.0342 
-
.0033 
-.0181 
-
-.0159 
-
-.0005 
y 
-.0614 
-.0453 
-.0156 
-
-.0575 
-.0362 
-
-.0470 
-
-.0320 
G[EEJ Primary Component Mode Shape (Fig. 5. 1 ) 
R9 
1.000 
.9445 
.9292 
-
.6139 
.5321 
-
.2371 
-
.0850 
0.000 1.000 
,~ ~ 
1 st Torsion Mode Shape 
1.510 Hz 
Components of 1st NS and 1st Torsion Mode Shapes for the Park Espana Building 
tv 
tv 
00 
2nd NS Mode Shape 
3.521 Hz 
Fig. 5.4 
x 
-.1569 
-
.0013 
-
-
.1097 
-
-
-
-
y 
.9885 
-
-.1006 
-
-
-1.000 
-
-
-
-
5.o74mI~ t 
R9 
.5127 
-
-.0877 
-
-
-.5366 
-
-
-
-
~--4 
7.608 m 
R = 9.761 m 
Roof 
8 
7 
6 
5 
4 
3 
2 
PB 
Qi Y 
CI x 
Il. R9 
x 
.8727 
-
.1508 
-
-
-1.000 
-.8808 
-
-
-
--------
y 
.0596 
-
.0011 
-
-
-
-.0717 
-
-
-
-
F;~qJill[J Primary Component Mode Shape (Fig. 5.2) 
R9 
-.5303 
-
-.2377 
-
-
-
.5259 
-
-
-
'-
-1.000 0.000 1.000 
1-- Itl.. ~ 
2nd EW Mode Shape 
4.168 Hz 
Components of 2nd NS and 2nd EW Mode Shapes for the Park Espana Building 
tv 
tv 
\0 
tL.e 
Fig. 5.5 
• Measured 
H 
1000 mm 
Plan Scale 
H 
0.18 mm 
Deformation Scale 
Deformation ofthe PB Slab of the Park Espana Building During 1st NS Excitation (0.910 Hz) 
t-.l 
V> 
o 
I 
I 
, 
I 
, 
, 
lLE 
, 
, 
, 
, 
, 
, 
, 
, 
, 
, 
I 
I 
----..,..-----------------
I 
I 
, 
I 
I 
I 
, 
, 
, 
, 
-----------------tot 
, 
I 
, 
, 
, 
I 
---.----- ti 
• Measured 
I 
, 
, 
, 
, 
, 
I 
, 
, 
, 
, 
I 
H 
1000 mm 
Plan Scale 
H 
0.12 mm 
Deformation Scale 
Fig. 5.6 Deformation of the PB Slab of the Park Espana Building During 1st EW Excitation (1.105 Hz) 
< .. 
5.40 
5.25 
3.20
1
l) 
,91 
PB Plan View 
Dimensions in meters 
Vertical Displacements 
- .... ~~N 
-- Measured Displacement 
--- Least Squares Line 
Deformation Scale: 10.,8 mm 
\'erucal Displacements of PB Slab for Frame 3 of the Park Espana Building 
Dunng 1st NS Excitation (0.910 Hz) 
231 
N 
~ 
N 
Fig. 5.8 
y 
Lx 
-- Truss Elements 
-- Structural Beam Elements 
•• Nodal Points 
Plan View of Typkal Floor of Finite Element Model for the Park Espana Building 
l-..) 
l"J 
l"J 
Frame 2 
Fig. 5.9 
z z 
L y Lx 
--- Truss Elements Frame D 
-- Structural Beam Elements 1 Spring; Elements 
Elevation Views of Finite Element Model for the Park Espana Building 
f. 
I,', 
... 
I' 
~ . 
• T(" 
'>~ 
"l, 
:t 
'> 
~',' ., '" ~. 
:~. tt:, ;~.. ;~, :-." 
..... ~ _'f 
tv 
Vol 
~ 
l ~ • ~ 
4 
3 
I 
2 
1 
I" 
Fig. 5.10 
8 12 
X 
• 
7 11 
6 10 
I 
5 9 
• 
, 
Ks)( 
Ksy 
Ksz1 
Ks)( 
Ksy 
Ksz1 
~H 
Springs 
90. kN/m 
48. kN/m 
30. kN/m 
90. kN/m 
48. kN/m 
361. kN/m 
Lx 
I 14 13 
'" 
Locations and Magnitudes of 3D Linear Elastic Springs Used in Finite ElemEmt 
Model of the Park Espana Building to Simulate Observed Soil-Structure Interaction 
NS Elevation 
Fig. 5.11 
~~ 
~ IIiIo. "r :;;: 
r, 
!'iii; 
" ~ 
rroo... 
~ 
" :;;; 
"-
ro; 
"r-
:"'0 
r~ 
.... 
~r-
""'"..;: 
~ ~~ 
r" ~ ttr--
:-~~ 
~ ]I: , 
r" ~ 1lIir-, 
~ ..s 
. . 
-K ~ ~ ~~ Ir-~ ,~ }I ........ 
'" 
~ 
~ 
-
V ........ 
..:::::::: 
:.... {"'I",] ~ 
.~ 
-
IV r" ~ ~ 
, .... l'. ~ 
-== 
1\0 :, 
.::::::: 
"J ~'" ~ 
....". ~ Y , 
.::::::: 
"" 
''-1 ~ 
~ y, ~ 
N 
" c::::::... y,,, 
.::::::: .JIo ... 
,"'\J N ~ 
.11 ', ~ .JIo. A: 
,"'\J N ~ 
~ }I!, 
...::::::. 
'J ~~ 
" 
'\. '\... ~ 
Isometric View 
: 
, . 
: , 
: 
, . 
! . 
• . . 
: . 
, . 
, . 
. . 
, . 
- -----
EW Elevation 
Plan View 
Refined Park Espana MOdel MOdal Analysis __ MOde 1 
235 
Mets Reference ~m 
University of illinOIS 
BIOS Newmark CE Lab 
205 North Mathews Av~nu(:: 
Urbana, Illinois 618tJ 1 
NS Elevation 
Fig. 5.12 
Isometric View 
j----' ..... ,......-
I 
EW Elevation Plan View 
Refined Park Espana Model Modal Analysis -- Mode 2 
236 
-/- -~ 1 L vv 
J '-
/ / V I If 1 , , I ~ ~ 
tL .j I I , j iJ ~ f' , 
'" \I V I ......... ~ , \ , ~ 
\ \ I 
"'" 
['" 
~ 
J , _l ~ 
"" I I ~ 
~ r\ 
" 
\ ~ ta.. 
'" 1\ :::::::. 
i\ '\ N \ '" 
~ 
~ ~ 
'" " 
\. 
" " 
-:::: 
" 
I" 
"_'\1 J "-'\.\ \ -=:::: 
Isometric View 
NS Elevation EW Elevation Plan View 
Fig. 5.13 Refined Park Espana Model Modal Analysis -- Mode 3 
237 
Isometric View 
NS Elevation EW Elevation Plan View 
Fig. 5.14 Refined Park Espana Model Modal Analysis -- Mode 4 
238 
Isometric View 
,~ . ... .. 
1:---- ~ 
,...::;;; I ~ 
--
- I~ 7 
'j ~ 
~~ 
- ~ 
~ 
~ ~ 
NS Elevation EW Elevation Plan View 
Fig. 5.15 Refined Park Espana Model Modal Analysis -- Mode 5 
239 
t-.> 
~ 
o 
0.000 1.000 
~ ~ 
1 st NS Mode Shape 
0.881 Hz 
Fig. 5.16 
x y 
0.2173 1.0000 
0.1978 0.9091 
0.1761 0.7972 
0.1533 0.6703 
0.1270 0.5406 
0.0998 0.4142 
0.0734 0.2939 
0.0476 0.2004 
0.0318 0,1281 
0.0150 0,0604 
5,o74mI~ t 
RO 
0.0683 
0.0648 
0.0593 
0.0525 
0.0421 
0.0315 
0.0195 
0.0037 
-0.0008 
-0.0070 
..--.... 
7.608 m 
R = 9.761 m 
Roof 
8 
7 
6 
5 
4 
3 
2 
PB 
o y 
[] x 
Il. RO 
x 
0.0381 
0.0370 
0,0367 
0.0362 
0.0339 
0.0293 
0.0235 
0.0129 
0.0113 
0.0064 
y R9 
0.0408 1.0000 
0.0409 0.9596 
0,0402 0.8963 
0.0383 0.8115 
0.0313 0.6847 
0.0232 0.5443 
0.0130 0.3999 
-0.0022 0.2570 
-0.0037 0.2111 
-0.0077 0.1382 
p::::::::::::::::::::::q Primary Component Mode Shape for Refined Model (Fig. 5.1 ) 
0.000 1.000 
I~ ~I 
1 st Torsion Mode Shape 
1.468 Hz 
Components of 1st NS and 1st Torsion Mode Shapes of Refined Park Espana Model 
~ 
.a:. 
~ 
Fig. 5.17 
5.074 m I 
0.000 1.000 
I· .1 
1 st EW Mode Shape 
1.068 Hz 
'%t 
.. ~ -
7.608 m 
R=9.761m 
x y 
1.0000 -0.2446 
0.9256 -0.2266 
0.8386 -0.2010 
0.7412 -0.1696 
0.6197 -0.1365 
0.4920 -0.1045 
0.3675 -0.0739 
0.2443 -0.0518 
0.1776 -0.0363 
Re 
-0.1643 
-0.1511 
-0.1329 
-0.1118 
-0.0873 
-0.0647 
-0.0427 
-0.0304 
-0.0201 
0.1059 -0.0214 =().0109 
o y 
o x 
/l. Re 
Roof 
8 
7 
6 
5 
4 
3 
2 
PB 
F?IrrfH Primary Component Mode Shape for Refined Model (Fig. 5. 1 ) 
Components of 1st EW Mode Shape of Refined Park Espana Model 
t-.> 
~ 
t-.> 
-1.000 
j.- ~I" ~ 
2nd NS Mode Shape 
2.919 Hz 
Fig. 5.18 
x 
0.0379 
0.0194 
-0.0023 
-0.0222 
-0.0400 
-0.0497 
-0.0497 
-0.0410 
-0.0384 
-0.0303 
5.074 m I Y%t 
y 
0.9713 
0.5530 
0.0014 
-0.5269 
-0.8722 
-1.0000 
-0.9464 
-0.8056 
-0.6582 
-0.4607 
• I 
7.608 m 
Re 
0.0282 
0.0014 
-0.0342 
-0.0656 
-0.0899 
-0.0873 
-0.0557 
0.0086 
0.0307 
0.0660 
R=9.761m 
Roof 
8 
7 
6 
5 
4 
3 
2 
PB 
o y 
o x 
A Re 
x 
0.9325 
0.5988 
0.1796 
-0.2531 
-0.7052 
-1.0000 
-1.0892 
-0.9986 
-0.9644 
-0.8238 
y Re 
-0.0964 -0.3957 
-0.0736 -0.2771 
-0.0275 -0.1060 
0.0267 0.0752 
0.0701 0.2497 
0.0872 0.3458 
0.0829 0.3622 
0.0601 0.3073 
0.0419 0.2732 
0.0171 0.1952 
I::})~:q]m Primary Component Mode Shape of Refined Model (Fig. 5.2) 
2nd EW Mode Shape 
3.512 Hz 
Components of 2nd NS and 2nd EW Mode Shapes of Refined Park Espana Model 
~ 
c 
a:: 
C' 
c: 
a. 
E 
c 
c 
.r. 
C1 
"ii 
>, 
o 
a:: 
Fig. 6.1 
0.20 
0.15 
0.10 
S2NS 
0.00 
o 
r Combined Mass and Stiffness Proportional Damping (Eqn. (6.13)) 
\ 
Measured yalues 
• 1EW A 2EW 
• 1NS o 2NS 
• 1Tors 
~ Stiffness Proportional Damping 
(ao = O:g = Qlw/2) 
r Mass Proportional Damping (a1 = 0; g = ao/2w) 
W1NS 10 W2NS 30 40 
Natural Frequency w (Radians/sec) 
50 
RelatIonshIp Between Raleigh Damping Ratio and Natural Frequency for Prescribed 
Modes 1 '5. 2NS for the Park Espana Building (After Clough and Penzien, 1975) 
243 
t..> 
"'" 
"'" 
I 120 r 120 120 
c i 100" ,..,..,. rR'1"1!B ~ 100 100 
0: 
• 80 .. mill) [111>11 I Ellim 80 
'8 80 
:I 
• 60 J. 1[11 rn [111m I Fm III 60 c 
Z 60 
... 
0 40 .. 1:[11 Lilli Lilli Ell I Ell Em 40 40 
• Ot 
0 
.... 20 .. LUIILD Ell Ell LEII [0 20 c 
• 
20 
e 
., 
0- o I 1·:I·;.'FIlIlI 1';'."1;':. 1:-:1:':.1';'10 0 
EW NS Vert. EW NS Vert. o EW NS Vert. 
(a) PB Level Displacement (b) Floor 4 Displacement (c) Roof Displacement 
I 120 120 
c 
8. 
I 
0: 
• 
'8 
:I 
• c 
z 
'0 
• at 
.s 
c 
D 
e 
., 
0-
Fig. 6.2 
100 
80 
60 
40 
20 
0 EW NS 
(d) Base Shear 
c::::::J 
E.·:·.·.·:·:·.·:·.·:·:·:·.·:I 
-c::::::J 
':·:·:-:·:.;·:·:.;.;·:·:-:·:1 
-
Number 
of Modes Modes 
1 
2 
3 
4 
5 
9 
lEW 
lEW,lNS 
lEW, lNS, lTors 
2EW, lNS, lTors 
2EW,2NS,lTors 
3EW,3NS,3Tors 
100 
80 
60 
40 
20 
0 EW NS 
(e) Overturning Moment 
Influence of Number of Modes on Maximum Response Quantities Calculated by Modal Decomposition for the Newly Retrofit, 
Flexible-Based, Durango Building Model Subject to the 1985 SCT Ground Accelerations 
tv 
,Jlo. 
tit 
I 120 ,. 120 120 
c t 100 ~ ~ .. ~ "'r- 100 100 
0: ,. 
• 
"8 80 
~ 
~ 80 80 
:::I 
:! 60 
Z 
~ 60 60 
'0 40 
• '" 
40 40 
01 
.s 
c 20 D ~ 20 20 
e 
• Q. 0 
___ L11 [ 
o NS EW Vert. NS EW Vert. 0 NS EW Vert. (a) PB Level Displacement (b) Floor 4 Displacement (c) Roof Displacement 
I 120 
C 120 
&. I 100 
0: 100 
• 
"8 80 80 
:2 
• 60 I Number c of Modes Modes Z 
'0 ::: C-:·.·:·:·:-:.·.-:·,·:·.' 1 1NS 40 ::: ::: I.·.· ..... ·;·;·;·;·.·.·.·.·., 2 1NS,1EW • ::: 01 ::: 
.s I -- 3 11NS,1EW,1Tors Ii 20 c:::::J 4 2INS,1EW,1Tors ~ 1;';';';':-;';';';';';';';-:' 5 21NS,2EW,1Tors Q. 0 
--
9 3INS, 3EW, 3T ors 
NS EW 
60 
40 
20 
0 
NS EW (d) Base Shear (e) Overturning Moment 
Fig. 6.3 Influence of Number of Modes on Maximum Response Quantities Calculated by Modal Decomposition for the Newly Retrofit, 
Flexible-Based, Park Espana Building Model Subject to the 1985 SeT Ground Accelerations 
Fig. 6.4 Interaction Surface for Axial Load and Biaxial Bending (After MacGregor, 1988) 
246 
tv 
~ 
......:J 
2400 i ................ ,... ............... "'T"",.............,...,..... ....... .....-..,......--.,.....~~........., 
Pcno (2) 
~ rz1-
0 (4) 
-
In 
In 
~ 1200 
a 
0 
tJ 
1\ 
II 
II 
-+ ...., 
~ 
...., 
II) 
CJ 
"" 0 PIt 
Cd 
~ 
0 
Ptno 
(3) 
~ 0.300m~y 
z 
4-#6 Bars 
f'c = 20.6 MPa !r = 413.7 MPa 
E. = 200000 MPa 
No Strain Hardening 
Ecu = 0.003 
---- Ecu = 0.006 
-1200 ~i~~~.~~~~~~~~~~~~~~~~~~ 
o 50 100 150 
Moment, Mn (kN-m) 
(all About Major Bending Axis: Mnz-Pnz 
2400 
Pcno 
(2) 
~ 
0 
-In In 
2! 1200 
~ 
a 
0 
tJ 
1\ 
II 
II 
-+ 
...., 
~ 
...., 
II) 
CJ 
"" o PIt 
Cd 
~ 
o I :;;£ 
Ptno 
(3) 
~y 0.300m .. 
z 
4-#6 Bars 
f'c = 20.6 MPa 
f = 413.7 MPa e. = 200000 MPa 
No Strain Hardening 
Ecu = 0.003 
Ecu = 0.006 
-1200 -'~~~-.~~~~~~~~~~~~~~~~ 
o 50 100 150 
Moment, Mn (kN-m) 
(b) About Minor Bending Axis: Mny-Pny 
Fig. 6.5 Ultimate Capacity Interaction Diagrams for Column A-3 of Story 2 of the Park Espana Building 
~ 
~ 2000 
ID 
f 
~ o 1500 
to) 
1\ 
II 
II 
-+ 1000 
-
-
500 
~ 
-
~ 0 g,. 
"C 
_soot c .s 
-c ~ 
-1000 
0 
Fig. 6.6 
----------- Pure Axial Compression Capacity (2135 kN) 
- - Pure Axial Tension Capacity (-470 kN) 
--
- - _"lL __________ I 
60 120 180 
Time (sec) 
Axial Force Time History of Column A-3 of Story 2 for the Flexible Based, 
Newly Retrofit Park Espana Building Model Subject to the 1985 SeT EW 
and NS Records (Si = SiFVT) 
248 
d 
oS 
en 
en 
" ... Cl4 
e 
0 
to) 
I\. 
II 
" -+ 
---I 
I 
tv 
I 
.a:.. Z' \0 ~ 
---
" 0 
... 
0 
~ 
-at 
-~ 
2400 
~ 
1200 ~ ~ 
~ 
~ ) 
-1200 IL~~~~~~~~~~~~~~~~~~~~~~ 
o 50 100 150 
Moment, Mn (kN-m) 
(a) About Major Bending AxIs (NS Moment) 
C 
a 
ai 
en 
" ... c. 
e 
0 
to) 
I\. 
II 
" -+ 
'-' 
Z 
~ 
'-" 
4) 
0 
... 
a 
~ 
-!Ii ~ 
2400 
-1200LI~~~~~~~~~~~~~~~~~~~~~ 
o 50 100 150 
Moment, Mn (kN-m) 
(b) About Minor Bending AxIs (EW Moment) 
Fig. 6.7 Computed Time History Load-Moment Response of Column A-3 of Story 2 for the Flexible-Based, Newly Retrofit 
Park Espana Building Model Subject to the 1985 SeT EW and NS Records (Si = SiFVT) 
Fig. 7.1 
w 
z 
o 
N 
(f) 
-1 
-1 
:r: 
- ..... ~- LAKE ZONE 
• ACCELEROGRAPH 
6 SEVERELY DAMAGED BUILDING 
• COLLAPSED BUILDING 
~ f~~~ ;'I~~~~N~J,~~~APSED 
(BRICK AND ADOBE) 
N 
t 
t t, 
o 1000 
m 
Stratigraphical Zoning. Free-Field Accelerograph Stations and Sites of Worst 
Buiiding Damage (1985) of I'.1eyJco City (Figure from Anderson et aI., 1986) 
250 
0.30 
-. 
til 
-
s= 
0 
:l 
• 0.00 ~ 
~ 
~ 
I) 
CJ 
CJ 
< 
-0.30 
0 
0.30 
-. 
til 
s:: 
0 
~ 
~ 0.00 ell 
a.. 
~ 
~ 
I) 
C) 
CJ 
< 
-0.30 
0 
0.30 
-til 
-
s:: 
0 
~ 
~ 
ell 0.00 
~ 
~ 
~ 
~ 
C) 
CJ 
< 
-0.30 
0 
30 
30 
30 
60 
60 
60 
90 
Time (sec) 
(a) 1985 SCT EW 
90 
Time (sec) 
(b) 1985 O-CUMV 
90 
Time (sec) 
(c) 1985 O-SCT EW 
120 150 180 
I amax = 0.0973 g I 
120 150 180 
amax = 0.264 g 
120 150 180 
1985 E\V Direction l~· .. cceleration Time Histories Used for Dynamic Analyses 
of the Durango Building Models 
251 
0.18 
-.. 0.12 
-
s= 0.06 0 
:l 0.00 cd 
104 
., 
-0.06 .... 
., 
CJ 
CJ -0.12 
-< 
-0.18 
0.18 
-til 0.12 
-
s= 0.06 0 
+l 
cd 0.00 
~ 
., 
.... 
-0.06 ., 
CJ 
CJ 
-0.12 < 
-0.18 
0.18 
-.. 0.12 
-
~ 0.06 0 
:l 
cd 0.00 
~ 
., 
.... 
-0.06 ., 
CJ 
CJ 
-0.12 
< 
-0.18 
0 
Fig. 7.3 
0 
0 
amax = 0.170 g 
30 60 90 120 150 180 
Time (sec) 
(a) 1985 SCT EW 
I amax = 0.0953 g I 
30 60 90 120 150 180 
Time (sec) 
(b) 1985 PE-CUMV 
amax = 0.138 g 
30 60 90 120 150 180 
Time (sec) 
(c) 1985 PE-SCT EW 
1985 EW Direction Acceleration Time Histories Used for Dynamic Analyses 
of the Park Espana Building Models 
252 
--.. 
-
C 
0 
.... 
~ 
.. 
"-t) 
~ 
t) 
(,) 
(,) 
< 
--.. 
-
c 
0 
.... 
~ 
IS 
"-II 
~ 
t) 
(,) 
(,) 
< 
--.. 
-
s= 
c 
.... 
0.30 
0.00 
-0.30 
0.30 
0.00 
-0.30 
0.30 
~ 0.00 
"-II 
~ 
II g 
o 
-< 
-0.30 
0 
0 
o 
Fig. 7.4 
30 
30 
30 
60 90 
60 
60 
Time (sec) 
(a) 1985 SCT NS 
90 
Time (sec) 
(b) 19850-CUMV 
90 
Time (sec) 
(c) 1985 O-SCT NS 
amax = 0.101 g 
120 150 180 
amax = 0.0973 g 
120 150 180 
amax = 0.147 g 
120 150 180 
1985 NS Direction Acceleration Time Histories Used for Dynamic Analyses 
of the Durango Building Models 
253 
0.18 
-III 0.12 
-C 
0 
0.06 
., 
0.00 II 
r.c 
&l 
-0.06 
...c 
&l 
(,) 
-0.12 (,) 
< 
-0.18 
0.18 
-taG 0.12 
-$:l 0.06 0 
...c 
,.J 
III 0.00 
r.c 
&l 
~ 
-0.06 &l 
u 
(,) 
-0.12 < 
-0.18 
0.18 
-III 0.12 
~ 0.06 C 
., 
III 0.00 ~ 
Cl 
~ 
-0.06 Cl 
(,) 
(,) 
-0.12 < 
-0.18 
Fig. 7.5 
0 
0 
0 
30 
30 
30 
60 90 
Time (sec) 
(a) 1985 SCT NS 
60 90 
Time (sec) 
(b) 1985 PE-CUMV 
60 90 
Time (sec) 
(c) 1985 PE-SCT NS 
amax = 0.101 g 
120 150 180 
I elmax = 0.0953 g I 
120 150 180 
I elmax = 0.0855 g I 
120 150 180 
1985 NS Direction Acceleration Time Histories Used for Dynamic Analyses 
of the Park Espana Building Models 
254 
2.0! 
Damping 
I· 2% 1.5 5% 
- 10% ... 
- 20% s= Q 
~ 
"" C:I 
-C:I 1.0 (,,) 
(,,) 
....:: 
~ 
!J 
(,,) 
C:I g. 
rIJ 0.5 
0.0 
0.0 1.0 2.0 3.0 4.0 5.0 
Period (sec) 
(a) EW Direction 
2.0 
C~lIlplCg 
2% 
5% 
-
1.5 
... 10% 
- 20% s= Q 
;:1 
ad 
"" C:I 
-C:I 1.0 (,,) 
(,,) 
....:: 
~ 
!l 
(,,) 
C:I g. 
UJ 0.5 
o.o~----------~~~~~~~~~~--~~~~----~~~~~~~--~~~~ 
0.0 
Fig. 7.6 
1.0 2.0 
Period (sec) 
(b) NS Direction 
3.0 4.0 5.0 
Absolute Acceleration Response Spectra for Ground Motions Recorded at 
SeT Site in 1985 
255 
0.06 
-. 
tal 
-
amax = 0.0306 g 
~ 
0 
~ 
III 0.00 
a.c 
~ 
~ 
~ 
() 
() 
-< 
-0.06 
0 10 20 30 40 50 60 70 80 90 
Time (sec) 
(al 1979 SCT EW 
0.06 
-. 
~ 
- amax = 0.0504 g 
~ 
o 
:l f 0.00 
C) 
~ 
C) 
t) 
() 
< 
-0.06 ~~~~~~~~~~~~-L~~~~~~~-L~~~~-L~~~~~~~ 
o 
Fig. 7.7 
10 20 30 40 50 
Time (sec) 
(b) 1979 D-SCT EW 
60 70 80 90 
1979 EW Direction Acceleration Time Histories Used for Dynamic Analyses 
of the Durango Building Models 
256 
...-. 
.. 
....... 
~ 
0 
:3 
• ... 
G 
... 
G 
0 
0 
< 
-til 
-
0.05 
0.00 
-0.05 
0 30 Time (sec) 
(a) 1979 SCT EW 
18m&)( = 0.0306 g I 
60 90 
I am&)( = 0.0376 g I 
-0.05~~~~~~~~~~~~~~~~~~~~~~~~~~~"~~~ 
o 
Fig. 7.8 
30 
Time (sec) 
(b) 1979 PE-SCT EW 
60 90 
t 9;9 £\\' Direction Acceleration Time Histories Used for Dynamic Analyses 
of th« hrk Espana Building Models 
257 
-III 
- amax = 0.0339 g 
s= 
o 
:3 f 0.00 
I) 
~ 
I) 
CJ 
CJ 
< 
-0.06 ~~~~~~~~~~~~~~~~~~~~~~~~~~~~~~~~~ 
-III 
-
~ 
C 
-
.,J f 0.00 
I) 
~ 
I) 
o 
o 
< 
o 10 20 30 40 50 
Time (sec) 
(a) 1979 SCT NS 
60 70 80 90 
-0.06 ~~~~~~~~~~~~~~~~~-L~~~~~~~-L~~-L~~~~ 
o 
Fig. 7.9 
10 20 30 40 50 
Time (sec) 
(b) 1979 D-SCT NS 
60 70 80 90 
1979 NS Direction Acceleration Time Histories Used for Dynamic Analyses 
of the Durango Building Models 
258 
0.05 ,.... 
til 
-
= 0 
:3 0.00 C 
Joe 
IJ 
-IJ 
0 
0 
< 
-0.05 
,.... 0.05 
til 
-
= o 
.... 
., 
IS 0.00 
Joe 
I) 
-C1 
" o < 
-0.05 
0 
o 
Fig. 7.10 
30 
Time (sec) 
(a) 1979 SeT NS 
30 
Time (sec) 
(b) 1979 PE-SCT NS 
I Cimex = 0.0339 g f 
60 90 
60 90 
1979 NS Direction Acceleration Time Histories Used for Dynamic Analyses 
of the Park Espana Building Models 
259 
--.0 
-d 
o 
=' 1\11 
t 
-~ 0.25 
c:,) 
< 
-tIC 
-d 
o 
.... 
~ 
1\11 
... 
C) 
-~ 0.25 
c:,) 
< 
Fig. 7.11 
Period (sec) 
(a) 1979 SCT EW 
Period (sec) 
(b) 1979 SeT NS 
pamplng 
2% 
5% 
----10% 
----20% 
Damping 
2% 
5% 
----10% 
----20% 
Absolute Acceleration Response Spectra for 1979 SeT Ground Motions 
260 
seT Site Durango Site Park Espana Site 
Om Om Om 
Sand 
• 
y = 14.2 KN/mJ Vs =110m/s Sand .. y = 16.2 KN /m 3 Vs=110m/s 2m 2m 
Sand y = 16.2 KN/mJ Vs = 100 m/s Clay y = 13.2 KN/mJ Vs =110m/s 
• 
5m 
6m 
Clay y = 12.3 KN/mJ Vs = 55 m/s 
Clay y = 12.3 KN/mJ Vs = 56 m/s Clay y = 11.5 KN/mJ Vs=45m/s 
17 m 
y = 17.7 KN/m3 18 m Silty Sand Vs = 100 m/s 
19 m 
20 m 
t-..) Clay y = 12.8 KN 1m3 Vs = 72 m/s 0\ 
...... 
Clay y = 12.8 KN 1m3 Vs = 79 m/s Clay y = 11.8 KNlm3 Vs = 62 m/s 25 m 
Sandy Slit y = 17.7 KNlm 3 Vs = 300 m/s 
29 m 
30 m 30.5 m Clay y = 14.2 KN 1m3 Vs = 100 m/s 
32 m 
Clay 'Y = 17.7 KNlm3 Vs = 300 m/s Sandy Clay y = 13.7 KN 1m3 Vs = 132 m/s Hard y = 20.6 KN 1m3 Vs = 550 m/s 
35.5 m Layer 36 m 
Clay 'Y = 14.2 KN 1m3 Vs = 160 m/s 37.5 m Clay 
y = 12.3 KNI..m3 Vs = 92 mls 
38.5 m Volcanic Glass y = 12.8 KN/m3 Vs = 125 m/s 39 m 
Hard 'Y = 20.6 KN /m3 Vs = 550 m/s Clay " = 12.3 KNlm3 Vs = 92 m/s I~ Indicates water table I Layer 41.5 m 
Hard y = 20.6 KN 1m3 Vs = 550 m/s 
Layer 
Fig. 7.12 SCT Site, Durango Building Site and Park Espana Building Site Soil Profiles Used in SHAKE Analyses 
(SCT profile after Seed, et aI., 1987) 
~ 
«I g 
~ 
" t!J 
Ii 
:;::l 
'3 
"C 
0 
::s 
... 
«I 
" .d Cf.l 
"CI 
" ~
Gi 
S 
... 
0 
z 
30.0r-------------------------------------------------------------~ 
----- Mexico City Clay 
--Sand ~ 
/" 
-----
--
~ 
--
10-2 
./ 
/' 
/" 
,/ 
./ 
./ 
10-1 
Shear Strain (%) 
(a) Damping Ratios 
/" 
/' 
1.2~---------------------------------------------------------------
1.0 t---------__ 
0.8 
0.6 
0.4 
0.2 
0.0 
10-3 10-2 10-1 
Shear Strain (%) 
(b) Shear Moduli 
---- Mexico City Clay 
- - Sand 
100 
Fig. 7.13 Strain Dependent Shear Moduli and Damping Ratios Used for SHAKE 
Analyses (Mexico City Clay Relationships after Leon et al., 1974 and Romo 
and Jaime, 1986) 
262 
1.2 
1.0 
-.. 
-c:I 0.8 
0 
;J 
II 
k 
I) 
-
I) 0.6 0 
0 
< 
iI 
.!S 
0 0.4 I) 
'" Ul 
0.2 
0.0 
0.0 
Fig. 7.14 
SCT-CUMV 
---- SCT EW 
---- SCT NS 
----- SCT Average 
1.0 2.0 3.0 4.0 5.0 
Period (sec) 
Absolute Acceleration Response Spectra for 5% Damping for the 1985 SCT and 
SCT -CUMV Ground Motions 
263 
-'II 
-
-til 
-
-'II 
-~ 
o 
:3 
., 
.. 
t) 
-t) C) 
C) 
~ 
amax = 0.128g 
O.OOIilW~~ 
-0.18~~--~--~--~--~--~~~~--~--~--~--~~~~--~--~--~~ 
o 20 40 60 80 100 120 140 160 180 
Time (sec) 
(a) 1985 SCT -CUMV 
0.18 
amax = 0.170g 
_0.18 1~ ~~~~ 
o 20 40 60 
0.18 
80 100 
Time (sec) 
(b) 1985 SCT EW 
Time (sec) 
(c) 1985 SCT NS 
120 140 160 180 
am ax = O. 1 01 g 
Fig. 7.15 Acceleration Time Histories for the 1985 SCT and SCT-CUMV Ground Motions 
264 
1.00 
Damping 
2% 
0.75 5% 
-
10% 
... 20% 
-
= 0 ;J 
., 
... 
1:1 
-
0.50 1:1 
0 
0 
~ 
i1 
b 
C) 
1:1 g,. 0.25 rtJ 
O.OO~~~~~~~~~~--~~~~~--~----~~~~~~~~~~~~--~~ 
0.0 1.0 2.0 3.0 4.0 5.0 
Period (sec) 
Fig. 7.16 Absolute Acceleration Response Spectra for 1985 D-CUMV Ground Motion 
265 
1.8 
= 1.2 c 
~ 
CIS 
104 
I) 
-I) 
t) 
t) 
< 
-CII 
!l 
t) 0.6 
I) 
~ 
en 
0.0 
0.0 
, .8 
-e.D 
-
= 1.2 c 
~ 
CII 
.... 
I) 
Gj 
t) 
t) 
< 
1.0 2.0 
Period (sec) 
(a) EW Direction 
3.0 
1985 SCT EW 
1985 D-SCT EW 
----- 1985 D-CUMV 
4.0 
1985 SCT NS 
1985 D-SCT NS 
----- 1985 D-CUMV 
5.0 
o 0 ~------------~~~~~~~~~~~~~--~~~~~~~~~~~~~~~ 
o c 
Fig. 7.17 
1.0 2.0 
Period (sec) 
(b) NS Direction 
3.0 4.0 5.0 
Absolute Acceleration Response Spectra for 5% Damping for 1985 Acceleration 
Time Histories Used in Dynamic Analysis of the Durango Building Models 
266 
1.00 
Pamplng 
2% 
5% 
-
0.75 10% .., 
- 20% 
= 0 
::3 
ell 
... 
t.l 
-t.l 0.50 C) 
C) 
~ 
-ell 
.!3 
C) 
t.l 
~ 
en 0.25 
O.OO~~~~~~~~~~~~~~~~~~~~~~~~~~~~~~~~~~~-
0.0 1.0 2.0 3.0 4.0 5.0 
Period (sec) 
Fig. 7.18 Absolute Acceleration Response Spectra for 1985 PE-CUMV Ground Motion 
267 
-taG 
-
= 0 
:;j 
cc 
... 
I) 
-I) C.) 
C.) 
< 
a; 
!3 
C.) 
I) 
~ 
UJ 
-~ 
-
= 0 
;:l 
cc 
... 
I) 
'&j 
C.) 
C.) 
< 
-cc !J 
C.) 
&J 
Po. 
tr.:l 
1.2 
1985 SCT EW 
1985 PE-SCT EW 
!\ ----- 1985 PE-CUMV 1.0 
0.8 
0.6 
0.4 , 
" , 
0.2 
" 
, 
"-
0.0 
0.0 1.0 2.0 3.0 4.0 5.0 
Period (sec) 
(a) EW Direction 
1.2 
1985 SCT NS 
1985 PE-SCT NS 
----- 1985 PE-CUMV 
, .0 
0.8 
0.6 
0.4 
0.2 
0.0 ~--~~~--~~~~--~~~~~~~--~~~~~~~~~~~~--~~ 
0.0 1.0 2.0 3.0 4.0 5.0 
Fig. 7.19 
Period (sec) 
(b) NS Direction 
Absolute Acceleration Response Spectra for 5% Damping for 1985 
Acceleration Time Histories Used in Dynamic Analyses of the 
Park Espana Building Models 
268 
0.075 
-III 
-
= 0 
::3 
• 0.0 ... 
..! 
m 
0 
~ 
-0.075 
0 20 40 60 80 100 120 140 160 180 
Time (sec) 
(a) CUMV NS Hard Layer 
0.075 
- I amax = 0.057g I III 
-
= 0 
::J 
• 0.0 ... 
m 
-m 0 
0 
~ 
-0.075 
0 20 40 60 80 100 120 140 160 180 
Time (sec) 
(b) SCT EW Hard Layer 
0.075 
- I amax = 0.036g I III 
-
= 0 
::J 
• 0.0 ... 
., 
-m 0 
0 
~ 
-0.075 
0 "",.." 40 60 80 100 120 140 160 180 
.'" Time (sec) 
(c) SCT NS Hard Layer 
Fig. 7.20 Accc;~r3uon Tlffie Histories for the 1985 SCT and CUMV Hard Layer Motions 
269 
.. 
-
0.4 
0.0 
0.0 
Fig. 7.21 
---- seT -CUMV 
--- SCTEW 
---- SCT NS 
----- SCT Average 
1.0 2.0 3.0 4.0 
Period (sec) 
Absolute Acceleration Response Spectra for 5% Damping for the 1985 SCT and 
SCT -CUMV Hard Layer Ground Motions 
270 
5.0 
~ 
= c 
-
.,;I 
CII 
... 
II 
-I) CJ 
CJ 
-< 
-CII 
.!l 
CJ 
II g.. 
CIJ 
-.." 
-
= c 
~ 
.. 
... 
I) 
i) 
CJ 
C) 
-< 
-.. 
.!l 
C) 
I) 
g.. 
Ul 
3.0 
2.5 
2.0 
1.5 
1.0 
0.5 
0.0 
0.0 
3.0 
2.5 
2.0 
1.5 
1.0 
0.5 
1.0 2.0 
Period (sec 1 
(al EW Direction 
3.0 
Damping 
4.0 
pamping 
2% 
5% 
iO% 
20% 
5.0 
2% 
5% 
10% 
20% 
0.0 ~~~~~~~~~~~~~~--~~~~~ .. ~--~~~~~~~~~~~~ 
0.0 
Fig. 7.22 
1.0 2.0 
Period (sec 1 
(b) NS Direction 
3.0 4.0 5.0 
Absolute Acceleration Response Spectra for 1985 D-SCT Ground Motions 
271 
-bO 
'-" 
-taD 
'-" 
= .~ 
.-
a::I 
~ 
G,) 
"ii 
C.J 
C.J 
< 
-; 
b 
C.J 
G,) 
~ 
en 
1.0 r-------------------------------------------------~-----------
0.5 
Damping 
2% 
5% 
----10% 
----20% 
0.0 ~~~~~~~~~~~~~~~~~~~~~~~~~~~~~~~ 
0.0 1.0 
0.5 
2.0 
Period (sec) 
(a) EW Direction 
Period (sec) 
(b) NS Direction 
3.0 4.0 
Damping 
2% 
5% 
----10% 
----20% 
5.0 
Fig. 7.23 Absolute Acceleration Response Spectra for 1985 PE-SeT Ground Motions 
272 
0.75 
pamping 
2% 
5% 
-
10% ~ 
0.50 20% r= () 
:1 
., 
... 
t) 
-t) g 
g 
~ 
a; 
!l 0.25 g 
t) 
Q. 
tel 
0.00 ~~~~~~~~~~~~~~~~~~~--~--~--~--~--~~~--~ 
0.0 
-.a 
-
= 0.50 
o 
;:I 
II 
... 
C) 
~ 
g 
g 
~ 
-
., 
b 
g 0.25 
C) 
Q. 
tel 
1.0 2.0 
Period (sec) 
(a) EW Direction 
3.0 4.0 
pamping 
2% 
5% 
----10% 
----20% 
5.0 
0.00 ~~~~~~~~~~~~~~~~------~ .. --~~~~~~~~~~~~~ 
0.0 
Fig. 7.24 
, .0 2.0 
Period (sec j 
(b) NS Direction 
3.0 4.0 5.0 
Absolute Acceleration Response Spectra for 1979 D-SCT Ground Motions 
273 
0.35 
0.30 
~ 0.25 
= 0 
-~ 
'" 0.20 ~CP 
-CP U 
U 
< 0.15 
-
'" .!3 
u 
CP 
~ 0.10 (fJ 
0.05 
0.00 
0.0 
0.35 
0.30 
-. 
taD 0.25 
-
= 0 
..... 
~ 
'" 
0.20 ~ 
4.l 
Qj 
U 
U 
< 0.15 
-; 
.!J 
u 
4.l 0.10 Po. 
(fJ 
0.05 
0.00 t 
0.0 
Fig. 7.25 
1979 seT EW 
1979 D-SCT EW 
1.0 2.0 3.0 4.0 5.0 
Period (sec) 
(a) EW Direction 
1979 SCT NS 
1979 D-SCT NS 
1.0 2.0 3.0 4.0 5.0 
Period (sec) 
(b) NS Direction 
Absolute Acceleration Response Spectra for 5% Damping for 1979 Acceleration 
Time Histories Used in the Dynamic Analysis of the Durango Building Models 
274 
-~ 
~ 
o 
.... 
,.J 
'" 
" 4l 
-
1.0 
~ 0.5 
C,) 
< 
-~ 
-
0.5 
Period (sec) 
(a) EW Direction 
Damping 
2% 
5% 
----10% 
----20% 
DampIng 
2% 
5% 
----10% 
----20% 
Q.o~=-~~~~~=:J 
0.0 1.0 2.0 3.0 4.0 5.0 
Fig. 7.26 
Period (sec) 
(b) NS Direction 
Absolute Acceleration Response Spectra for 1979 PE-seT Grnund Motions 
275 
-III 
-5:2 
o 
~ 
0.30 
t 0.20 
-
I,) 
c 
c 
.: 
.. 
b 
c 
I) 
8; 0.10 
-M 
-5:2 
o 
0.30 
~ 
., 
t 0.20 
-I,) c 
c 
.: 
.. 
b 
c 
I,) 
8; 0.10 
Fig. 7.27 
, . 
!,,~", .. , .. ~':,,:; ~:';" .. ( .... "~"~ ~.~'~)'; ;' - \ 
Period (sec) 
(a) EW Direction 
Period (sec) 
(b) NS Direction 
1979 SCT EW 
1979 PE-SCT EW 
1979 SCT NS 
1979 PE-SCT NS 
Absolute Acceleration Response Spectra for 5% Damping for 
1979 Acceleration Time Histories Used in Dynamic Analyses of 
the Park Espana Building Models 
276 
ClJ 
"d 
;) 
4-J 
.,..{ 
4-J 
cd 
....:I 
..c: 
. 4-J 
H 
0 
Z 
. 
en 
L{') 
~ 
. 
(j) 
..--
Units: 
. 
en· -4--~~~-r~~--~~~~~~~~~~-r~~~~~--~-+~~ 
Fig. 7.28 
East Longitude 
Isoseismal Map Showing the tvlaximum Resultant Horizontal Ground 
Accelerations for a Ponion of the Mexico City Lake Zone for the 
25 April 1989 Mexico Earthquake (Ms = 6.9) (after Del Valle. 1990) 
277 
Katz Referenee Room 
University of DmKl&8 
BI06 Newmark CE Lab 
205 North Mathews Avenue 
Urbana, illinois 61801 
\.0 
0.9 
0.8 
0\ 0.7 
C 
0 
:z 0.6 
0 
L. 
., 
'"ii 0.5 
0 
0 
< 0.4 
"0 
L. 
o6J 0.3 0 
., 
Q. 
U) 0.2 
0.1 
0.0 
0.0 
Fig. 7.29 
0.5 1.0 1.5 2.0 2.5 3.0 3.5 ".0 
Period, seconds 
Shear Wave Velocity. ftls 
o 200 400 600 eoo 1000 1200 
o 0 
J! 2~­
a. 
I) 
c 30-
3~ -
.. 0 f-
45 r-
50 
0 
-- Interprctcd Profile 
__ tJodified Prom. 
20 
40 
~ .. 
J.J 
-
,. 
- 100 
- 120 I to ~50 mIl 
-
140 
, I , I , I I - 1150 
100 200 lOa 400 
Shear Wave Velocity. m/s 
".5 5.0 
Effect of Minor Change in Assigned Shear Wave Velocity on Absolute 
Acceleration Response Spectrum for 5% Damping for J985 SCT-CUMV 
(Seed et aI, 1987) 
278 
1.0 
-E 
-
-
c 
• E .. 
• 0.0 ' , u 
',-, ,I 0 Q. 
• is 
-
0 
0 
a: 
-1.0 
15000 
-z ~ 
-
... 
~ 0 ~ 
U) 
! 
~ I 
-15000 t 
350000 
-E 
i 
-
-
c 
• E 
0 0 :I 
at 
C 
E 
::I 
~ 
~ 
-350000 
30 
Fig. 8.1 
" 
40 50 
I 
~ 
~ Ii . 
II ,I ,I 
'I ,I ,I 
'I ,I II 
II , I II 
, I ,I , I 
, , , I , I 
I 
I I 
I' , I I I 
.' II 
I, 
.1 , I II 
,I II II 
# 
" 
'I 
" 
I, 
" 
-
I ~ I !: :: :: 
• I I I I 
'1 I, 
~ ~ 
• I 
I 
60 
Time (sec) 
I-
,I 
" I' 
, I 
I 
70 
I 
Newly Retrofit 
Post-79 
Newty Retrofit 
Post-79 
Newty Retrofit 
Post-79 
80 90 
EW Roof Displacement, Base Shear and Overturning Moment Time Histories 
for the Newly Retrofit and Post-79, Flexible-Based Durango Building Models 
Subject to 60 Seconds of the 1985 SeT EW and NS Records (Si = 0.10) 
279 
1.0 
~ 
-E 
-
.. 
-c ., ~ 
E 
., .. 
u 0.0 -.. . 
C Q. 
CD 
C 
-
0 
0 
~ 
-1.0 
15000 [ 
- I. z .:JC. -~ 2 0 ~ 
en 
., 
CD 
~ 
-15000 
350000 
-E 
~ 
-
-
c 
CI 
E 
0 0 ~ 
CI 
c 
E 
:l 
1:: 
CI 
~ 
-350000 
30 
Fig. 8.2 
I . . I . I I 1 . 
Newly Retrofit 
- - - Post-79 
.. , 
1":.1 I.'. :.' "..1 ..L\ !...' ': .. ~., ... J :.' !.., ~ I, ~ " . ~ ~ 
.... 
" '" 
- '(I " 
,I ~ ''1 "" " '" .. ~ ';', ~ " '" .. ,: " 
r, .... ~. " 
,I 
I I I I I . . 
Newly Retrofit 
- - - Post-79 
Newly Retrofit 
Post-79 
40 50 60 70 80 90 
Time (sec) 
NS Roof Displacement, Base Shear and Overturning Moment Time Histories 
for the Newly Retrofit and Post-79, Flexible-Based Durango Building Models 
Subject to 60 Seconds of the i985 SCT EW and NS Records (ti = O.iO) 
280 
t-) 
00 
~ 
-~N 
*U3~~ A .f· - .j'" .1" .,'" -., ..... I I I I I ®-l ~~~ ~ 
I I I I I 
I I' I I 
~-G@@--G 
8"4~ StOfY 
-~1 
Stolry 3/Floor 3 
<MiT -tMO,"{M 1)- (MIr - ~ f 
®-~~~-'4.Yl' 
P8 Story/PO Floor 
-'''[11 
Story 4/Floor 4 
.c.r _eMf 
-!... 1 . .. 1 . 
Story 1/Floor 1 
.--.-.-.--. 
I I I I I 
I ~ t J I I I 1 I 
I I I I I 
~~r 
I I I I I 
~-~@--@ 
Story 5/Floor 5 Story 6 
.--~~.--• .---..~-. ~-T-T-~- • .--T-r--r--. 
I I I ! I I I I I I I I I I I I I I I I 
I ~ til I ~ t J I I ~~ ~ I I ~~ tr::) I I I I I I 1 , I ~~ Y I I '-?'~ ~ I 
I I I I I I' I I I I I I I I I I I I I I 
I I I I I I I I I I I I I I I I I I I I 
.-~~-•• 4~.-~ ~4G-~-. @--~~-. 
Story 7 
Column Orientation 
-c1JEr NS ME~ MNS 
EW 
~ 
Story 8 Story 9 
= Predicted Column Failure Mode 
M = M>Mbal 
T = Tensile Behavior Failure 
C = Compressive Behavior Failure 
1-6 = Failure Condition (Section 6.3) 
E = About EW Bending Axis 
N = About NS Bending Axis 
Story 10 
Predicted Beam Failure Mode 
I Shear 
I Flexure 
Fig. 8.3 Overstressed RC Columns and Beams Predicted by the Flexible-Based, Post-79 Durango Building Model 
Subject to the 1985 SCT Records (gj = 0.10) 
N 
00 
N 
~N 
@-~--~-~--~--~ 
I I I I ®-: t t t 
I I I I 
I I I I I 
©-la. __ --:L _1 __ l __ ----J 
Basement Story 
Story 3/Floor 3 
r--T-T--r---, 
I I I I I 
I ~ ttl I I I 
I I I I I 
I I I I I 
l.. __ --:L_1 __ l __ ---' 
Story 7 
Column Orientation 
~:/:»: NS M MNS EW EW 
.... --
.... _-
PB Story/PB Floor Story 1/Floor 1 Story 21Floor 2: 
r - - T - T - -f- - --, 
I I I I I I ~ ttl I I I 
I I I I I 
I I I I I 
~ __ ~ _1 __ l ___ ----J 
Story 4/Floor 4 Story 5/Floor 5 Story 6 
r--T-T--r---, r --T-r--r ---, r - - T - r - -1- - --, 
I I I I I I I I I I I I I I I I .L ttl I I , I ~ ttl I I I I ~ ttl I I I 
r I I I I I I I I I I I I I I 
I I I I I 
l.. __ -L _1 __ l __ ---' I I I I I l.. __ ~ _1 __ L __ ---' I I I I I l.. __ --:L _1 __ L __ ---' 
Story 8 Story 9 Story 10 
cg = Predicted Column Failure Mode 
M = M>Mbal 
T = Tensile Behavior Failure 
Predicted Beam Failure Mode 
I Shear 
I Flexure C = Compressive Behavior Failure 1-6 = Failure Condition (Section 6.3) 
E = About EW Bending Axis 
N = About NS Bending Axis 
Fig. 8.4 Overstressed RC Columns and Beams Predicted by the Flexible-Based, Newly Retrofit Durango Building Model 
Subject to the 1985 SCT Records (Ei = EiFVT) 

-'In 
~ 
to) 
-Z 
0 
tv ~ 00 
.I::>- ~ {j 
~ 
Fig. 8.6 
1000 
900 
800 
700 
600 
500 
400 
300 
200 
100 
0 
a 2 
1985 SCT NS 
1979 SCT NS 
DDF-76. 0=2 
DDF-87. BuildIng Type At 0=2 
'" ----------.. 
3 4 
PerIod (sec) 
5 
SCT NS Absolute Acceleration Response Spectra for 5% Damping and Mexico City Design Spectra for the Lake Region 
N 
00 
til 
~ ~ PH ROOIg ~ ~ 
,II' .l" "I' ,1"- .01' 
r-
---------
t=--------
t=--------
t=--------
t=--------
r--------, 
. _ ..... - .:: ..... :....-.-:: .. 
_--------1 
_--------t 
_--------t 
.-----~-=-... 
.... . 
,I' ,.1' .1"- •• " ,.1- ,I Bas'~~e~r, 
IIll 1111 
Frames 1 and 5 • Beam Plastic Hinge Frames 2,3 and 4 
• Column Plastic Hinge 
Fig. 8.7 Schematic Diagrams Showing Plastic Hinge Locations for Static Collapse Mechanism 
for the Original Durango Building when Deflected to the West 
tv 
00 
0\ 
Roof 
10 
9.- lIB 1 XEconn_NR 
-- 1/5OxEconn_NR 
81 il ~ 11 !~ ( +) = Compression 
7 
6 
5 
4 
3 
2 
PB 
Base 
-1000 kN 5000 kN -1000 kN 5000 kN -1000 kN 5000 kN -1000 kN 5000 kN 
Fig. 8.8 
Column C-1 Column A-1 Column C-5 Column A-5 
Envelopes of Maximum Axial Force for Four Columns of the Newly Retrofit Durango Building Model Subject to the 
1985 SCT EW Ground Motion for Two Connection Stiffnesses: Econn = 1xEconn_NR and Econn = 1/50xEconn_NR 
N 
00 
-....) 
Roof 
10 
9r- l1li 1 xEconn_NR 
- 1/500xEconn_NR 8, !~ ll~ i~ !~~ (+) = Compression 
7 
6 
5 
4 
3 
2 
PB 
Base 
-1000 kN 5000 kN -1000 kN 5000 kN -1000 kN 5000 kN -1000 kN 5000 kN 
Fig. 8.9 
Column C-~ Column A-1 Column C-5 Column A-5 
Envelopes of Maximum Axial Force for FlOur Columns of the Newly Retrofit Durango Building Model Subject to the 
1985 SeT EW Ground Motion for Two Connection Stiffnesses: Econn = 1xEconn_NR and Econn = 1/500xEconn_NR 
tv 
00 
00 
-"N 
®-~--~-~--~---r 
I I I I 
®-l t t i 
I I I I 
I I I I I 
@-1a. __ --L_l. __ L __ ---J 
Basement Story 
Story 3/Floor 3 
rr--T-r--,.-----, 
I I II I I 
I ~ ~ J I 
I I If 1 1 
1 I II I I 
I I ~ I I Ia. __ --L _ 1 __ l __ .-J 
StOI)' 7 
Column Orientation 
~ .................. NS .................... M MNS EW EW 
.---
L __ 
PB Story/PB Floor Story 1/Floor 1 Story 2/Floor 2 
rr - - T - r - -,.- - ---, 
I I I I I I ~ til I I I 
I I I I 1 
I I I I I 
Ia. __ -L _1 __ L __ ---J 
Story 4/Floor 4 Story 51 Floor 5 Story 6 
rr - - T - r -- -,.-- ---, rr--T-r--,.-----, ~ - T - T - -,.- - ---, 
1 1 1 1 1 1 I I I I 1 I I I 1 I ~ til 
.1 I , I ~ t J I I I 1 I I ~ t J 1 I I 1 I 
1 I I I I 
I I I I I 
I I I I I 
I I I I I 
I I I I I 
I I I I I 
1a. __ ~_1 ___ l __ .-J 1a.--~-l--L--<9 <@-_~_l __ L __ @ 
Story 8 Story 9 
~ = Predicted Column Failure Mode M = M>Mbal 
T = Tensile Behavior Failure 
C = Compressive Behavior Failure 
1-6 = Failure Condition (Section 6.3) 
E = About EW Bending Axis 
N = About NS Bending Axis 
Story 10 
Predicted Beam Failure Mode I Shear 
I Flexure 
Fig. 8.10 Overstressed RC Columns and Beams Predicted by the Flexible-Based, Post-85 Durango Building Model 
Subject to the 1985 SCT Records (~i = ~iFVT) 
tv 
00 
\0 
-.....,N 
®-~--~-1--~--:f 
I I I I I 
@-' ~ t ~ I I I 1 I 
I I I I I 
I I I I I 
@-L... __ --L __ 1 __ l __ ---' 
Basement Story 
Story 3/Floor 3 
j---T·-T--,-----, 
I I I I I 
I ~ t ~ I I I 1 I 
I I I I I 
I I I I I 1.. __ ~ __ 1 __ l. __ ___J 
Story 7 
Column OrIentatIon 
ME~~~=S NS 
EW 
r--
L __ 
----11'------
PB Story/PB Floor Story 1/Floor 1 Story 2/Floor 2 
Ir----, j--T-T--r---, 
I I I I I 
I • t J I 
I I 1 I 
I I I I I 
I "I I I.. __ --L _1 __ L __ ~ 
Story 4/Floor 4 Story 5/Floor 5 Story 6 
r - -T - r --,----, r - - -,-T - -,- - --, ®--T-T - -,----, 
I I I I I I I I I I I I I I I 
I • t J I I I 1 , I ~ t ~ I I I 1 I I ~ t ~ I I I 1 I 
I I I I I I 'I I , I I I I I 
I I I I I 1.. __ ~_1 __ L __ __J I I I I I ~_--L_1 __ l __ ~ I I I I I I.. __ . ..L _1 __ l __ __J 
Story 8 Story 9 Story 10 
<!§) = Predicted Column Failure Mode 
M = M>Mbal 
T = Tensile Behavior Failure 
Predicted Beam Failure Mode 
I Shear 
I Flexure C = Compressive Behavior Failure 1-6 = Failure Condition (Section 6.3) 
E = About EW Bending Axis 
N = About NS Bending A:ds 
Fig. B.ll Overstressed RC Columns and Beams Predicted by the Flexible-Based, Post-B5 Durango Building Model 
Subject to the 1985 SCT Records (~i = 2X~iFVT) 
N 
\0 
o 
·,--..N 
~ ~~I~q) ~ ~ ®~;-:~-<!:V--~ 
I I I I t ®-: t t i : 
I I I 
I I I , I 
I 1 I I ~ <LN. T1£>- , __ a. __ L __ 
Elatlem.m Story 
Story 3/Floor 3 
,.- - - -T'· - T - -r - ---, 
I I I I I I ~ til I I I 
I I I I I 
I I I I I I... ___ 1,. _1 __ l __ ---' 
Story 7 
Column Orientation 
~NS 
MEk..MNS 
EW 
IL __ 
PB Story/PB Floor Story 1/Floor 1 Story 2/Floor 2 
,.---T-T--r----, 
I I I I I I ~ ttl I I I 
I I I I I 
I I I I I I... __ --L _1 __ L __ --J 
Story 4/Floor 4 Story 5/Floor 5 Story 6 
r--T-T--r---, 
I I I I I I ~ til I I I 
I I I I I 
I I I I I 
I... __ --L _1 __ L __ ---' 
r - - T - T - -r - ---, 
I I I I I I ~ til I I I 
I I I I I 
I I I I I 
I... __ --L _1 __ L __ ---' 
"---T - T - -r - --, 
I I I I I I ~ til I I I 
I I I I I 
I I I I I 
I... __ .-L _1 __ l __ ....J 
Story 8 Story 9 Story 10 
= Predicted Column Failure Mode 
M = M>Mbal 
<!W 
T = Tensile Behavior Failure 
Predicted Beam Failure Mode 
I Shear 
C = Compressive Behavior Failure 
1-6 = Failure Condition (Section 6.3) I Flexure 
E = About EW Bending Axis 
N = About NS Bending Axis 
Fig. 8.12 Overstressed RC Columns and Beams Predicted by the Flexible-Based, Newly Retrofit Durango Building Model 
Subject to the 1985 D-SCT Records (~i = ~iFVT) 
t-.> 
\0 
~ 
.... N 
@-~---f-~--~--~ 
I I I I I 
@-' ~ t J I I I 1 I 
I I I I I 
I I I I I 
©-~ __ -L_l __ l __ ---J 
Basement Story 
Story 3/Floor 3 
~-T-T--'----' 
I I I I I I ~ til I I I 
I I I I I 
I I I I I 
I.. __ --L_l __ l __ ~ 
Story 7 
Column Orientation 
~NS 
MEWT MNS 
EW 
.----' 
L __ ., 
PB Story/PB Floor Story 1/Floor 1 Story 2/Floor 2 
r--T-T--,-----, 
I I I I I 
I ~ t J I I I 1 I 
I I I I I 
I I I I I l __ .L_l __ l __ --J 
Story 4/Floor 4 Story 51 Floor 5 Story 6 
~-T--T--,----, 
I I I I I I ~ ttl I. I I 
I I I I I 
I I I I I 
G---L __ l-_l--...J 
~-T-T--'----' 
I I I I I I ~ ttl I I I 
I I I I I 
I I I I I 
~. __ --L_l __ l __ ...J 
~-T-r - -,----, 
I I I I I 
I ~ t ~ I I I 1 I 
I I I I I 
I I I I I 
G----L-l--l--~ 
Story n Story 9 Story 10 
(~ = Predicted Column Failure Mode 
M = M>Mbal 
T = Tensile Behavior Failure 
Predicted Beam Failure Mode 
I Shear 
C = Compressive Behavior Failure 
1-6 = Failure Condltl()n (Section 6.3) I Flexure 
E = About EW Bending Axis 
N = About NS Bending Axis 
Fig. 8.13 Overstressed RC Columns and Beams Predicted by the Flexible-Based, Original Durango Building Model 
Subject to the 1979 SeT Records (gi = 0.05) 
N 
\0 
N 
.... N 
®-~--~-~--~--~ 
I I I I ®-l t t i 
I I I I 
I I I I I 
@)-~ __ ~_l __ l __ ~ 
Basement Story 
Story 3/Floor 3 
j--T-r--r---, 
I I I I I 
I ~ til I I I 
I 1 1 I I 
1 I 1 1 I 
@-_~_1 __ l __ .-J 
Story 7 
Column Orientation 
~NS ME~ MNS 
EW 
r--
L __ 
PB Story/PB Floor Story 1/Floor 1 Story 2/Floor 2 
j--T-r - -,----, 
1 I I I 1 I ~ til I I I 
I I I I I 
I I I I I 
'-- __ ~ _1 __ l __ ._J 
Story 4/Floor 4 Story 5/Floor 5 Story 6 
j--T-r--r---, j - -T-r--,----, ®--T-r--,----, 
I I I I I I I I I I 1 I I I I 
1 ~ t ~ I I. I 1 I I ~ til I I I I ~ til I I I 
1 I I I I I I I I I I I I I I 
1 I I I I 
@-_~_1 __ l __ ~ I I I I 1 <9--~ -1 __ l __ .-J I I I I I <9--~_1-_l_-~ 
Story 8 Story 9 Story 10 
<fu) = Predicted Column Failure Mode 
M = M>Mbal 
T = Tensile Behavior Failure 
Predicted Beam Failure Mode 
I Shear 
I Flexure C = Compressive Behavior Failure 1-6 = Failure Condition (Section 6.3) 
E = About EW Bending Axis 
N = About NS Bending Axis 
Fig. 8.14 Overstressed RC Columns and Beams Predicted by the Flexible-Based, Original Durango Building Model 
Subject to the 1979 D-SCT Records (~i = 0.05) 
5000 l 5000 
t 
4000 ~~'" 4000 f 
" I 
r::2 I '-. ... , d o , .. ".... 0 i 
'CD'" 'iii . f 3000 f "" f 3000 f 
u u r 
1\ 1\ ~ 
II II l 7 2000 7 2000 ) 1 
N I I 
~ Z' Z' j ~ ~ 
"-" "-" 
Q) 1000 Il 1000 
o 0 
~ ~ 
o 0 
? ~ 
~ . ~ 
~ ~ 
a. 0 
-1000 L.r ~-,--"""""-___ L-...~ ____ -'--___ -'--~--'---'---'--____ -'--"""----'--~_--' 
o 100 200 300 400 500 -1000 o 100 200 300 400 
Moment, Mn (kN-m) Moment, Mn (kN-m) 
(a) About Major Bending Axls (EW Moment) (b) About Minor Bending Axis (NS Moment) 
Fig. 8.15 Computed Time History Load-Moment Response of Column A-l of Story 8 for the Flexible-Based, 
Original Durango Building Model Subject to the 1979 SeT Records (Si = 0.05) 
500 
E 
-.. 
c 
• E 
• g 
D 
a. 
• c 
a 
o 
a: 
I 
D 
12 
-E 
i 
-.. 
c 
• E 
D 
~ 
D 
C 
E 
:1 
't 
• ~ 
0.225 
-0.225 
4000 
-4000 
62500 
-62500 
30 
Fig. 9.1 
40 
" • 1 
50 
.. 
'I 
" I • I, 
I I 
I 
• 
1\ 
.. 
I. 
•• .. 
" 
" II 
,. 
,I 
~ 
60 
Time (sec) 
70 
Newly Retrofit 
Post-79 
Newly Retrofit 
Post-79 
Newly Retrofit 
Post-79 
80 
EW Roof Displacement, Base Shear and Ovenuming Moment Time Histories 
90 
for the Newly Retrofit and Post-79, Flexible-Based Park Espana Building Models 
Subject to 60 Seconds of the 1985 SeT EW and NS Records (51 = 0.10) 
294 
Fig. 9.2 NS Roof Displacement, Base Shear and Overturning Moment Time Histories 
for the ~ewly Retrofit and Post-79, Flexible-Based Park Espana Building Models 
Subject to 60 Seconds of the 1985 SeT EW and NS Records (Si = 0.10) 
295 
tv 
\0 
0\ 
:.:.J.v--..:' . 
PB Story 
Story 3 
Story 6 
Fig. 9.3 
Column Orientation 
NS,z 
MNS'M~.: .... ~EW'y 
MEW,My 
Story 1 
Story 4 
Story 7 
@ 
Story 2 
Story 5 
Story 8 
= Predicted Failure Mode 
M = M>Mbal 
T = Tensile Behavior Failure 
C = Compressive Behavior Failure 
1-6 = Failure Condition (Section 6.3) 
Z = Major Bending Axis 
y = Minor Bending Axis 
Predicted Modes of Material Failure in the Columns of the Park Espana Building According to the Flexible-
Based, Post-79 Model Subject to the 1985 SCT NS and EW Records (Si =0.10) 
t-.) 
'" 
'" 
0-9- -
®--~ ... 
PSI Story 
Story 3 
Story 6 
Fig. 9.6 
, .... 
... N 
t 
Column Orientation 
NS,z 
MNs.M~ ........ _ ~EW'V 
MEW.My 
Story 1 
Story 4 
T4 
Story 7 
@ 
Story 2 
Story 5 
T4u1 • • 
Story 8 
= Predicted Failure Mode 
M = M>Mbal 
T = Tensile Behavior Failure 
C = Compressive Behavior Failure 
1-6 = Failure Condition (Section 6.3) 
Z = Major Bending Axis 
y = Minor Bending Axis 
Plredicted Modes of Material Failure in the Columns of the Park Espana Building According to the Flexible-
Based, Post-85 Model Subject to the 1985 SCT NS and EW Records (~i = 0.10) 
t-l 
\0 
00 
C( 
@--c.~ ®- .1 
PB Story 
Story 3 
Story 6 
N 
t 
Column Orientation 
NS,z 
MNS'M~ ....... : . :...... ...... _ ~EW,Y 
MEw,My 
Story 1 
Story 4 Story 5 
Story 7 Story 8 
@ = Predicted Failure Mode 
M = M>Mbal 
T = Tensile Behavior Failure 
C = Compressive Behavior Failure 
1--6 = Failure Condition (Section 6.3) 
z = Major Bending Axis 
y = Minor Bending Axis 
Fig. 9.5 Plredicted Modes of Material Failure in the Columns of the Park Espana Building According to the Flexible-
Based, Post-85 Model Subject to the 1985 SCT NS and EW Records (~i = ~iFVT) 
tv 
\0 
\0 
0-? .cp 
. ',,--
jf4 
PB Story 
Story 3 
Story 6 
Fig. 9.6 
N 
t 
Column Orientation 
NS,z 
MNS'M~: .......... _ ~EW'Y 
MEW,My 
Story 1 
Story 4 
T4 
Story 7 
(g 
Story 2 
Story 5 
T4,,) . .. 
Story 8 
= Predicted Failure Mode 
M = M>Mbal 
T = Tensile Behavior Failure 
C = Compressive Behavior Failure 
1-6 = Failure Condition (Section 6.3) 
Z = Major Bending Axis 
y = Minor Bending Axis 
Predicted Modes of Material Failure in the Columns of the Park Espana Building According to the Flexible-
Based, Post-85 Model Subject to the 1985 SCT NS and EW Records (5i = 0.10) 
, . 
',1 i~.: \. 
;.' 
!:, ,:~. ) 
Ul 
o 
o 
;'" '..:, 
. cp 
,0------
PB Story 
Story 3 
Story 6 
Fig. 9.7 
N 
t 
Column Orientation 
NS,z 
MNS'M~ ..•.••...••...•........ _ ~EW,y 
MEW,My 
Story 1 
Story 4 
Story 7 
Story 2 
Story 5 
Story 8 
® = Predicted Failure Mode M = M>Mbal 
T = Tensile Behavior Failure 
C = Compressive Behavior Failure 
1-6 = Failure Condition (Section 6.3) 
Z = Major Bending Axis 
y = Minor Bending Axis 
Predicted Modes of Material Failure in the Columns of the Park Espana Building According to the Flexible-
Based, Post-85 Model Subject to the 1985 SCT NS and EW Records (~i =0.20) 
®-- . . 
~, . . .~ 
~ 
o 
...... 
®= 
~tlj t-' ,-C)1~d~ 
PB Story 
Story 3 
Story 6 
N 
f 
Column Orientation 
NS,z 
MNS'M~ _ 
~EW'y 
MEW,My 
Story 1 
Story 7 
cg = Predicted Failure Mode 
M = M>Mbal 
T = Tensile Behavior Failure 
Story 2 
Story 8 
C = Compressive Behavior Failure 
1-6 = Failure Condition (Section 6.3) 
z = Major Bending Axis 
y = Minor Bending Axis 
• 
fl~~·a ~ ftli~'~ w~· .~~ 
~.~ o~g 
Fig. 9.8 Predicted Modes of Material Failure in the Columns of the Park Espana Building According to the 
Fixed-Based, Post-85 Model Subject to the 1985 SCT NS and EW Records (~i = ~iFVT) 
C) ~ S' ~ 
.... > ~~.8 00 < tJi::l O('tl .... 
....... :=' 
C (t 
d 
~ 
CIQ 
en 
Q.I 
a.-
0. 
S 
0 
U 
1\ 
II 
J!. 
+ 
---
Vl 
0 ~ tv 
~ 
--OJ 
0 
a.-
0 
~ 
-cd 
-~ 
2400 I 2400 
~ 
l 
"-- ~ 
d [ 
0 ~ ai ~ en Q.I 1200 ~ N 1200 :; .-0. 
'" 
S 
'" 
0 
) U 
1\ 
°1 
II 
II 
-+ 
1 ~ ~ ~ 
-
OJ 0 
0 
N 
0 
~ 
-; 
~ 
-1200~' --~~----~----~--~~~~--~----~----~ -1200 L' ~~~--~~~~--~~~~~~~-~~~--~~ 
o 
Fig. 9.9 
50 100 
Moment. Mn (kN-m) 
(a) About Major Bending Axis (NS Moment) 
150 o 50 100 
Moment. Mn (kN-m) 
(b) About Minor Bending Axis (EW Moment) 
Computed Time History Load-Moment Response of Column A-3 of Story 2 for the Flexible-Based, Newly Retrofit 
Park Espana Building ivlodel Subject to the 1985 SCT EW and NS Records (Si = £iFVT) 
150 
C".) 
o 
C".) 
<p 
@-. • 
N 
t 
®= 
PB Story Story 1 Story 2 
Story 3 Story 4 Story 5 
4vJ-=. • 4vJ • • 4vJ • • 
Fig. 9.10 
Story 6 
Column Orientation 
NS,z 
MNS'M~ .•. :.:::.: .. : ...• :..... . ~EW'y 
MEw,My 
Story 7 
@ 
Story 8 
= Predicted Failure Mode 
M = M>Mbal 
T = Tensile Behavior Failure 
C = Compressive Behavior Failure 
1-6 = Failure Condition (Section 6.3) 
Z = Major Bending Axis 
y = Minor Bending Axis 
Predicted Modes of Material Failure in the Columns of the Park Espana Building According to the Flexible-Based, 
Newly Retrofit Model with Cracked Columns Subject to the 1985 SCT NS and EW Records (~i = 0.10) 
w 
o 
.J:>. 
'( 
0-
Fig. 9.11 
cp 
Story 3 
Story 6 
N 
t 
Column Orientation 
NS,z 
MNS'M~ ... :.:::: ........ :.... .. ~EW'y 
MEW,My 
Story 1 
Story 4 
4") • • 
Story 7 
~ 
~ 
Story 2 
Story 5 
4") • • 
= Predicted Failure Mode 
M = M>MbaJ 
T = Tensile Behavior Failure 
Story 8 
C = Compressive Behavior Failure 
1-6 = Failure Condition (Section 6.3) 
Z = Major Bending Axis 
y = Minor Bending Axis 
Predicted Modes of Material Failure in the Columns of the Park Espana Building According to the Flexible-Based, 
Post-8S Model with Cracked Columns Subject to the 1985 SCT NS and EW Records (~i = 0.10) 
(".) 
o 
VI 
0-L 
®----- . - N 
0)-. • 
®= 
PB Story 
Story 3 
Story 6 
Fig. 9.12 
t 
Column Orientation 
NS,z 
MNS'M~ .......... _ ~EW'Y 
MEw,My 
Story 1 
Story 4 
Story 7 
cg 
Story 2 
Story 5 
Story 8 
= Predicted Failure Mode 
M = M>Mbal 
T = Tensile Behavior Failure 
C = Compressive Behavior Failure 
1-6 = Failure Condition (Section 6.3) 
z = Major Bending Axis 
y = Minor Bending Axis 
Predicted Modes of Material Failure in the Columns of the Park Espana Building According to the 
Flexible-Based, Newly Retrofit Model Subject to the 1985 PE-CUMV Motion (~i = ~iFVT) 
~ 
o 
0\ 
Story 3 
Fig. 9.13 
Column Orientation 
NS,z 
MNS'M~ ... : ........................ . ~EW,y 
MEw,My 
Story 1 
Story 4 
Story 7 
cg 
.~ 
Story 5 
'~ 
Story 8 
= Predicted Failure Mode 
M = M>Mbal 
T = Tensile Behavior Failure 
C = Compressive Behavior Failure 
1-6 = Failure Condition (Section 6.3) 
Z = Major Bending Axis 
y = Minor Bending Axis 
Predicted Modes of Material Failure in the Columns of the Park Espana Building According to 
the Flexible-Based, Newly Retrofit Model Subject to tlhe 1985 PE-SCT Motions (~i = ~iFVT) 
0> 
o 
-....J 
0-? · 
®= .• -_ ... 
PB Story 
Story 3 
Story 6 
Fig. 9.14 
• 
N 
f 
Column Orientation 
NS,z 
MNs.M~ •... ::.:... . .... _ ~EW'y 
MEW,My 
Story 1 
Story 4 
Story 7 
(9 = Predlctod Failure Mode 
M = M>Mbal 
T = Tensile Behavior Failure 
Story 2 
Story 5 
Story 8 
C = Compressive Behavior Failure 
1-Ei = Failure Condition (Section 6.3) 
Z = Major Bending Axis 
y = Minor Bending Axis 
Predicted Modes of Material Failure in the Columns of the Park Espana Building According to 
the Flexible-Based, Original Model Subject to the 1979 SCT NS and EW Records (~i = 0.05) 
w 
o 
00 
®-
®--+--<~ ®J ..... ;.~3L-
N 
t 
O <.;.;. "A"«<C§::-
.... ~+:.:.: ... ~ 
PB Story 
Story 3 
Story 6 
Column Orientation 
NS,z 
MNSIM~.: ... : . ~EW'y 
MEW,My 
Story 1 Story 2 
Story 4 Story 5 
Story 7 Story 8 
(f;) = Predicted Failure Mode 
M = M>Mbal 
T = Tensile Behavior Failure 
C = Compressive Behavior Failure 
1-6 = Failure Condition (Section 6.3) 
Z = Major Bending Axis 
y = Minor Bending Axis 
Fig. 9.15 Predicted Modes of Material Failure in the Columns of the Park Espana Building According to 
the Flexible-Based, Original Model Subject Ito the 1979 PE-SCT Motions (Si = 0.05) 
APPENDIX 
THE EQUAKE MODULE IN FEAP 
All of the dynamic analyses presented in Chapters 8 and 9 were carried out using FEAP, a 
general purpose finite element analysis program (Taylor, 1985), and EQUAKE, a module to FEAP 
which performs earthquake time history analysis via modal decomposition. EQUAKE was originally 
written to fulfill the needs of this research, and as such, has no previous documentation. This 
appendix serves to provide the rudimentary documentation necessary to run and to addend the 
EQUAKE module. 
The EQUAKE module is executed from the macro mode of the finite element program FEAP. 
As such, the information passed to the module is the typical information needed to effect an analysis 
of the structure in question: nodal coordinates, element connectivity, material set properties, 
boundary conditions, etc. Therefore, the model can be prepared with the general FEAP mesh 
generation module (mesh or edit mode in FEAP). The module also requires prior knowledge of the 
mass matrix and the eigenvectors for the model. This information can be obtained within the macro 
mode via the lmas (or cmas) and subs commands, respectively. Should numerous dynamic analyses 
be anticipated. storage of the eigenpair data via the set prom command prior to performing subspace 
analysis will prove judicious. The EQUAKE module is entered from the macro mode with the 
command eq. Successful entry into the EQUAKE module is indicated by the EQUAKE banner and 
the EQ > prompt. 
The EQU AKE module is currently implemented to perform earthquake time history analysis of 
3D frame structures only. This is because the eqforc subroutine is specifically written to compute 
three-dimensional base shears and overturning moments, and because the eqmass subroutine is 
specifically written to calculate the base acceleration effective modal force coefficients for 2D and 
3D frame structures. Other specifics of the module one should be alerted to are as follows: 
• The beginning time value of earthquake ground motion record to be read 
in. tmin, is 0.0 second. 
• The first line of each ground motion acceleration input file must contain 
the time interval used in recording the accelerogram, followed by the 
number of acceleration data points contained on anyone line. For 
example, 
0.02 5 
0.29140E-Ol 0.19140E-Ol 0.01400E-02 0.91400E-02 -0.86000E-03 
-o.72160E-02 -o.16270E-Ol -0.12420E-Ol -0.79320E-02 0.18420E-02 
• The source codes for all structural element types for which stress time 
histories are desired must be modified slightly. This modification involves 
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increasing the number of isw pointer options to 14 and adding 6 lines of 
code in option 3 just prior to "if (isw.eq.4) go to 4." The following lines 
were added to the source code for the 3D linear elastic structural beam 
element with rigid end zones: 
nfpe = 12 
if (isw.eq.18) return 
if (isw.eq.14) then 
endif 
write (luno, 2004) teq, (force(i),i=l,nfpe) 
return 
Similar modifications were made to the source codes of the 2D/3D linear 
elastic spring element (nfpe = 6) and the 2D/3D linear elastic truss bar 
element (nfpe = 1). 
EQUAKE Commands, Parameters and Output Control 
Commands. 
The routine EO_DRIVER controls the execution of the earthquake time history 
analysis routines. The execution of the parts of the program is controlled by a command processor 
which recognizes various words (See below for list of words. Also ask for HELP during program 
execution to see list of words). These words help define the attributes of the portion of the time 
history analysis that will subsequently be performed. The commands available are listed below and 
can be given at the EO> prompt. Default values, when applicable, are given in parentheses after the 
command description. Note that FEAP understands only lower case commands. 
acce 
base to If 
damp 
disp n to If 
echo parameter 
end 
file result 
help word 
hist 
look name 
set parameter 
stre n to If 
Read input ground motion acceleration values 
Compute and print base shears and overturning moments for time 
interval (to, If) (0.0 dura) 
Read in modal damping ratios for specified modes (0.00 for all 
modes) 
Compute and print displacements for node n for time interval (to, tf) 
(0.0 dura) 
Toggle or show echo parameters (see -below for list of parameters) 
Exit EQUAKE module and return to macro mode 
Write to ASCII file the specified result, where result can be: disp, 
base or stre 
Display help messages (also, help set and help echo) 
Perform modal time history analysis computations 
Print specified array, where name can be: mass, evec, eval, disp, 
damp or acce 
Set or show set parameters (see below for list of parameters) 
Compute and print stresses for element n for time interval (to,!f) 
(0.0 dura) 
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Parameters. 
Some of the solution scheme are specified by the set command. The parameters which 
can be set are described below. Again, the default values are given in parentheses after the 
parameter description. 
set dt x 
set beta x 
set gamm x 
set mode n 
set file n 
set cos n {x} 
set dura x 
set tmax x 
set 
Ouu>ut Controls. 
Set the time interval used during dynamic analysis to x (0.02 sec) 
Set the 13 parameter of the Newmark-13 method to x (0.25) 
Set the 'Y parameter of the Newmark-f3 method to x (0.50) 
Set the number of modes contributing to dynamic response to n (nf) 
Set the file number used to store the earthquake ground motion 
record to n 
Set the direction cosines for file n to x(1), x(2) and x(3) 
[
file 1: 1.0,0.0,0.0 (along global x - axis)] 
fIle 2 ~ 0.0,1.0,0.0 (along global y -~) 
fIle 3. 0.0, 0.0, 1.0 (along global z - axIS) 
Set the duration or length of dynamic analysis to x (0.0 sec) 
Set the ending time value of earthquake ground motion record to be 
read in to x (1.0 sec) 
Show current values of set parameters 
Cenain arrays can be printed as they are computed (mostly of interest for debugging) 
by setting echo parameters. The parameters which can be echoed are described below. The default 
values are all off. 
echo stre 
echo 
echo all 
echo none 
Example Session 
Output of computed stresses for all time steps, in addition to the 
maxima stress information output by default 
Show current values of echo parameters 
All of the above 
None of the above 
As an example, consider that the mesh for a 3D framed-structure has previously been created 
in FEAP and has been saved in a binary mesh file called fram.msh with the save command, and that 
the first nine eigenpairs have been computed and saved in a binary file called flex.evp with the set 
prom and subs commands. A dynamic analysis of the structure is to be performed using the EW and 
NS components of the accelerogram recorded at the SCT site during the 1979 Mexico earthquake. 
The components are to be applied simultaneously and in their entirety, using a time step of 0.02 
second. umy the first six modes are to ccnLribute to the dynamic response. Desired are ASCII files 
containing the displacement time history of node 12, the stress time history of element 1, and the 
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maximum base shears and overturning moments experienced in each direction during the analysis. 
The following interactive FEAP session is appropriate: 
<> read fram 
<> macr 
> lmas 
> rep flex 6 
> eq 
EQ > set dura 90 
EQ > set tmax 90 
EQ > set file 1 
File name> sct_79.ew 
EQ > set cos 1 
Direction cosines> 0.0,1.0,0.0 
EQ > set file 2 
File name> sct_79.ns 
EQ > set cos 2 
Direction cosines> 1.0,0.0,0.0 
EQ > acce 
EQ > damp 
Mode, damping value (CR to quit) 
Mode, damping value (CR to quit) 
Mode, damping value (CR to quit) 
Mode, damping value (CR to quit) 
Mode, damping value (CR to quit) 
Mode, damping value (CR to quit) 
Mode, damping value (CR to quit) 
EQ > hist 
EQ > file disp 12 
File name > disp12 
EQ > file base 
File name > base 
EQ > echo stre 
EQ > file stre 1 
File name > stre1 
EQ > end 
> end 
<> stop 
> 1 0.05 
> 2 0.05 
> 3 0.05 
> 4 0.10 
> 5 0.10 
> 6 0.10 
> 
Note that in the above session only those parameters which were different from their default settings 
were set, and that the session script includes only those responses from FEAP which require user 
input. 
Storage Allocation in EQ_DRIVER 
The execution of any of the various routines requires that certain arrays exist, the sizes of which 
are determined by the current problem aspects (usually by the number of modes contributing to 
dynamic response nmode). The storage is dynamically allocated in the integer array m(*) via 
pointers called neql, neq2, etc. Current array sizes for the EQUAKE module are summarized 
within an opening comment block of the source code. 
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Source Files for the EQUAKE Module 
Three basic files have been identified within the EQUAKE module: e<Linput.ftn, e<Lcomp.ftn 
and ect..output.ftn. Provided below is a listing of their respective subroutines along with a brief 
description of the contents of each subroutine. A source code listing of the EQUAKE module 
follows this listing. 
e<L,.input.ftn. 
eqdcos 
eqfile 
eqaccel 
eqagt 
eqdamp 
e<L comp .ftn. 
eqmass 
eqmodal 
etLoutput. ftn. 
eqffile 
eqforc 
eqdisp 
eqstrs 
eqestrs 
Subroutine reads and normalizes direction cosines 
Subroutine reads, opens and closes an input file 
Subroutine reads in ground motion acceleration values 
Subroutine computes the acceleration at time t via linear 
interpolation 
Subroutine reads in modal damping ratios for nmode modes. 
Damping ratios must be expressed as decimal fractions of the critical 
damping values 
Subroutine determines base acceleration effective modal force 
coefficients. Subroutine is applicable only to 2D and 3D frame 
structures 
Subroutine computes modal response history via the Newmark-J3 
time integration method with acceleration being the primary 
dependent variable. To save on disk space, only the modal 
coordinate displacement time history information is stored 
Subroutine reads, opens and closes an output file 
Subroutine computes and writes base shear and overturning moment 
time histories from modal coordinate displacement time history 
information, and tracks the maximal values for each. Subroutine is 
restricted to 3D frame structures 
Subroutine computes and writes the displacement time history for a 
selected node, and tracks the maximal values for each nodal degree 
of freedom 
Subroutine computes and writes the stress history for a selected 
element, and tracks the maximal values for each stress quantity 
Subroutine localizes the element displacements from the 
eigenvectors for a selected eiement and calls the proper ELEl'yfEr--rr 
routiTle. 
Note that some of the subroutines in Ll}e EQUA}{..E module call FEAP library routines to accomplish 
tasks such as storage allocation (setmem) and element library calls (elmlib). Routines for i/o 
(parer, mprint, wrnocr) and general utility routines (pzero, promul) are also used. 
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Source Code Listing of the EQUAKE Module 
FILE: eCLdriver.ftn 
C-----------------------------------------------------------------EQUAKE 
subroutine equake(a,evec,eval,ul,xl,tl,ld,p,s,hv,nhv,ie,d,id, 
* x,ix,f,t,dr,jdiag,ndf,ndm,nenl,nst,nf,nend,ifile, 
* iaas,numnod,iprd) 
C *------------------------------------------------------------------* 
C I Earthquake time history analysis by modal decomposition 
C I (Restricted to elastic systems without prescribed displacements) 
C I MACRO Module 
C I Command Driven Control Program 
C I written by K.D. Hjelmstad August 1990 
C *------------------------------------------------------------------* 
C 
C 
C 
C 
C 
C 
C 
C 
C 
C 
C 
C 
C 
implicit double precision (a-h,o-z) 
parameter (nwd=12 ,nmat=25 ,ncc=4,nrdat=4) 
character*4 cc(ncc),wdCnwd),cdum 
character*40 rfileCS) 
logical echo,filflg,accflg,dmpflg,hstflg,fflg,echost 
dimension aC*) ,evec(*) ,evalC*) ,jdiag(*) 
dimension ulcndf,*),xl(ndm,*),tlC*),ld(ndf,*),p(*) ,s(nst,*) 
dimension hvC*),nhv(*) ,ieCndf+l.*),dCnmat.*),idCndf,*) 
dimension x(ndm,*),ix(nenl,*),f(ndf,*),t(*),drC*) 
dimension rdat(nrdat),idl(6),rcos(3,3) 
common /cdata/ oo,dumm(20),numnp,numel,nummat,nen,neq,ipr 
common /eqdata/ time,dt,dur,beta,gamma 
common /acdata/ dta(S),tmin,tmax,npoints 
common /eqecho/ echo,echost 
common /iocom/ luno,ioutl,iout2,iout3 
common 11(1) 
data wd/'end ','echo','set ','help','acce','damp','hist','disp', 
* 'stre','base','file','look'/ 
Storage 
NEQ 
1 
2 
3 
4 
5 
6 
7 
8 
8 
allocation in blank common: 
Array 
AG ground acceleration 
DAMP modal damping 
Drsp modal displacement history 
VEL modal velocity (current) 
ACC modal acceleration (current) 
EKK effective modal force coeff. 
P modal right-hand-side 
KEFF modal effective stiffnes.s 
F computation vector for b.s. 
Size 
3,npoints 
nmodes 
nsteps,nmodes 
nmodes 
nmodes 
3,nmodes 
nmodes 
nmodes 
neq 
*------------------------------------------------------------------* 
c .... Check to see if eigenvectors are available 
if (nf.le.O) then 
write (6,4001) 
return 
elaeif C(imas.ne.l).and. Cillas.ne.2» then 
write(6,4002) 
return 
endif 
write(6,4000) 
c .... Initialize EQ and ECHO parameters 
neCLend = nend 
echo .false. 
echost .false. 
fflg .false. 
filflg . false. 
accflg .false. 
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clmpflg = .false. 
hstflg "" .false. 
npoints = 0 
ti.e 0.0 
dur 0.0 
t.in 0.0 
t.ax 1.0 
nsteps "" 0 
call pzero(rcos,9) 
do 20 i""l.S 
rfile(i) "" ' 
rcos(i.i) = 1.0 
20 continue 
dt = 0.02 
beta z 0.26 
gUJlla = 0.6 
do SO i=l.nf 
eval(i) ., dsqrt(eval(i» 
so continue 
nJlodes = nf 
c. • .. Read EQ Command 
100 if (ifile.eq.S) call wrnocr(6,'EQ > ') 
call parcr (cc,rdat,ncc,nrdat,ifile,errflg) 
do 110 icmd = l,nwd 
110 if (cc(l).eq.wd(icmd» go to 120 
if (cc(l).ne.' 
go to 100 
') write(6,2000) cc(l) 
c ... Transfer to correct processor 
120 go to (l,2,S,4,6,6,7,8,9,10,ll,12),icmd 
c .... END Exit EQ module 
1 return 
c .... ECHO - selectively set ECHO parameters 
2 if(cc(2).eq.'all ') then 
echo "" .true. 
echost "" .true. 
elseif(cc(2).eq.'none') then 
echo "" .false. 
echost = .false. 
elseif(cc(2).eq.'stre') then 
echost "" .not.echost 
endif 
c .•.. Print the current setting of ECHO parameters 
if(cc(2).eq.' ') then 
write(6,S003) echo,echost 
endif 
roto 100 
c .•.. SET - selectively set parameters 
S if (cc(2).eq.'dt ') then 
dt ., rdat(l) 
if (dt.gt.O.O) nsteps "" idnint(dur/dt) + 1 
hatflg., .false. 
elseif (cc(2).eq.'beta') then 
beta"" rdat(l) 
elseif (cc(2).eq.'ramm') then 
gllllUla ., rdat(l) 
elseif (cc(2).eq.'mode') then 
nmodes "" idint(rdat(l» 
if (nmodes.gt.nf) nmodes nf 
if (nmodes.le.O ) nmodes = 1 
clmpflg ., .false. 
hstflr = .false. 
elseif (cc(2).eq.'file') then 
norec • idint(rdat(l» 
call eqfile (rfile,norec,ifile,filflg) 
.false. 
cimpflr •. false. 
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hstflg z: .false. 
elseif (cc(2).eq.'cos ') then 
norec = idint(rdat(l» 
call eqdcos (rcos,norec,ifile) 
elseif (cc(2).eq.'dura') then 
dur z: rdat(l) 
nsteps z: idnint(dur/dt) + 1 
hstflg IE .false. 
elseif (cc(2).eq.'t.ax') then 
t.ax z: rdat(l) 
accflg z: .false. 
dmpfl~ z: .false. 
hstflg IE .false. 
endif 
c .... Echo the current setting of EQ parameters 
if(cc(2).eq.' ') then 
write (8 ,3004) dt,beta,~amma,nmodes,dur,t.ax, 
* rfile(1),rcos(1,1),rcos(1,2),rcos(1,3), 
* rfile(2),rcos(2,1),rcos(2,2),rcos(2,S), 
* rfile(S),rcos(S,1),rcos(S,2),rcos(3,S) 
endif 
goto 100 
c ..•. HELP 
4 if (cc(2).eq.' ') then 
write(8,SOOO) (wd(i),i=l,nwd) 
elseif (cc(2).eq.'set ') then 
write(8,3001) 
elseif (cc(2).eq.'echo') then 
write(S,!002} 
endif 
roto 100 
c .... ACCE - Read input ground acceleration values 
6 if (filflg) then 
if (.not.accflg) then 
neql = neCLend 
call eqaccel (m(neql) ,rfile,rcos) 
ne~end • neql + 3*npoints*ipr 
call setmem (ne~end) 
write(8,2002) , »» Accel. arrays allocated 
accflg = .true. 
cimpflg . false. 
hstflg = .false. 
endif 
els. 
, ,neql ,neCLend 
write(6,200S) 'Acceleration files have not been named' 
endif 
~ to 100 
c.. OAK' - Input damping ratios for specified modes 
• if (acc!lg) then 
if (.not.ampfl,) then 
neq2 z: neCLend 
neCLend = neq2 + nmodes*ipr 
cell setmem (neCLend) 
write(6,2002) , »» Damp. arrays allocated ',neq2,neCLend 
dap!lg = . true. 
hlttlg = .false. 
end if 
call eqdamp (m(neq2),nmodes,ifile) 
ehe 
wTite(8,2008) 'Acceleration records have not been read' 
..-.dlf 
,0 to 100 
c .... MISTOKY - Compute the modal histories 
7 if (dapflg) then 
if (.not.hstfle) then 
neqS neCLend 
neq4 neq8 + nsteps*nmodes*ipr 
neq~ neq4 + nmodes*ipr 
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neq8 • neq5 + naodes*ipr 
neq7 • neq6 + S*naodes*ipr 
neq8 • neq7 + naodes*ipr 
neq9 c neq8 + naodes*ipr 
ne~end c neq9 + neq*ipr 
call set.em (ne~end) 
write(8,2002) , »» Compo arrays allocated : ',neqs,ne~end 
hstflg IC .true. 
endif 
call eqmass (a.evec,.(neq8),id,jdiag.imas,dr,rcos.neq,nmodes. 
* 
ndf, numnp • ndm) 
* 
* 
call eqmodal(.(neq1) •• (neqS),.(neq4) •• (neq5).m(neq6).m(neq8), 
.(neq7),evec,eval,x,a.m(neq2).dr,m(neq9),rcos, 
id,jdiag,neq,ndm,ndf,ifile,imas.nsteps.nmodes) 
else 
write(6.200S) 
endif 
go to 100 
'Modal damping values have not been set' 
c •... DISP - Evaluate and print a selected displacement 
8 if (hstflg) then 
call eqdisp(m(neqS),evec.id.rdat,nmodes,nsteps,neq,ndf.6) 
else 
write(6,200S) 'Modal history has not been computed' 
endif 
go to 100 
c .... STRESS - Evaluate and print a selected member stress 
9 if (hstflg) then 
* 
call eqstrs (m(neqS),evec,rdat,nmodes,nsteps,neq,ul,xl.tl, 
p,s,hv,nhv,dr,d,x,t,f,ie,id,ix,ndf,ndm,nst,6) 
else 
write(6,200S) 
endif 
go to 100 
'Modal history has not been computed' 
c .... BASE - compute overturning moment and base shear history 
10 if (hst!lg) then 
call eqforc(a,evec,eval.dr.x,id,jdiag,m(neqs).m(neq9). 
* rdat,nsteps.imas,nmodes.ndm,ndf,neq,6) 
else 
write(6,200S) 'Modal history has not been computed' 
endif 
go to 100 
c .... FILE - File the history of a selected quantity 
11 if (hstfl,) then 
call eqffile(ifile.fflg) 
luno II; 24 
if (fng) then 
if (cc(2).eq.'disp') then 
call eqdisp (a(neqS),evec,id,rdat,nmodes,nsteps,neq,ndf,24) 
elsei! (cc(2).eq.'stre') then 
call eqstrs (m(neqS),evec,rdat,nmodes,nsteps,neq,ul,xl,tl, 
* p,s,hv.nhv,dr,d,x.t.f,ie~id,ix,ndf.ndm,nst,24) 
alseif (cc(2).eq.'base') then 
call aqforc(a.evec,eval.dr.x,id,jdiag,m(neq3),m(neq9). 
* rdat,nsteps,imas,nmodes,ndm,ndf,neq,24) 
andif 
close(24) 
endif 
luno • IS 
else 
write(6.2003) 'Modal history has not been computed' 
endif 
go to 100 
c .... LOOK - Look at the contents of various arrays 
12 if (cc(2).eq.'mass') then 
if (imas.eq.l) then 
call mprint(a,neq,l,neq,'Lumped Mass Matrix') 
else if (imas.eq.2) then 
ii idint(rdat(l» 
jj IC idint(rdat(2» 
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call unprint(a,jdiag,neq,ii,jj) 
endif 
elBeif (cc(2).eq.'evec') then 
call.print (evec,neq,nmodes,neq,'Eigenvectors') 
elBeif (cc(2).eq.'eval') then 
call mprint (eval,naodes,l,nmodes,'Eigenvalues') 
elBeif (cc(2).eq.'disp') then 
if (hstflg) call mprint (a(neqS),nsteps,naodes,nsteps,'K. Disp') 
elBeif (cc(2).eq.'damp') then 
if (dmpflg) call .print (a(neq2),nmodes,l,nmodes,'Damping') 
elseif (cc(2).eq.'acce') then 
if (accflg) call mprint (m(neq1),S,npoints,S,'G. Accl.') 
endif 
gO to 100 
c .... I/O format statements 
2000 formate' Invalid EQ command: ',a) 
2002 foraat(a,2i8) 
200S formate' ** Error ** ',a) 
SOOO format(/' The following commands are available in EQ mode:'1 
* ~(~x,a)/~(~x,a)/~(~x,a)/~(~x,a» 
SOOl format(/' set EQ Parameters: 'I 
* ~x,'SET DT x set the time increment to X 'I 
* ~x,'SET BETA x set the Newmark beta parameter to X 'I 
* ~X,'SET GAKKA x set the Newmark gamma parameter to X 'I 
* ~x,'SET KODES n set the number of analysis modes to N 'I 
* ~x,'SET FILE n Input the file name for EQ record N 'I 
* ~x,'SET cos n Input the diretion cosines for EQ record N 'I 
* ~x,'SET Show Current Values of EQ Parameters 'I 
* ) 
3002 format(/' Toggle ECHO Parameters: 'I 
* ~x,'ECHO ALL All print parameters 
* 5x,'ECHO NONE No print parameters 
• 5x. '"'ECHO 
_L _________ .l. .'1'_, _____ ~ 9'\ _____ .6. __ _ 
;:,nuw I.oU,,",,""'Ul. y.",u",~ U.I. l:.I.onv "CL.LCUU"'''''''.L'' 
* ) 
S003 format(/' Current Values of ECHO Parameters: 'I 
• 4x,'All ',112, , ECHO'I 
'I 
'I 
, I 
I 
• 4x,'Stress history will be printed ',112, , ECHO STRE'I 
· ) 
3004 format(/' Current Values of SET Parameters: 'I 
• 4x,'Analysis time increment 
• 4x,'Newmark Beta 
• 4x,'Newmark Gamma 
• 4x,'Number of modes used 
• 4x,'Duration of Analysis 
• 4x,'T(max) for acceleration records 
• 4x,'EQ Record No.1 File <Cosines> 
• 4x,'EQ Record No.2 File <Cosines> 
• 4x,'EQ Record No. S File <Cosines> 
· ) 
, , £12.4, ' DT ' / 
',f12.4,' BETA'I 
',f12.4,' GAKKA'I 
',i12 , KODES'I 
',f12.4,' DURA'I 
',f12.4,' TKAX'I 
, , a, ' <' , 3 flO. 3, ' >' I 
',a,'<',3f10.3,' >'1 
',a,'<',3f10.3,' >'1 
300~ formate' ** The requested option is not available') 
4000 format (! I 
* 30x,'*------------------------------------------------------*'1 
* SOx,'! EARTHQUAKE Kodule !'I 
* 30x,'! Kodal Analysis of structure with Earthquake Kotion !'I 
* 30x,'! !'I 
* SOx,'! Apollo Version: 17 AUGUST 1990 !'I 
* SOx,'*------------------------------------------------------*'11) 
4001 formate' *. No eigenvectors exist, modal analysis not possible ') 
4002 formate' ** No mass matrix exists, modal analysis not possible ') 
end 
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FILE: e<Linput.ftn 
c----------------------------------------------------------------EQDCOS 
8ubroutine eqdcos (rcos,norec,ifile) 
c *---------------------------------------------------------* 
C Read and normalize acceleration direction cosines 
C *---------------------------------------------------------* 
parameter (ncc=2,nrdat=5) 
implicit double precision (a-h,o-z) 
character*4 cc(ncc) 
logical errflg 
dimension rcos(S,S),rdat(nrdat) 
c ..•. Read direction cosines only if NOREC is in bounds 
if «norec.le.O).or.(norec.gt.S» then 
write(S,2000) norec 
return 
else 
if (ifile.eq.S) call wmocr(s,' Direction cosines> ') 
call parcr (cc,rdat,ncc,nrdat,ifile,errflg) 
SWll = 0.0 
do 10 i=l,S 
SWll = sum + rdat(i)*rdat(i) 
10 continue 
8W1l = dsqrt(sum) 
if (sum.eq.O.O) then 
write(6,2001) 
return 
endif 
do 20 i=l,S 
rcos(norec,i) = rdat(i)/sum 
20 continue 
endif 
return 
2000 formate' ** Error ** Acceleration file out of range: ',i5) 
2001 formate' ** Error ** Direction cosines have length zero') 
end 
c----------------------------------------------------------------EQFILE 
subroutine eqfile (rfile,norec,ifile,flg) 
C *---------------------------------------------* 
C Read, open, and close an input file 
C *---------------------------------------------* 
implicit double precision (a-h.o-z) 
character*40 rfile(S) 
logical fIg 
c ..•. Read file name only if NOREC is in bounds 
if «norec.le.O).or.(norec.gt.S» then 
write(6,2000) norec 
return 
else 
luni = 26 + norec 
if (ifile.eq.S) call wmocr(6,' File name> ') 
read(ifile,1000) rfile(norec) 
open(luni,file=rfile(norec),status='old',err=996) 
close(luni) 
!lg Ie • true. 
endif 
return 
c .... Error handling: Failure to open file, reset name to blank 
886 write(6,SOOO) rfile(norec) 
rfile (norec) 
return 
1000 format (a) 
2000 formate' ** 
5000 format (,. •• 
end 
Error 
Error 
•• Acceleration file out of range 
•• Failure to open file ;,a) 
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',i5) 
c-----------------------------------------------------------------EQACCL 
subroutine eqaccel (a,rfile,rcos) 
C *----------------------------------------------* 
C Read in the acceleration record values 
C *----------------------------------------------* 
iaplicit double precision (a-h,o-z) 
character*40 rfile(3) 
character*4 tfile 
logical flg(3),echo,echost 
diaension a(3,*),rcos(3,3),nn(3),npts(3) 
cosmon lacdata! dta(3),tmin,tmax,npoints 
co .. on leqecho! echo,echost 
c .... Open files for reading ground accelerations 
do 10 i~l,3 
flg(i) •. true. 
npts(i) ~ 0 
dta(i) ~ 1.0 
tfile = rfile(i) 
if(tfile.eq.' ') flg(i) = .false. 
10 continue 
c .... open files for reading acceleration input 
do 20 i=1,3 
luni = 26+i 
if(flg(i» open(luni,file=rfile(i),status='old',err=996) 
20 continue 
c .... Read in ground acceleration header 
do 50 i~1,3 
luni • 26+i 
if (flg(i» then 
read(luni,*,end=998,err=998) dta(i),nn(i) 
npts(i) ~ dint«tmax-tmin)!dta(i» + 1 
if (echo) write(6,2000) i,rfile(i),dta(i),nn(i) ,npts(i) 
do 30 j .1,npts(i),nn(i) 
nnmax • min(nn(i),npts(i)-j+l) 
read(luni,*,end=40,err=998) (a(i,j-1+k),k=l,nnmax) 
if (echo) write(6,2001) (a(i,j-1+k) ,k=l,nnmax) 
30 continue 
40 npts(i) = j - 1 
if (echo) write(8,2002) npts(i) 
endif 
50 continue 
c .... Compute the amount of storage needed for acceleration history 
npoints = 0 
do 60 i=l,S 
if (npoints.le.npts(i» npoints npts(i) 
60 continue 
go to 999 
c .... Error handling: Failure to open file 
996 write(6,3000) rfile(i) 
go to 999 
c .... Error Reading from file 
998 write(8,S002) rfile(i),j 
c .... Close all files before exiting 
999 do 70 i=l,S 
luni = 26+i 
if(flg(i» close (luni) 
70 continue 
return 
c .... I!O Formats 
1004 formate' Input base acceleration data read in successfully'!!!) 
2000 format(!I' Acceleration record ',i2,' from file ',a! 
* 5x,' File time increment ',f12.4! 
* 5x,' Points per record ',i12/ 
* 5x,' Total points (target) ',i12) 
2001 format(5x,10e15.4) 
2002 format(5x,' Total points (actual) ',i12) 
3W 
3000 foraate' ** Error ** Failure to open file ',a) 
3001 foraate' ** End of file encountered in file ',a) 
3002 foraat(' ** Error reading file ',a,' at record ',i5) 
end 
C--------------------------------------------------------------------AGT 
subroutine eqagt(t,a,accl) 
C *--------------------------------------------* C I Co.pute the acceleration at time t 
C I by interpolating A(t) --> ACCL(t) 
C *--------------------------------------------* 
i.plicit double precision (a-h,o-z) 
loeical echo,echost 
di.ension a(3,*),accl(3) 
co .. on lacdatal dta(3),tmin,tmax,npoints 
co .. on leqechol echo,echost 
c .... Interpolate to deteraine value of acceleration function at 't' 
do 20 j=l,3 
i - dint(t/dta(j» + 1 
if (i+l.gt.npoints) then 
accl(j) = O.do 
else 
tl - dta(j)*(i-l) 
fac = (t-tl)/dta(j) 
accl(j) - a(j,i) + fac*(a(j,i+l)-a(j,i» 
endif 
20 continue 
if (echo) write(6,2000) t,(accl(i),i=l,3) 
return 
2000 formate' Time: ',f12.3,5x,' Accel: ',3e15.5) 
end 
C------------------------------------------------------------------EQDAKP 
subroutine eqdamp (xi,nmodes,ifile) 
C *----------------------------------------------------------* C Input fraction of critical damping in NKODES modes 
C *----------------------------------------------------------* 
implicit double precision(a-h,o-z) 
paraaeter (ncc=2,nrdat=10) 
logical errflg,echo,echost 
character*4 cc(ncc) 
diaension xi(*) ,rdat(nrdat) 
co .. on /eQecho/ echo,echost 
c .... ~xit if the number of aodes is less than or equal to zero 
if (n.odes.le.O) then 
write C e ,2000) 
return 
end if 
call pzero(xi,nmodes) 
c .•.. Read in aodal damping values (interactive ifile=3, batch otherwise) 
if(ifile.eQ.S) then 
1 call wrnocr (6,' Kode,damping value (CR to quit) > ') 
call parcr (cc,rdat,ncc,nrdat,ifile,errflg) 
•• idint(rdat(l» 
if « •. ct.O).and. (m.le.nmodes» then 
xi Ca) • rdat (2) 
CO to 1 
enaii 
else 
do 10 i-l,nmodes,lO 
call parcr (cc,rdat,ncc,nrdat,ifile,errflg) 
do 10 j=1,lO 
if(i+j-l.le.nmodes) xi(i+j-l) = rdat(j) 
10 continue 
20 continue 
endif 
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c .... Echo damping values 
if (.not.echo) return 
write (8,2002) 
do SO i = l,nmodes 
write(8,2001) i,xi(i) 
so continue 
return 
2000 foraat(' ** Error ** Number of aodes less than one') 
2001 format(i10,f20.8) 
2002 formate/I' Damping ratios for specified aodes.'/ 
* Kode Damping Ratio') 
end 
FILE: e<Lcomp.ftn 
C--------------------------------------------------------------------EQKASS 
subroutine eqaass (a,evec,emm,id,jdiag,imas,dr,rcos, 
* neq,nmodes,ndf,numnp,ndm) 
C *---------------------------------------------------------------* 
C Determine the effective modal force coefficients for base 
C acceleration. (Restricted to 2d and Sd frame structures) 
C *---------------------------------------------------------------* 
implicit double precision (a-h,o-z) 
logical slvflg,echo,echost 
dimension a(*) ,evec(neq,*) ,emm(S,*),id(ndf,*) ,jdiag(*),rcos(S,S) 
dimension dr(*) 
common leqecho/ echo,echost 
c .... Compute r(j).K.phi(i) -> emm(j,i) 
do 50 j=l,S 
do 50 i=l,nmodes 
emm(j,i) -= 0.0 
c ...... Compute K.phi -> dr 
if (imas.eq.1) then 
do 10 k=l,neq 
dr(k) = a(k)*evec(k,i) 
10 continue 
elseif (imas.eq.2) then 
call pzero(dr,neq) 
call promul(a,evec(l,i),dr,jdiag,neq,l.dO) 
endif 
c ...... Compute r.dr -> emm (effective modal force coefficient) 
do 40 n = l,numnp 
do 80 Ii ~ 1,ndm 
an -= id(a,n) 
if (an.gt.O) then 
slvflg = .true. 
do 20 k=1,n-1 
do 20 1=1,a-1 
if (mn.eq.id(l,k» slvflg = .false. 
20 continue 
if (slvflg) emm(j,i) = emm(j,i) - dr(mn)*rcos(j,m) 
endif 
so continue 
40 continue 
50 continue 
c .... Print the effective modal force coefficient if requested 
if (echo) then 
call mprint(emm,S,nmodes,8,'Effective modal force coefficient') 
endif 
return 
end 
c---------------------------------------------------------------EQKODAL 
subroutine eqmodal(ag,d,v,a,emm,effk,p,evec,eval,x,dm,xi,dr, 
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* f,rcos,id,jdiag,neQ,ndm,ndf,ifile,imas,nsteps,nmodes) 
C *---------------------------------------------------------------* 
C Compute modal response history by Newmark integration 
C *---------------------------------------------------------------* 
implicit double precision (a-h,o-z) 
logical echo,echost 
dimension ag(3,*),d(nsteps,*),v(*),a(*),dr(*),evec(neQ,*),xi(*) 
dimension eval(*),p(*),dm(*),x(ndm,*) ,f(*),effk(*) ,emm(S,*) 
dimension id(ndf,*),jdiag(*),accl(S),rcos(s,S) 
co .. on leQdatal t,dt,dur,beta,gamma 
common leqechol echo,echost 
c .... Initialize integration constants 
cl c (0.5do - beta)*dt*dt 
c2 s (l.OdO - gaama)*dt 
cS s beta*dt*dt 
c4 s gamma*dt 
t s 0.0 
C .... Initialize displacement, velocity, and acceleration 
do 20 j • l,nmodes 
d(l,j) s 0.0 
v(j) = 0.0 
a(j) • 0.0 
20 continue 
c .... Fora effective stiffness 
do 30 j = l,nmodes 
effk(j) • 1.dO + (2.dO*C4*xi(j) + cS*eval(j»*eval(j) 
30 continue 
c .... Loop over NSTEPS time steps 
do 60 i = l,nsteps-l 
t = t + dt 
call eQagt(t,a~,accl) 
c .... Compute the modal state by Newmark integration 
do 50 j s l,nmodes 
dhat = d(i.j) + dt*v(j) + cl*a(j) 
vhat = v(j) + c2*a(j) 
P(j) = - (2.do*xi(j)*vhat + eval(j)*dhat)*eval(j) 
p(j) p(j) + dot(accl,emm(l.j) ,3) 
a(j) = p(j)/effk(j) 
v(j) vhat + c4*a(j) 
d(i+l,j) = dhat + cs*a(j) 
50 continue 
c .... write displacements, velocities, and accelerations 
if (echo) then 
write(6,2000) 'disp " (d(i+l,j),j=l,nmodes) 
write(6,2000) 'velo " (v(j),j=l,nmodes) 
write(6,2000) 'acce " (a(j),j=l,nmodes) 
endif 
eo continue 
return 
2000 foraat(a,5e15.5) 
end 
FILE: e~output.ftn 
c---------------------------------------------------------------EQFFILE 
subroutine eqffile (ifile,flg) 
C *-----------------------------------------------* 
C Read, open, and close an output file 
C *-----------------------------------------------~ implicit double precision (a-h,o-z) 
character*40 ofile 
logical fIg 
luno = 24 
if (ifile.eq.3) call wrnocr(6,' File name> ') 
read(ifile,lOOO) ofile 
open(luno,file=ofile,status='unknown',err=996) 
flg = .true. 
return 
c .... Error handling: Failure to open file, reset name to blank 
996 write(6,3000) ofile 
flg = . false. 
return 
1000 format(a) 
3000 formate' ** Error ** Failure to open file ',a) 
end 
C---------------------------------------------------------------EQFORC 
subroutine eqforc(dm,evec,eval,dr,x,id,jdiag,d,f,rdat, 
* nsteps,imas,nf,ndm,ndf,neq,luno) 
C *---------------------------------------------------------------* 
C Compute base shear and overturning moment from response 
C (Restricted to three dimensional framed structures) 
C *---------------------------------------------------------------* 
implicit double precision (a-h,o-z) 
logical echo,echost 
dimension dm(*),evec(neq,*) ,eval(*) ,dr(*) ,x(ndm,*) ,id(ndf,*) 
dimension jdiag(*),d(nsteps,*),f(*),rdat(*) 
dimension om(3),bs(3),ff(S),fm(S),xx(3),fmax(6),tmax(6) 
common /cdata/ 00,dumm(20),numnp,numel,nummat,nen,nneq,ipr 
common /eqdata/ time,dt,dur,beta,gamma 
common /eqecho/ echo,echost 
c .... Establish the degree of freedom to ouput 
ts = rdat(l) 
te = rdat(2) 
inc = idint(rdat(3» 
if (inc.le.O) inc = 1 
if (te.eq.O.O) te = dur 
if (te.le.ts) return 
c .... Set time values for output 
wri te (luno, 2000) 
nstart = idnint(ts/dt) + 1 
nand = idnint(te/dt) + 1 
if (nstart.le.O) nstart = 1 
if (nand.gt.nsteps) nend = nsteps 
c .... Loop over specified records 
do 80 m = nstart,nend,inc 
time K (m-l)*dt 
call pzero(dr,neq) 
do 20 j = l,nf 
fac = eval(j)*eval(j)*d(m,j) 
do 10 i = l,neq 
dr(i) = dr(i) + fac*evec(i,j) 
10 continue 
20 continue 
c .... compute K.a -> f 
if (imas.eq.l) then 
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do 30 i=l", neq 
f(i) = dm(i)*dr(i) 
SO continue 
elseif (imas.eq.2) then 
call pzero(f,neq) 
call promul(dm,dr,f,jdiag,neq.l.dO) 
endif 
c .... Compute base shears and overturning moments 
call pzero(bs,S) 
call pzero(om,S) 
do 80 n=l.numnp 
do 40 jzl,3 
ff(j) = 0.0 
fm(j) c 0.0 
nj ,., id(j ,n) 
Ilj z id(j+3,n) 
if (nj.gt.O) ff(j) z f(nj) 
if (llj.gt.O) fm(j) z f(mj) 
xx (j) = x (j • n) 
40 continue 
do 50 iz1.3 
bs(i) • bs(i) + ff(i) 
50 continue 
om(l) z om(l) + fm(l) + ff(3)*:o:(2) - ff(2)*xx(S) 
om(2) = om(2) + fm(2) + ff(1)*:o:(3) - ff(3)*xx(1) 
om(3) = om(3) + fm(3) + ff(2)*xx(1) - ff(1)*xx(2) 
eo continue 
c .... write the current value of base shear and o.t. moment 
write (luno,2001) time. (bs(i),i=1.3), (om(i).i=1.3) 
c .... Find the maximum values and times of occurence 
do 70 i=1,3 
if (dabs(om(i».gt.dabs(fmax(i+3») then 
fmax(i+S) = om(i) 
tmax(i+S) = time 
endif 
if (dabs(bs(i».gt.dabs(fmax(i») then 
fmax(i) = bs (i) 
tmax(i) = time 
endif 
70 continue 
80 continue 
c .... write the maximum value of base shear and o.t. moment 
write(luno,2002) (fmax(i).i=1.8),(tmax(i).i=1.6) 
return 
2000 formate' Time 
* 2001 format(f10.4,6e12.4) 
Vx 
Kx 
Vy 
Illy 
2002 format(/' Fmax: ',8e12.4/' T(Umax): '.6f12.3/) 
end 
Vz' • 
IIIz' ) 
C---------------------------------------------------------------EQDISP 
subroutine eqdisp (d,ev.id,rdat,nf.nsteps.neq,ndf,luno) 
C *---------------------------------------------------------------* C Compute and write the displacement history of a DOF 
C *---------------------------------------------------------------* 
implicit double precision (a-h.o-z) 
dimension d(nsteps.*),ev(neq,*).id(ndf.*),rdat(*),u(6) 
dimension umax(6),tmax(6) 
common /cdata/ 00,dumm(20).numnp.numel.nummat.nen.nneq,ipr 
common /eqdata/ time,dt.dur,beta,gamma 
c .... Establish the degree of freedom to ouput 
node = idint(rdat(l» 
ts z rdat(2) 
te = rdat(3) 
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inc ~ idint(rdat(4» 
if (inc.le.O) inc ~ 1 
if «node.le.O).or. (node.gt.numnp» return 
if (te.eq.O.O) te = dur 
if (te.le.ts) return 
c .... set tille values for output 
write (luno, 2000) 
nstart = idnint(ts/dt) + 1 
nend ~ idnint(te/dt) + 1 
if (nstart.le.O) nstart = 1 
if (nend.gt.nsteps) nend = nsteps 
c .... Loop over specified records 
call pzero(umax,6) 
call pzero(tmax,6) 
do 40 II .. nstart,nend,inc 
tille lC (a-l)*dt 
call pzero(u,6) 
do 20 j = l,nf 
do 10 i-=l,ndf 
ii ~ id(i,node) 
if (ii.gt.o) u(i) = u(i) + ev(ii,j)*d(m,j) 
10 continue 
20 continue 
write (luno, 2001) time, (u(i) ,i=l,ndf) 
do 30 i=l,6 
if (dabs(u(i».gt.dabs(umax(i») then 
umax ( i ) u ( i ) 
tmax(i) = time 
endif 
so continue 
40 continue 
c .... write out lIaxima 
write (luno,2002) (umax(i),i=1,6),(tmax(i),i=1,6) 
return 
2000 format (I' Time 
* 2001 format(fl0.4,6e12.4) 
Ux 
Rx 
Uy 
Ry 
2002 format(/' Umax: ',6e12.4/' T(Umax): ',6f12.3/) 
end 
Uz' , 
Rz') 
c---------------------------------------------------------------EQSTRS 
lubroutine eqstrs (d,ev,rdat,nf,nsteps,neq,ul,xl,tl,p,s,hv,nhv, 
* u,dd,x,t,f,ie,id,ix,ndf,ndm,nst,luno) 
C *--------------------------------------------------------* C Co.pute and write the stress history of an element 
C *--------------------------------------------------------* 
i.plicit double precision (a-h,o-z) 
paraaeter (nmat=25,maxf=12) 
loCical echo,echost 
character-3 cap(2) 
dl .. nlion ul(ndf,*),xl(ndm,*),tl(*),s(nst,*) ,pee) 
Cl .. nlion u(*),dd(nmat,*),x(ndm,*),t(*),f(ndf,*) ,hv(*) 
d~ .. nlion ie(ndf+l,*) ,id(ndf,*) ,ix(nen+l,*) ,nhv(*) 
dl .. nllon d(nsteps,*),ev(neq,*),rdat(-) 
Icdata/ 
leqdata/ 
leldata/ 
lelllax/ 
leqecho/ 
leqout/ 
oo,dumm(20) ,numnp,numel,nummat,nen,nneq,ipr 
time,dt,dur,beta,gamma 
dm,nn,ma,mct,iel,nel 
tmax(maxf,2),fmax(maxf,maxf,2) 
echo,echost 
nfpe 
data cap/'Kax','Kin'/ 
c .... Eatablish the degree of freedom to ouput 
ntpe • .axf 
n • idint(rdat(l» 
ts Ie rdat(2) 
te rdat (3) 
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inc = idint(rdat(4» 
if (inc.le.o) inc = 1 
if «n.le.o).or.(n.gt.numel» return 
if (te.eq.O.O) te = dur 
if (te.le.ts) return 
c .•.. set tiae values for output 
write (luno, 2000) n 
nstart = idnint(ts/dt) + 1 
nend E idnint(te/dt) + 1 
if (nstart.le.O) nstart = 1 
if (nend.it.nsteps) nend = nsteps 
call pzero(taax,aaxf*2) 
call pzero(faax,aaxf*aaxf*2) 
c .... Loop over specified records 
do SO a E nstart,nend,inc 
tiae E (a-1)*dt 
call eqestrs (n,a,d,ev,nf,nsteps,ul,xl,tl,p,s,hv,nhv,u,dd,x, 
* t,f,ie,id,ix,ndf,ndm,nst) 
if (nfpe.et.aaxf) write(8,4000) 
do 20 i z 1,nfpe 
indx E 0 
if (p(i) .gt.fmax(i,i,1» indx=1 
if (p(i).lt.fmax(i,i,2» indx=2 
if (indx.ne.O) then 
do 10 j=1,nfpe 
fmax(i,j,indx) = P(j) 
10 continue 
tmax(i,indx) = time 
endif 
20 continue 
SO continue 
c .... write out maximum forces and times 
do 50 indx=1,2 
write (luno,2002) cap (indx) 
do 40 i=1,nfpe 
write(luno,2001) tmax(i,indx), (fmax(i,j,indx),j=1,nfpe) 
40 continue 
50 continue 
return 
2000 format(/' Element forces for element ',i5) 
2001 format(f10.4.12elS.4) 
2002 format(/1x,aS,'imum element forces and times') 
4000 format('** Warning, output request too large') 
end 
c---------------------------------------------------------------EQESTRS 
subroutine eqestrs (n,a,d,ev,nf,nsteps,ul,xl,tl,p,s,hv,nhv, 
* u,dd,x,t,f,ie,id,ix,ndf,ndm,nst) 
C *------------------------------------------------------------------* 
C Localize element displacements from eigenvectors for element N 
C and call ELEMENT routine. (Zero boundary movements only). 
C *------------------------------------------------------------------* 
iap1icit double precision (a-h,o-z) 
parameter (nmat=25) 
lo~ica1 echo,echost 
cosmon /cdata/ o,head(20),numnp,numel,nummat,nen,neq,ipr 
cosmon /eldata/ dm,nn,ma,mct,iel,nel 
cosmon /eqecho/ echo,echost 
dimension d(nsteps,*),ev(neq,*) 
dimension ul(ndf,*),xl(ndm,*),tl(*),s(nst,*),p(*) 
dimension u(*),dd(nmat,*),x(ndm,*),t(*),f(ndf,*) ,hv(*) 
dimension ie(ndf+1.*),id(ndf.*),ix(nen+1,*),nhv(*) 
c .... set up local arrays for element N 
nn =n 
aa = ix(nen+1.n) 
iel = ie(ndf+1,ma) 
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call pzero(ul,ndf*nen) 
call pzero(tl,nen) 
c .... Loop over nodes in the element 
do 40 ii = l,nen 
node = ix (ii, n) 
if(node.eq.O) go to 40 
nel = ii 
c .... Localize coordinates 
do 10 j = l,ndm 
xl(j,ii) .. x(j,node) 
10 continue 
c .•.. Localize displacements 
do so j = l,nf 
do 20 izl,ndf 
idof = id{i,node) 
if (idof.gt.O) ul(i,ii) z ul(i,ii) + ev(idof,j)*d(m,j) 
20 continue 
so continue 
40 continue 
c .... call element to compute element stresses 
call pzero (p,nst) 
if (echost) then 
isw lS 
else 
isw = 14 
endif 
call elmlib(dd(l,ma),ul,xl,ix(l,n),tl,s,p,hv(nhv(n». 
* ndf,ndm,nst,isw) 
return 
end 
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